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Responsibility  for  Design  of  Steel  Structures 


by 

David  B.  Ratterman 1 


(This  paper  was  received  just  prior  to  publi¬ 
cation  and  is  included  as  Appendix  E.) 


1  Goldberg  &  Simpson. 
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High-Strength  Bolted  Connections  Clarifying  Issues 


by 

Ray  Decker.  PE 1 


Abstract 

The  purpose  of  this  report  is  to  share  with  Corps  designers  supplemental  guid¬ 
ance  for  the  design,  detailing,  and  installation  of  high-strength  bolted  connections 
( HSBC)  and  to  help  clarify  confusion  that  has  been  caused,  in  part,  by  significant 
changes  in  terminology,  design  philosophies,  and  installation  recommendations 
contained  in  the  Research  Council  on  Structural  Connections  (RCSC)  Specification 
for  Structural  Joints  Using  ASTM  A325  or  A490  Bolts  (American  Institute  of  Steel 
Construction  1 988).  In  addition,  confusion  has  resulted  from  the  American  Institute 
of  Steel  Construction  (AISC)  having  two  different  manuals  of  steel  construction. 
One  manual  uses  the  Allowable  Stress  Design  (ASD)  method  (AISC  1989),  and  the 
other  uses  the  Load  and  Resistance  Factor  Design  (LRFD)  method  (AISC  1986). 
This  report  will  begin  with  a  brief  history  of  HSBC.  The  current  criteria  for  bolts 
loaded  in  shear,  tension,  and  in  combinations  will  be  reviewed  and  some  of  the 
design,  detailing,  and  installation  requirements  for  slip-critical  (S-C)  and  bear¬ 
ing/shear  (B/S)  joints  will  be  given.  Some  special  conditions  of  HSBC  joints  will  be 
given.  Finally,  recommendations  concerning  the  selection  of  joint  type  and  for 
high-strength  bolting  in  general  will  be  given.  The  recommendations  will  include 
identifying  when  S-C  joints  should  be  used  and  will  givt  die  benefits  of  using 
snug- tight  B/S  connections. 


History  of  HSBC 

Rivets  were  the  principal  fasteners  used  in 
the  early  days  of  structural  steel  construction. 
It  was  known  that  the  cooling  of  hot-driven 
rivets  produced  a  clamping  force.  In  1934 
Batho  and  Bateman  were  the  first  to  suggest 
that  high-strength  bolts  could  be  tightened 
enough  to  also  provide  a  clamping  fo.  '  that 
would  prevent  slip  in  the  joints  (Kulak.  Fisher, 
and  Struik  1987).  Little  was  done  with  HSBC, 
however,  until  1947  when  the  Research  Coun¬ 
cil  on  Riveted  and  Bolted  Joints  (RCRBSJ) 
was  formed.  The  first  RCRBSJ  report,  ap¬ 
proved  in  1951,  permitted  a  like  number  of 


prestressed  American  Society  for  Testing  and 
Materials  (ASTM)  A325  bolts  in  lieu  of  hot 
driven  ASTM  A 141  rivets.  This  type  of  pre¬ 
stressed  joint  where  member  forces  are  re¬ 
sisted  by  the  friction  between  the  faying 
surfaces  was  termed  a  “friction”  connection. 

It  became  very  popular.  The  method  used  to 
determine  tension  in  friction  bolted  connec¬ 
tions  was  a  torque-to-tensior.  relationship  that 
was  given  in  a  table  in  the  1951  specifications 
termed  the  “calibrated  wrench.”  The  table  was 
quickly  withdrawn  in  1954  because  the  torque- 
to-tension  ratio  had  been  found  to  vary'  by  as 
much  as  40  percent.  This  method  was  entirely 
deleted  in  1980  because  of  the  complexity  of 
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calibration  and  inadequate  inspection  proce¬ 
dures.  Also  in  the  1954  specification,  it  was 
recognized  that  resistance  to  slippage  is  neces¬ 
sary  only  in  special  conditions  -  thus  the  use 
of  “bearing”  connections  was  introduced.  In 
the  1964  specification,  the  higher  strength  but 
less  ductile  ASTM  A490  bolts  were  intro¬ 
duced  to  recognize  the  need  for  connecting 
high-strength  steel  without  resorting  to  very 
large  connections. 

Recent  HSBC  Criteria 

Effective  with  the  1985  RCSC  specifica¬ 
tion,  “friction”  and  “bearing”  connections 
were  changed  to  S-C  and  B/S  connections. 
This  was  done  in  an  effort  to  focus  attention 
upon  the  real  manner  of  performance  of  HSBC 
loaded  in  shear.  The  first  RCSC  specification 
that  utilized  a  strength  design  approach, 
termed  LRFD,  was  published  by  AISC  (1986) 
in  the  LRFD  manual.  The  1 986  RCSC  spec 
utilized  the  1985  RCSC  (ASD)  spec  -  changing 
only  the  design  portion  of  the  specification. 
The  LRFD  design  for  slip  resistance  is  the 
same  as  the  ASD,  however,  significant  changes 
were  made  to  the  requirements  for  the  design  of 
B/S  connections.  The  current  1988  RCSC 
LRFD  spec  has  been  adopted  by  AISC. 

HSBC  Design 
Design  philosophy 

The  philosophy  of  design  for  HSBC  is  to 
begin  with  checking  the  joint  strength  in 
shear  and  bearing.  Then,  for  S-C  connec¬ 
tions,  the  resistance  to  slip  is  checked.  This 
is  true  for  both  the  ASD  and  LRFD  methods. 
The  reason  for  this  procedure  is  that  high 
clamping  forces  with  high  coefficients  of  fric¬ 
tion  might  create  slip  resistance  that  exceeds 
the  shear  strengths  of  the  fasteners  or  bearing 
strength  of  the  connected  material.  This  is 
conservative,  mathematically  the  slip  resis¬ 
tance  may  exceed  the  shear  or  bearing  capac¬ 
ity,  but  in  reality  the  fasteners  would  not  be 
subject  to  shear  and  bearing  prior  to  slip,  and 
the  combined  effect  of  frictional  resistance 
with  shear  and  bearing  is  not  considered. 


Comparing  S-C  &  B/S  LRFD  joints 

Generally,  faying  surface  conditions  for 
S-C  are  classified  as  Class  A  and  Class  B. 
These  classes  are  defined  in  the  RCSC.  Gen¬ 
erally,  when  an  S-C  Class  A  coating  is  used, 
slip  controls  the  number  of  bolts  needed  in  a 
connection,  and,  if  an  S-C  Class  B  coating  is 
used,  shear  and  bearing  controls. 

Connections  Subject  to  Shear 
S-C  connections 

General.  The  S-C  name  accurately  reflects 
that  this  type  of  joint  is  used  only  when  resis¬ 
tance  to  slip  is  critical.  To  prevent  slippage, 
S-C  bolts  are  tensioned  to  70  percent  of  the 
strength  of  the  bolt  providing  a  clamping 
force  to  the  joined  elements.  Slippage  is  re¬ 
sisted  by  friction  on  the  faying  surfaces  of  the 
elements,  the  amount  depending  on  the  bolt 
tension  force  and  the  coefficient  of  friction  of 
the  surfaces. 

Behavior.  The  load-elongation  curve  of 
an  S-C  joint  is  shown  in  Figure  1 . 


APPLIED 

LOAD 


Figure  1 .  S-C  connection  behavior 

This  curve  is  divided  into  four  segments 
corresponding  to  the  four  stages  of  loading. 

In  stage  one,  friction  prevents  slip  so  the  bolts 
are  not  subjected  to  shear  nor  the  connected 
material  to  nearing.  In  stage  two,  the  applied 
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force  overcomes  the  developed  friction  and 
the  bolts  make  contact  with  the  plate  surfaces. 
Stage  three  represents  elastic  deformation  of 
the  fasteners  and  the  plates.  In  stage  four,  a 
B/S-type  failure  occurs  either  by  plate  frac¬ 
ture  or  shearing  of  the  fasteners.  At  failure 
the  bolt  preload  has  been  released  by  shear  de¬ 
formation  and  plate  yielding;  thus  the  initial 
preload  has  no  significant  effect  on  the  final 
failure  load.  Although  S-C  joints  have  consid¬ 
erable  strength  beyond  the  slippage  stage 
(stage  two),  that  stage  should  be  considered 
failure  for  connections  that  cannot  tolerate 
slippage. 

B/S  connections 

General.  B/S  connections  rely  on  bearing 
of  the  bolt  shank  on  the  surfaces  of  the  con¬ 
nected  elements.  B/S  connections  should  be 
used  when  slip  resistance  is  not  a  perfor¬ 
mance  consideration.  B/S  connections  may 
be  tightened  “snug-tight”  but  can  be  “fully 
pretensioned”  if  desired  by  the  designer. 

Fully  pretensioned  B/S  connections  are  not  re¬ 
quired  to  meet  the  faying  surface  conditions 
of  S-C  connections  nor  are  they  required  to  be 
tested. 

Behavior.  Figure  2  shows  a  typical  load- 
deformation  diagram  for  a  snug-tight  B/S 
connection. 


the  lower  tension  force,  slip  will  occur  much 
earlier  in  the  B/S  connection.  This  is  not  det¬ 
rimental  since  slip  can  be  tolerated. 

Connections  Subjected 
to  Direct  Tension 

General 

High-strength  bolts  loaded  in  direct  tension 
must  be  pretensioned.  The  direct  tension  may 
be  a  static  or  a  repeated  loading.  The  bolts 
may  also  be  subjected  to  shear,  in  which  case 
the  combined  effects  must  be  considered. 
Under  certain  conditions,  the  tension  loading 
may  cause  prying  action.  If  so,  the  prying  ac¬ 
tion  must  be  considered  during  design. 

Behavior 

Full  pretensioning  of  a  bolt  results  in  an 
axial  force  or  preload  in  the  bolt.  This  load 
exists  before  the  application  of  external  load 
so  that  the  bolt  is  considered  prestressed.  Pre¬ 
stressing  creates  contact  pressures  between 
the  plates  being  joined.  When  external  ten¬ 
sion  loads  are  applied,  this  contact  pressure  is 
decreased,  however,  very  little  increase  in 
bolt  tension  occurs  until  the  external  load  ex¬ 
ceeds  the  internal  pretension  load.  This  pro¬ 
cess  is  illustrated  in  Figure  3.  Above  the 
pretension  load  level  the  load  in  the  bolt 
equals  the  external  load. 

Connections  Subjected 
to  Combined  Effects 

Direct  tension  and  shear 

In  B/S  type  connections,  the  strength  limits 
of  fasteners  subjected  to  shear  and  tension  are 
determined  by  equations  which  give  elliptical 
interaction  curves.  The  equations  are  in 
terms  of  the  shear  stress  and  are  solved  for 
the  tension  strength  limit. 


Figure  2.  B/S  connection  behavior  Direct  tension  and  prying  action 

The  B/S  curve  is  divided  into  the  same  four  In  a  great  many  direct  tension  connections 

loading  stages  as  the  S-C  curve,  however,  with  prying  action  occurs  when  the  contact  sur- 
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Figure  3.  Direct  tension  connection  behavior 


faces  begin  to  separate.  A  connection  where 
prying  action  may  occur  is  shown  in  Figure  4. 

When  an  external  tensile  load  applied  par¬ 
allel  to  the  stub  tee  web  reduces  the  contact 
pressure  between  the  stub  tee  flange  and  the 
beam  flange  in  an  unsymmetrical  way,  prying 
action  may  be  developed.  The 
AISC  manuals’  provisions  increase  the  axial 
force  in  the  bolts  with  prying  action  but  do 
not  account  for  the  distortion  of  the  connected 
parts  which  causes  bending  in  the  bolt  and  in 


the  bolt  head  and  nut.  This  bending  can  be 
appreciable  even  if  the  bolt  force  is  not  in¬ 
creased  appreciably.  For  this  reason,  using 
high  strength  bolts  to  resist  external  tension 
should  be  avoided  whenever  possible. 

Direct  tension  and  repeated 
loading  (fatigue) 

This  combination  of  loadings  where  bolts 
loaded  in  tension  are  subject  to  fatigue  should 
be  avoided.  The  undesirability  of  this  load 
combination  is  reflected  in  ten¬ 
sion  strength  reductions  of  50  to 
65  percent  in  the  1988  RCSC 
provisions. 

Special  Conditions 
Filler  plate  dilemma 

The  criteria  concerning  filler 
plates  can  be  interpreted  as  in¬ 
compatible  with  the  current  de¬ 
sign  philosophy  for  HSBC.  The 
current  RCSC  specifications  state 
that  “The  design  of  HSBC  under 
this  specification  begins  with  con¬ 
sideration  of  strength  required  to 
prevent  premature  failure  by 
shear  of  the  connectors  or  bearing 


Figure  4.  Prying  action  on  fasteners 
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RCSC  Selection 

Selection  of  joint  type 

S-C  joints  should  be  used  only  when  resis¬ 
tance  to  slip  is  deemed  by  the  designer  to  be 
critical  to  the  serviceability  of  the  structure. 


failure  of  the  connected  material.  Next,  for 
connections  which  are  defined  as  S-C,  resis¬ 
tance  to  slip  load  is  checked.”  Current  design 
philosophy  is  to  check  connections  as  B/S, 
since  this  is  the  final  mode  of  failure,  even  in 
S-C  connections.  The  possible  incompatibil¬ 
ity  arises  when  the  AISC  specifications  state 
that  “When  bolts  or  rivets  carrying  loads  that 
pass  through  fillers  thicker  than  1/4  in.,  ex¬ 
cept  in  connections  designed  as  S-C,  the  fill¬ 
ers  shall  be  extended  beyond  the  splice 
material  and  the  filler  extension  shall  be  se¬ 
cured  by  enough  bolts  or  rivets  to  distribute 
the  total  stress  in  the  member  and  the  filler,  or 
an  equivalent  number  of  fasteners  shall  be  in¬ 
cluded  in  the  connection.”  This  criteria  could 
be  interpreted  to  mean  that  if  shear  connec¬ 
tions  with  fillers  are  designed  as  S-C  connec¬ 
tions,  development  of  the  plate  is  not 
required.  The  criteria  should  be  interpreted  to 
mean  that  all  shear  connections  must  be  de¬ 
signed  as  B/S,  and  slip  resistance  must  be 
checked  if  it  is  a  requirement.  If  effect,  there 
is  no  exception  for  connections  with  fillers. 

Bolts  in  combination  with  welds 

Welds  will  not  share  loads  equally  with 
bolts  in  B/S  connections.  To  achieve  bearing 
of  the  bolt  against  the  material  being  joined 
or  shear  in  the  bolt,  the  material  being  joined 
must  slip.  Slip  cannot  occur  until  the  weld 
fails.  S-C  bolted  connections  may  be  used  in 
combination  with  welds.  Weld  shear  deforma¬ 
tion  capacity  and  the  observed  values  of  slip 
in  bolted  joints  are  about  the  same.  Weld  shear 
failure  can  be  expected  to  occur  at  the  same 
time  the  bolts  slip  into  bearing.  If  the  connec¬ 
tion  was  designed  to  be  slip  resistant,  then  this 
would  constitute  failure.  The  1986  RCSC 
LRFD  specifications  did  not  provide  a  method 
of  combining  bolts  and  welds.  S-C  connections 
were  designed  for  serviceability  while  the 
welds  were  designed  for  ultimate  strength.  The 
1988  RCSC  LRFD  specification  allows  design¬ 
ers  to  design  S-C  connections  in  combination 
with  welds  if  the  design  for  slip  resistance  is 
done  using  factored  loads.  The  designer  must 
be  aware  of  the  fact  that  if  bolts  and  welds  are 
used  in  combination,  they  should  be  designed 
using  the  same  factor  of  safety. 


Applications  where  S-C  connections  may 

be  desirable  are: 

*  Joints  subject  to  fatigue.  In  most  ap¬ 
plications,  wind  resisting  connections 
are  not  subject  to  the  number  of  high- 
stress  cycles  that  would  cause  fatigue. 
On  the  other  hand,  fatigue  needs  to  be 
considered  for  highway  bridges. 

*  Joints  where  welds  and  bolts  share 
load. 

*  Joints  where  slip  causes  intolerable 
misalignments. 

*  Joints  with  oversize  and  slotted 
holes.  AH  connections  with  oversize 
holes  and  slotted  hole  loaded  parallel  to 
the  slot  axis  must  be  designed  as  S-C. 

The  use  of  the  B/S  connections,  when¬ 
ever  possible,  is  highly  encouraged.  Po¬ 
tential  benefits  over  S-C  connections  are: 

*  Fewer  fasteners  generally  are  re¬ 
quired. 

*  Less  installation  labor  and  equip¬ 
ment  are  required. 

*  Only  visual  inspection  is  needed. 

*  Inspection  can  occur  after  installation. 

*  Retightening  of  bolts  is  much  less 
likely.  This  can  result  in  a  shorter  in¬ 
stallation  period. 

*  There  are  cases  where  connection 
slip  is  desirable.  Beam  to  column 
joints  of  nonmoment  resisting  frames 
are  an  example. 

*  There  are  cases  where  minor  slip¬ 
page  does  no  harm.  The  serviceabil¬ 
ity  of  the  structure  is  not  affected. 

With  standard  holes  the  probable  slip 
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is  much  less  than  1/16  in.  which  is  highly 
tolerable  for  most  structural  systems. 

Identification  Required 
on  Contract  Drawings 

Bolts  in  S-C  joints  or  bolts  subject  to  axial 
tension  should  be  clearly  identified  on  the 
contract  drawings.  B/S  connections  which 
are  to  be  fully  tensioned  should  also  be 
clearly  identified  on  the  drawings.  It  should 
be  noted  that  AISC  does  not  have  a  standard 
method  for  identifying  S-C  joints  with  the 
threads  excluded  from  the  shear  plane.  The 
designer  must  identify  this  type  of  connection 
by  providing  notes  that  clearly  identify  the 
connection  type. 

HSBC  Installation 
installation  of  B/S  connections 

The  two  types  of  B/S  connections  are  snug- 
tightened  and  pretensioned.  The  following  is 
a  discussion  of  each. 

•  Snug-tight.  Bolts  in  all  HSBC  joints 
must  be  brought  to  the  snug-tight  condi¬ 
tion.  For  B/S  connections,  snug-tight  can 
be  the  final  installation  requirement. 

This  condition  is  defined  as  the  tightness 
that  exists  when  all  plies  in  a  joint  are  in 
firm  contact.  This  may  be  attained  by  a 
few  impacts  of  an  impact  wrench  or  a 
man’s  full  effort  using  a  spud  wrench. 

The  snug-tight  condition  is  obtained  by 
installing  bolts  in  all  holes  and  bringing 
them  to  a  snug  condition  before  preten¬ 
sioning  is  applied.  Snug-tightening  shall 
progress  systematically  from  the  most 
rigid  part  of  the  connection  to  the  free 
edges.  Retightening  shall  follow  the 
same  sequence  until  all  bolts  are  simulta¬ 
neously  snug-tight. 

•  Pretensioned.  If  the  designer  so  desig¬ 
nates,  B/S  joints  may  be  fully  preten¬ 
sioned.  When  pretensioning  is 
designated,  bolts  will  be  installed  in  ac¬ 
cordance  with  the  RCSC  specifications 
requirements  for  S-C  connections  as  fol¬ 


lows.  However,  the  requirements  for  in¬ 
spection  of  faying  surface  conditions  and 
testing  to  determine  the  actual  level  of 
pretension  is  not  required. 

Installation  of  S-C  and 
direct  tension  connections 

S-C  connections  and  connections  subjected 
to  direct  tension  must  be  tightened  to  70  per¬ 
cent  of  their  minimum  required  tensile  strength. 
A  table  of  the  tension  force  required  for  various 
bolt  sizes  and  grades  is  available  in  the  RCSC 
specifications.  The  requirements  for  faying 
surface  conditions  for  S-C  connections  is  not 
required  for  direct  tension  connections,  but  di¬ 
rect  tension  connections  are  required  to  be  in¬ 
spection  tested  to  verify  pretension. 

There  are  three  common  methods  of  bolt 
installation.  All  three  methods  require  field 
calibration  to  verify  bolt  pretension.  The  cali¬ 
bration  is  done  using  a  direct  bolt  tension  mea¬ 
suring  device  such  as  the  Skidmore-Wilhelm 
Torque-Tension  Tester.  Demonstration  tests, 
as  outlined  in  the  RCSC  specifications,  must 
be  performed  to  verify  that  the  tensioning  pro¬ 
cedure  provides  at  least  105  percent  of  the  re¬ 
quired  tension  force.  In  all  methods,  the 
same  procedure  shall  be  used  to  bring  connec¬ 
tions  to  the  snug-tight  position.  The  three 
methods  are: 

•  Calibrated  wrench  method.  Calibrated 
wrench  was  reinstated  as  a  pretensioning 
method  in  the  1985  RCSC  specification. 
However,  more  detailed  requirements 
were  included  than  when  this  method  was 
previously  used.  A  wrench  is  calibrated, 
on  a  daily  basis,  to  provide  the  torque 
necessary  for  a  tension  in  the  bolt  equal 
to  105  percent  of  the  required  tension  be¬ 
fore  it  stalls.  The  wrench  must  be  recali¬ 
brated  when  significant  difference  is  noted 
in  the  surface  conditions  of  the  bolts 
threads,  nuts,  or  washers.  This  method 
is  highly  sensitive  to  the  surface  condi¬ 
tion  of  the  turned  part  and  of  the  gripped 
material,  hence  a  hardened  washer  must 
be  placed  under  the  element  turned  in 
tightening.  Even  with  the  provision  of 
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washers,  the  tension  has  been  found  to  be 
quite  variable  for  the  same  torque.  For 
this  reason,  the  RCSC  does  not  recognize 
standard  torque-to-tension  tables. 

Turn-of-nut  method.  In  this  method  we 
begin  at  the  snug-tight  position  and  turn 
the  nut  a  predetermined  number  of  turns 
to  achieve  the  required  tension.  When  the 
tum-of-nut  method  is  used,  the  demon¬ 
stration  testing  must  show  that  the  method 
of  estimating  the  snug-tight  condition  and 
the  turns  required  from  snug-tight  develop 
a  tension  in  the  bolt  of  105  percent  of  the 
required  tension.  There  are  two  main  prob¬ 
lems  with  this  method.  First,  snug-tighten- 
ing  is  not  precisely  defined  and  can 
produce  a  highly  variable  initial  clamp¬ 
ing  force  depending  on  surface  condition 
and  method  of  nut  turning.  In  fact,  small- 
diameter  bolts  (1/2  and  5/8  in.)  can  be 
overstressed  by  tightening  to  the  snug- 
tight  position.  A  different  installation 
procedure,  such  as  using  a  small  torque 
wrench,  could  be  used  to  avoid  bolt  dam¬ 
age.  The  second  problem  with  the  tum- 
of-nut  method  is  that  the  number  of  turns 
is  a  function  of  many  variables  such  as 
accuracy  of  snug-tightening,  bolt  grade, 
and  bolt  length.  Although  this  method 
cannot  be  relied  upon  to  give  uniform  ten¬ 
sion,  it  will  result  in  significant  preten¬ 
sion  in  all  bolts  and  is,  in  that  sense, 
reliable.  It  is  preferred  by  some  experts 
even  though  they  agree  that  bolt  over¬ 
stress  frequently  results. 

Direct  tension  indicator  (DTI)  method. 

This  is  a  relatively  new  method.  It  has  re¬ 
ceived  RCSC  acceptance  in  the  1985 
specification  and  is  covered  by  ASTM 
Standard  F959.  A  special  washer  is  in¬ 
stalled  between  the  element  to  be  turned 
(nut  or  bolt  head)  and  the  clamped  metal. 
The  washer  has  protrusions  of  a  given 
height  in  the  unstressed  position.  As  the 
bolt  is  tightened,  the  protrusions  are  com¬ 
pressed  and  narrow  the  gap.  The  gap 
width  is  calibrated  to  the  tension  in  the 
bolt  -  thus  the  bolt  is  tightened  until  the 
specified  gap  (and  tension)  is  achieved. 
Often,  experienced  installers  can,  by  vi¬ 


sual  inspection,  arrive  at  the  required  gap 
without  need  for  measurement.  This 
method  appears  to  be  the  most  accurate 
of  all  three.  Possible  disadvantages  are 
the  added  cost  of  the  DTI  washer,  the 
possibility  that  the  washers  are  altered  in 
the  field  before  they  are  used  by  hammer¬ 
ing  or  filing  the  protrusions.  Also,  since 
the  protrusions  usually  go  into  plastic  de¬ 
formation  at  the  required  bolt  pretension, 
DTI  washers  are  useless  after  one  load 
application.  This  makes  loss  of  tension 
difficult  to  detect  and  verification  of  a 
retension  force  impossible. 

Alternate  fasteners 

The  RCSC  specifications  allow  the  use  of 
a  fourth  method  of  achieving  bolt  tension.  It 
is  the  use  of  special  “Alternate  Design  Bolts,” 
such  as  the  twist-off  bolts  and  the  swedge 
bolts.  The  specifications  give  provisions  for 
their  installation  and  inspection. 

Installation  (Misc.) 

Lubrication.  Proper  lubrication  is  a  criti¬ 
cal  item.  Without  lubrication,  there  simply  is 
no  way  to  achieve  a  fully  pretensioned  bolt 
before  it  is  overstressed  in  torsional  shear 
(torque).  It  is  recommended  by  some  experts  to 
use  dye  in  the  lubricant  for  ease  of  inspection. 

Reuse  of  bolts.  When  the  turn-of-nut 
method  is  used  to  induce  bolt  tension,  it  often 
results  in  tensile  stresses  that  exceed  the  elas¬ 
tic  limit.  Also,  tests  have  shown  that  repeated 
torquing,  loosening,  and  retorquing  reduced 
bolt  ductility.  A325  bolts  are  more  ductile 
than  A490  bolts.  Accordingly,  it  is  allowed 
that  plain  A325  bolts  can  be  reused  one  or 
two  times  but  coated  A325  and  all  A490  bolts 
should  not  be  reused. 

Other  RCSC  installation  provisions. 

The  RCSC  specifications  contain  important 
provisions  on  handling  and  storage  of  fasten¬ 
ers  at  the  jobsite,  bolt  tension  calibration,  and 
acceptable  methods  of  installation.  The  fol¬ 
lowing  are  highlights  of  these  provisions. 
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Handling  and  storage 

Only  fasteners  that  are  anticipated  to  be  in¬ 
stalled  during  a  work  shift  should  be  taken 
from  protected  storage.  All  fasteners  that  are 
required  to  be  pretensioned  must  be  kept 
clean  of  jobsite  rust  and  dirt.  Should  rust  or 
dirt  be  found,  it  should  be  thoroughly  cleaned 
and  the  fasteners  should  be  relubricated  be¬ 
fore  installation. 

Inspection  Requirements 

While  the  work  is  in  progress  on  S-C 
joints,  the  QC  inspector  must;  (1)  determine 
that  all  material  requirements  are  met,  (2)  ob¬ 
serve  the  calibration  procedures,  (3)  inspect 
the  faying  surfaces,  and  (4)  monitor  all  instal¬ 
lation  procedures.  Because  it  is  important  to 
achieve  the  required  tension  in  S-C  and  direct 
tension  connections,  both  a  Corps  QA  repre¬ 
sentative  and  the  QC  inspector  are  recom¬ 
mended  to  be  present  at  the  time  of  tensioning 
and  at  the  time  of  demonstration  testing.  A 
tension  measuring  device  is  required  at  all 
jobsites  where  S-C  and  direct  tension  connec¬ 
tions  are  being  installed.  An  example  of  such 
a  device  is  the  Skidmore-Wilhelm  Torque- 
Tension  Tester.  The  device  is  used  to  con¬ 
firm,  by  demonstration  testing,  the  suitability 
of  the  proposed  installation  method  and  fas¬ 
tener  assembly  and  to  satisfy  the  minimum 
pretension  force  requirements.  Also,  the 
Skidmore  is  used  to  confirm  wrench  calibra¬ 
tion  and  demonstrate  the  understanding  and 
proper  use  by  the  bolting  crew  of  the  installa¬ 
tion  method  being  used. 

Summary  &  Recommendations 

This  report  was  prepared  to  present  changes 
to  the  RCSC  criteria  and  help  achieve  a  better 
understanding  of  HSBC  behavior.  Quality  of  a 
HSBC  is  improved  more  by  focusing  attention 
on  the  proper  design,  installation,  and  inspec¬ 
tion  rather  than  diluting  the  effort  by  requiring 
pretensioning  and  testing.  In  summary,  the 
following  observations  and  recommendations 
are  made: 


*  S-C  connections  should  be  held  to  a 
minimum.  This  is  the  most  important 
point  in  this  paper.  When  installed  cor¬ 
rectly,  S-C  connections  are  very  expen¬ 
sive.  For  typical  buildings,  S-C 
connections  are  generally  not  needed. 

For  some  special  connections  in  build¬ 
ings,  there  may  be  a  need  for  S-C  connec¬ 
tions.  When  this  is  true,  only  those  joints 
where  resistance  to  slip  is  critical  should 
be  detailed  as  S-C.  For  bridges,  which 
are  subject  to  millions  of  cycles  of  re¬ 
peated  loading,  the  use  of  S-C  connec¬ 
tions  is  generally  justifiable. 

*  B/S  connections  should  be  snug-tight. 

All  connections  must  be  initially  tight¬ 
ened  to  snug-tight  and,  unless  there  is  a 
clear  serviceability  requirement  for  fully 
tensioning  B/S  joints,  the  extra  expenses 
related  to  pretensioning  B/S  bolts  are  not 
justified. 

•  Prying  action  on  bolts  subjected  to  di¬ 
rect  tension.  Since  the  method  used  in 
the  AISC  manuals  does  not  account  for 
the  distortion  of  the  connected  parts 
caused  by  bending  in  the  fastener  assem¬ 
bly,  connection  details  that  induce  prying 
action  should  be  avoided. 

•  Connections  with  filler  plates.  Connec¬ 
tions  with  fillers  must  be  designed  as  B/S 
connections  and  the  slip  resistance 
checked  if  it  is  a  requirement.  Fillers 
thicker  than  1/4  in.  must  be  developed. 

*  Bolts  in  combination  with  welds. 

When  bolts  and  welds  are  combined,  the 
bolts  must  be  designed  against  slip  to  re¬ 
sist  their  full  share  of  factored  load  in 
joint,  resulting  in  the  same  factor  of 
safety  for  the  bolts  and  the  weld. 

•  Fasteners  must  be  well  lubricated  when 
installed.  After  limiting  usage  of  S-C 
joints,  perhaps  the  next  most  important 
point  in  this  paper  is  to  keep  all  fastener 
assemblies,  regardless  of  whether  connec¬ 
tions  are  B/S  or  S-C,  well  lubricated  and 
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protected.  The  lubricant  preferred  by 
most  is  “Chem-trend  140  Stick  Wax  Lu¬ 
bricant”  distributed  by  CASTROL  Indus¬ 
tries  Inc.,  Chicago,  IL. 

*  Pretensioning.  S-C  connections 
should  be  pretensioned  as  soon  as  pos¬ 
sible.  If  pretensioning  must  be  de¬ 
layed,  weathered  fasteners  must  be 
replaced  with  fresh  ones,  or  field  cali¬ 
bration  must  be  conducted  on  bolt  as¬ 
semblies  of  the  same  weathered 
condition. 

*  Inspection.  It  is  recommended  that  a 
Corps  QA  representative  and  a  Con¬ 
tractor  QC  inspector  be  present  at  all 
times  during  calibration,  faying  sur¬ 
face  inspection,  and  installation  of  all 
S-C  connections. 

*  A325  bolts  should  be  used.  It  is  rec¬ 
ommended  that  only  A325  bolts  be 
used  for  all  HSBC.  A307  bolts  are  not 
of  sufficient  strength  to  qualify  as 
HSBC,  and  A490  are  too  strong  to  be 
adequately  ductile.  Note,  there  are  re¬ 
strictions  placed  by  AISC  on  A490 
bolts  in  S-C  connections,  and  they 
should  never  be  used  in  direct  tension. 

*  Bolt  sizes.  It  is  recommended  that  no 
more  than  one  or  two  different  bolt 
sizes  be  used  on  the  same  project.  The 


most  common  sizes  are  5/8  to  1-in., 
with  3/4  and  7/8  in.  being  the  most 
popular. 

*  Identification  of  tightening  require¬ 
ments.  Bolts  in  S-C  or  direct  tension 
connections  and  bolts  in  B/S  connections 
which  are  to  be  fully  tensioned  must  be 
clearly  identified  on  the  contract  drawings. 
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The  CASE  Project 


by 

Dr.  N.  Radhakrishnan,  PE, 1  and  Paul  K.  Senter,  PE2 


Abstract 

This  paper  describes  the  Computer-Aided  Structural  Engineering  (CASE)  proj¬ 
ect,  its  objectives,  methodology,  and  accomplishments.  The  CASE  project  was 
funded  in  Fiscal  Year  78  by  OCE.  The  US  Army  Engineer  Waterways  Experiment 
Station  (WES)  was  made  responsible  for  managing  the  project,  conducting  research 
and  development,  and  developing  programs  using  state-of-the-art  computer  meth¬ 
ods.  The  CASE  project  has  continued  to  be  one  of  the  major  projects  of  the 
Information  Technology  Laboratory  at  WES.  CASE  project  goals  are  better  de¬ 
sign/analysis  of  Corps-type  structures,  reduction  in  time  required  for  design/anal¬ 
ysis  of  Corps-type  structures,  elimination  of  duplication  of  program  development 
efforts,  organized  and  cost-effective  approach  for  development  of  computer  pro¬ 
grams  based  on  design  engineer  input,  professional  engineering  analysis  and 
programming,  good  documentation,  and  technology  transfer. 

The  total  CASE  package  includes  criteria  development  by  task  group,  survey  of 
available  programs,  development  of  new  program  documentation,  review  by  task 
groups,  field  testing  of  programs,  training  courses  on  programs,  publication  of 
reports,  and  Corps-wide  release,  support,  and  maintenence. 

The  CASE  project  has  worked  successfully  since  its  inception.  Technical  task 
groups  are  now  active  in  massive  concrete  structures,  steel  structures,  pile  struc¬ 
tures  and  substructures,  finite  element  methods,  computer-aided  drafting, 
geotechnical  aspects  of  CASE,  building  systems,  and  masonry  structures.  These 
groups  include  68  design  engineers  from  26  Corps  field  offices,  14  engineers  from 
Corps  headquarters  and  laboratories,  and  representatives  from  the  Navy,  Soil 
Conservation  Service,  Bureau  of  Reclamation,  and  the  Federal  Energy  Regulatory 
Commission. 

The  current  status  and  accomplishments  of  CASE  will  be  described. 


1  Director,  Information  Technology  Laboratory,  US  Army  Engineer  Waterways  Experiment  Station, 
Vicksburg,  MS. 

2  Assistant  Director,  Information  Technology  Laboratory,  US  Army  Engineer  Waterways  Experiment 
Station,  Vicksburg,  MS. 
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Soil-Structure  interaction  Analysis  of  a  U-Frame  Lock 
at  Red  River  Lock  and  Dam  No.  1 


by 

Dr.  Robert  M.  Ebeling,  PE, 1  and  Reed  L.  Mosher 1 


Abstract 

Lock  and  Dam  No.  1  on  the  Red  River  Waterway  in  Louisiana  has  experienced  a 
serious  siltation  problem  since  its  completion  in  1983.  Sedimentation  is  deposited 
during  high  water  against  the  riverside  lock  wall  at  a  much  higher  rate  and  to  a 
greater  level  than  was  anticipated  during  the  design  of  the  project.  A  recent  study 
considered  concepts  fora  permanent  solution  to  this  problem ,  with  a  reinforced  soil 
berm  having  the  best  potential  for  a  permanent,  low  maintenance  solution.  A 
soil-structure  interaction  study  was  conducted  at  the  US  Army  Engineer  Waterways 
Experiment  Station  (WES)  with  the  objective  of  assessing  potential  lock  perfor¬ 
mance  with  the  construction  of  a  reinforced  soil  berm  adjacent  to  the  riverside  lock 
wall.  The  soil-structure  interaction  study  was  conducted  in  two  phases:  (phase  1 ) 
confirmation  of  the  finite  element  model  and  (phase  2)  evaluation  of  the  performance 
of  the  proposed  reinforced  berm  with  regard  to  its  interaction  with  the  lock  and  the 
surrounding  foundation  soil  strata. 

The  first  phase  analysis  consists  of  a  series  of  finite  element  analyses  using  a 
nonlinear,  incremental  construction  procedure  to  model  the  history  of  the  construc¬ 
tion  and  operation  of  a  U-Frame  lock  at  Red  River  Lock  and  Dam  No.  1.  Good 
agreement  was  observed  between  the  results  of  the  finite  element  analyses  compared 
with  instrumentation  measurements. 

The  second  phase  of  the  study  is  an  extension  of  the  first  phase  analysis  with  the 
construction  of  a  reinforced  soil  berm  riverside  of  the  lock  and  subsequent  modeling 
of  the  operation  of  the  U -frame  lock.  The  analysis  showed  that  the  simulation  of  the 
construction  of  a  reinforced  soil  berm  adjacent  to  the  riverside  lock  wall  has 
significant  effects  on  overall  lock  behavior. 


Introduction 

Lock  and  Dam  No.  1  on  the  Red  River  Wa¬ 
terway  in  Louisiana  has  experienced  a  serious 
sediment  problem  since  its  completion  in 
1983.  Sediments  are  being  deposited  during 
periods  of  high  water  at  a  much  higher  rate 


and  to  a  level  greater  than  anticipated  during 
the  design  of  the  project.  The  placement  of 
rock  dikes  and  other  hydraulic  changes  have 
somewhat  alleviated  the  siltation  problem  in 
the  lock  approaches.  However,  the  sediments 
deposited  against  the  riverside  lock  wall  have 
created  a  very  costly  maintenance  problem. 


1  Information  Technology  Laboratory,  US  Army  Engineer  Waterways  Experiment  Station.  Vicksburg. 
MS. 
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In  a  recent  study  for  the  Vicksburg  District,  berm.  To  ensure  that  the  berm  would  accom- 
the  Mobile  District  considered  eight  concepts  plish  its  mission,  a  soil-structure  interaction 
for  a  permanent  solution  and  concluded  that  evaluation  was  conducted  using  state-of-the- 
the  reinforced  soil  berm  has  the  best  potential  art  nonlinear  finite  element  techniques, 
because  it  requires  little  or  no  maintenance 

after  its  placement.  This  paper  summarizes  Sit© 

the  findings  of  an  additional  study  to  investi¬ 
gate  the  potential  response  of  the  U-frame  The  Red  River  Lock  and  Dam  No.  1  is  the 

lock  to  construction  of  the  reinforced  soil  first  of  a  series  of  locks  and  dams  to  provide 

berm  and  its  susequent  operation  (Ebeling  et  navigation  between  the  Mississippi  Ri\  er  and 

*!■  1991).  Shreveport,  LA.  It  is  located  in  the  Catahoula 

Parish  in  central  Louisiana,  in  a  1.7-mile-long 
The  design  of  a  reinforced  soil  retaining  cutoff  that  shortened  the  waterway  by  8  miles 

wall  on  most  projects  is  accomplished  using  with  the  elimination  of  an  oxbow  meander, 

conventional  force  equilibrium  procedures. 

This  method  of  analysis  is  sufficient  for  the  Lock 
evaluation  of  the  stability  of  proposed  rein¬ 
forcement  layout(s)  and  the  evaluation  of  the  Construction  of  Red  River  Lock  and  Dam 

overall  stability  of  the  reinforced  soil  retain-  No.  1  was  started  in  1977  and  completed  in 
ing  wall  and  its  foundation.  However,  with  1983.  The  soil  founded  U-frame  lock  has  an 
the  placement  of  a  reinforced  soil  berm  adja-  84-  by  785-ft  chamber,  pintle  to  pintle,  and 
cent  to  the  lock,  these  conventional  analysis  consists  of  18  lock  monoliths.  Figure  1 

techniques  are  unable  to  provide  sufficient  in-  shows  a  cross  section  through  lock  monolith 

formation  to  satisfactorily  evaluate  the  perfor-  no.  L-10,  located  midway  along  the  chamber 

mance  of  the  reinforced  soil  berm  with  regard  of  the  lock.  The  chamber  height  of  the  lock  is 

to  its  interaction  with  the  lock  and  their  com-  71.5  ft,  the  top  of  the  lock  is  at  el  60.5  ft,  and 

b»ned  interaction  with  the  surrounding  soil.  the  base  of  the  lock  is  at  el  -23  ft.  The  base 

Conventional  methods  are  unable  to  provide  slab  is  12  ft  thick  with  the  elevation  of  the 
information  on  deformations  which  are  essen-  chamber  floor  equal  to  -1 1  ft.  The  lock  is 

tial  to  assessing  the  performance  of  the  soil  symmetrical  about  its  center  line  and  each 


Figure  1.  Cross  section  through  lock  monolith  no.  10 
578 


Ebeling  &  Mosher 


CESEC91 


side  has  a  12-ft-square  culvert,  formed  by  an 
8-ft-thick  interior  and  6-ft-thick  exterior  cul¬ 
vert  walls.  The  tapered  stem  walls  arc  8  ft 
wide  at  el  7.5  ft,  and  decrease  in  thickness  to 
4  ft  at  el  47.5  ft.  The  U-frame  structure  was 
constructed  with  compacted  sand  and  select 
compacted  clay  backfill  on  each  side  of  the 
culvert  stem  walls  to  an  elevation  of  31  ft. 

The  riverside  backfill  slopes  away  from  the 
lock  on  a  1V:50H  slope  for  a  lateral  distance 
equal  to  50  ft,  beyond  which  the  slope  in¬ 
creases  to  1  V:5H  into  the  new  river  channel. 

Foundation  conditions 

Geologic  sections  were  developed  from  the 
information  provided  by  the  125  general  type 
borings  and  fourteen  5-in.  undisturbed  borings 
made  over  the  site  prior  to  excavation  for  the 
new  channel  and  structures.  Figure  2a  pres¬ 
ents  a  preconstruction  geologic  section  mid¬ 
way  along  the  axis  of  the  lock,  corresponding 
to  the  approximate  location  of  lock  monolith 
no.  L-10.  Tu"  site  is  delineated  by  four  dis¬ 
tinct  soil  stratums;  the  natural  levee,  the  Point 
Bar  Deposit,  the  Backswamp  Deposit,  and  the 
sand  substratum.  The  elevation  of  the  ground 
surface  prior  to  construction  was  nearly  con¬ 
stant  at  50  ft,  and  the  delineation  between  the 
natural  levee  and  Point  Bar  Deposit  was  at  ap¬ 
proximately  el  30  ft.  The  top  elevation  of  the 
sand  substratum  is  at  approximately  -50  ft  at 
the  site  of  the  lock. 

The  deepest  deposit  is  the  sand  substratum 
and  is  comprised  of  mainly  dense  sands  with 
some  gravel  present.  The  uppermost  deposit, 
the  natural  levee  deposit,  is  categorized  as  a  fat 
clay,  CH,  by  its  Atterburg  Limit  values.  The 
Point  Bar  Deposit  is  predominantly  a  silt  de¬ 
posit,  with  regions  of  silty  sand  and  poorly 
graded  sand  deposits.  The  Backswamp  Deposit 
consists  predominantly  of  overconsolidated 
CH  clays  but  also  contains  interbedded  layers 
of  lean  clays  (CL),  silts,  silty-sands,  and  sands 

Analysis  Description 

The  general  purpose,  nonlinear,  incicmental 
construction,  finite  element  computet  pro¬ 
gram  SOILSTRUCT  was  used  to  analyze  the 


behavior  of  the  lock  and  the  complex  soil- 
structure  interaction  by  simulating  the  se¬ 
quence  of  lock  construction  and  backfilling, 
as  well  as  the  various  water  and  silt  loadings 
applied  to  the  structure.  SOILSTRUCT  has 
the  ability  to  model  the  nonlinear  stress-strain 
behavior  of  the  soil  and  allows  for  relative 
movement  between  the  soil  and  structure  by 
using  interface  elements.  Unlike  conventional 
equilibrium  procedures,  this  procedure  does 
not  require  the  use  of  predetermined  force  dis¬ 
tributions  between  the  soil  and  the  lock  but 
allows  for  the  development  of  these  forces 
through  soil-structure  interaction.  This  proce¬ 
dure  of  analysis  has  been  successfully  used  in 
the  past  for  a  wide  variety  of  soil-structure 
interaction  problems  and  structures,  including 
the  evaluation  of  Port  Allen  and  Old  River 
locks  (Clough  and  Duncan  1969). 

Phase  1  analyses 

The  first  phase  consists  of  an  evaluation  of 
the  behavior  of  lock  monolith  no.  11,  its  back¬ 
fill  and  foundation  during  construction  and 
for  three  key  operational  load  cases.  The 
stages  of  construction  modeled  in  the  analyse;: 
include  lowering  the  water  table  at  the  site, 
excavation,  and  completion  of  lock  construc¬ 
tion  and  backfilling.  The  computed  results 
after  completion  of  lock  construction  and  for 
three  key  operational  load  cases  for  which 
instrumentation  data  is  available  were  then 
analyzed  and  the  results  compared  to  the  mea¬ 
sured  earth  pressure  measurements. 

Dewatering  and  excavation 

The  objective  of  this  first  serf  ;  of  analyses 
was  to  develop  an  effective  stu  >;s  regime 
within  the  soil  foundation  that  is  consistent 
with  that  existing  in  the  field  after  excavation. 
An  additional  requirement  for  the  constitutive 
model  of  the  soil  was  that  die  finite  dements 
representing  the  soil  retain  the  memory  of 
previous  maximum  values  of  effective 
stresses,  due  to  the  dilTcrer.ee  in  stress-strain 
behavior  during  unloading  (and  reloading), 
as  compared  to  prim,  .  y  loading.  This  affects 
both  the  magnitude  <m' horizontal  effective 
stresses  computed  and  the  magnitude  of  future 


Figure  2.  Geologic  section  and  finite  element  meshes  used  in  phase  t  soil  to  lock  interaction  analyses 
(Continued) 
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d.  Displacements  after  lock  construction  and  backfilling 


Figure  2.  (Concluded) 

computed  displacements.  The  finite  element 
mesh  shown  in  Figures  2b  and  2c  were  used 
to  model  the  dewatering  of  the  site  and  exca¬ 
vation.  The  finite  element  mesh  of  the  geo¬ 
logic  section  (Figure  2a)  is  shown  in  Figure 
2b  and  models  the  initial  effective  stress  con¬ 
ditions  at  the  site.  The  mesh  consists  of  1,016 
two-dimensional  elements  and  1,081  nodes. 

It  is  1,300  ft  long,  extending  750  ft  riverside 
from  the  center  line  of  the  lock  and  550  ft 
landside  of  the  center  line.  The  mesh  is 
275  ft  tall  with  the  top  of  the  mesh  corre¬ 
sponding  to  the  initial  ground  surface  at  eleva¬ 
tion  50  ft.  The  base  elevation  equals  -225  ft 
and  is  located  within  the  substratum  sands. 

The  initial  water  table  is  assigned  to  el  40  ft. 

The  initial  effective  stresses  were  com¬ 
puted  for  the  soil  elements  by  the  gravity  turn¬ 
on  method  of  analysis  incorporated  within  the 
program  SOILSTRUCT.  The  hydrostatic 
water  table,  initially  assigned  10  ft  below  the 
ground  surface  at  el  40  ft,  was  lowered  in  a  se¬ 
ries  of  10  increments  to  el  -35  ft.  The  site  of 
the  lock  and  new  river  channel  was  excavated 
in  a  series  of  nine  stages  using  SOILSTRUCT 
with  the  water  table  maintained  at  el  -35  ft. 
The  deepest  excavation  occurs  at  the  site  of 
the  lock  where  the  ground  surface  was  low¬ 
ered  73  ft,  from  an  initial  elevation  of  50  ft  to 
a  final  elevation  of  -23  ft.  The  final  elevation 


at  the  new  river  channel  was  equal  to  -10  ft, 
a  60-ft-deep  excavation.  The  finite  element 
mesh  of  this  cross-section  after  completion  of 
the  excavation  is  shown  in  Figure  2c.  The  re¬ 
moval  of  overburden  during  excavation,  is  not 
unlike  the  development  of  stress  regimes 
within  an  overconsolidated  deposit. 

Lock  construction 
and  backfilling 

Excavation  of  the  site  was  followed  by  the 
construction  of  the  lock  and  the  placement  of 
backfill  surrounding  the  lock.  The  chronol¬ 
ogy  of  lock  monolith  no.  10  construction  and 
backfilling  was  followed  in  the  analysis.  The 
finite  element  mesh  of  the  lock  and  backfill  is 
shown  in  Figure  2d.  The  elements  modeling 
the  soil  foundation  are  the  same  as  those  in 
Figure  2c.  The  mesh  consists  of  1,152  ele¬ 
ments,  including  206  elements  used  to  model 
the  lock  and  a  total  of  1,257  nodes.  The  83.5- 
ft-tall  lock  was  modeled  using  27  rows  of  ele¬ 
ments.  The  base  of  the  lock  was  modeled 
using  four  rows  of  elements  through  the  depth 
of  the  lock.  The  stem  walls,  culvert  walls, 
and  the  top  of  the  culverts  were  modeled 
using  pairs  of  elements.  The  backfill  was 
modeled  using  13  layers  of  3.7-ft-high  ele¬ 
ments.  Construction  of  the  lock  and  place¬ 
ment  of  the  backfill  was  modeled  in  25  load 
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increments.  The  water  table  was  maintained 
at  el  -35  ft  during  the  course  of  the  construc¬ 
tion  analyses. 

The  computed  settlement  of  the  founda¬ 
tion,  due  to  lock  construction  and  backfilling, 
are  given  in  Figure  2d  for  select  nodal  points 
located  along  the  surface  of  the  foundation. 
The  computed  settlement  below  the  center 
line  of  the  lock  is  equal  to  2.1  in.  and  below 
the  center  lines  of  the  riverside  and  landside 
backfills  equal  2.6  and  2.5  in.,  respectively. 

Figure  3a  shows  the  computed  total  normal 
pressures  (open  squares)  computed  along  the 
base  of  the  lock  and  along  the  culvert  walls 
and  stem  walls  and  the  22  September  1983 
stress  meter  measurements  (solid  circles).  No 
pore  pressures  were  recorded  by  the 
Casagrande  open-tube  piezometers  along  the 
base  nor  within  the  backfill  at  this  stage  of 
construction.  The  computed  base  pressures 
are  symmetrical  about  the  center  line  and  in 
the  shape  of  an  inverted  saddle.  The  largest 
pressure  is  computed  to  be  equal  to  5,500  psf 
below  the  stem  walls.  Below  the  center  line 
of  the  lock  the  base  pressure  equals  3,800  psf. 
The  lowest  values  for  the  base  pressures  are 
computed  below  the  corners  of  the  lock,  due 
to  the  settlement  of  the  foundation  caused  by 
the  placement  of  backfill  adjacent  to  the  cul¬ 
verts.  The  computed  normal  pressures  acting 
on  the  walls  increase  with  depth  below  the 
surface  of  the  backfill  and  are  equal  in  magni¬ 
tude  at  a  given  elevation  on  both  sides  of  the 
lock.  The  results  from  the  Carlson  PE-50 
stress  meters  are  in  agreement  with  the  finite 
element  results,  considering  the  trend  of  the 
instrumentation  measurements  and  discount¬ 
ing  erroneous  data. 

The  computed  variation  in  horizontal  earth 
pressure  coefficient,  Kh  ,  with  elevation  are 

shown  in  Figure  3b  after  completion  of  con¬ 
struction.  Kh  is  equal  to  the  ratio  of  the  hori¬ 
zontal  effective  stress  on  the  lock  wall  to  the 
effective  overburden  pressure.  The  total  over¬ 
burden  pressure  is  computed  as  the  total  unit 
weight  of  a  1  -ft  square  column  of  soil  above  a 
given  elevation.  The  value  of  Kh  decreases 


with  decreasing  elevation  along  the  stem 
walls  and  is  nearly  constant  along  the  culvert 
walls.  Kh  ranges  from  a  maximum  value 

equal  to  0.98  at  el  29  ft  to  a  minimum  value 
equal  to  0.34  at  el  17  ft  along  the  riverside 
stem  wall,  is  nearly  a  constant,  averaging 

0.35  in  value  along  the  riverside  culvert  wall. 
The  computed  distribution  along  the  land- 

side  wall  is  similar  to  the  distribution  along 
the  riverside  wall,  differing  by  a  value  of  less 
than  0.05. 

The  variation  in  vertical  (shear)  earth- 
pressure  coefficient,  Ky  ,  with  elevation  are 

shown  in  Figure  3c  after  completion  of  con¬ 
struction.  Ky  is  the  ratio  of  the  vertical  shear 

stress,  xxy  ,  to  the  effective  overburden  pres¬ 
sure.  A  positive  K  value  implies  that  x 

acts  downward  along  the  lock  walls.  Along 
the  riverside  stem  wall,  Ky  increases  from  a 

value  equal  to  zero  at  el  29  ft,  to  a  value  equal 
to  0.13  at  el  13  ft.  The  largest  value  for  Ky 

is  computed  to  be  equal  to  0. 1 8  at  the  top  of 
the  riverside  culvert  wall.  The  average  values 
for  Ky  are  equal  to  0.02  for  the  8-ft-thick 

compacted  select  clay  backfill  adjacent  to  the 
stem  walls  and  0.10  and  0.15  for  the  compacted 
sand  adjacent  to  the  stem  walls  and  culvert 
walls,  respectively. 

Figure  3d  shows  the  resulting  distribution 
of  factored  moments  computed  within  the 
lock  (solid  circles)  and  the  limiting  values  for 
design  moment  capacity  (solid  lines).  The 
moments  are  computed  from  the  finite  ele¬ 
ment  stresses  within  the  lock  using  the  flex¬ 
ure  tormuia.  These  equivalent  moment 
values  are  multiplied  by  a  factor  equal  to 
2.21.  This  factor  reflects  the  extreme  load 
case  and  is  equal  to  the  products  of  1 .3,  the 
factor  applied  to  hydraulic  structures,  and  1 .7, 
the  factor  applied  to  live  loads.  The  design 
moment  capacity  distributions  were  devel¬ 
oped  for  each  of  the  members  comprising  the 
lock  using  a  yield  strength  of  reinforcement 
steel  equal  to  60  ksi.  As  would  be  expected, 
the  values  for  the  factored  moments  at  all  lo¬ 
cations  within  the  lock  are  all  well  below  the 
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Figure  3.  Soil  to  lock  interaction  results  and  measured  pressures  on  22  September  1983  (Continued) 
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values  for  the  design  moment  capacity  for 
this  loading  case. 

Operational  Load  Cases 

This  series  of  finite  element  analyses  was 
continued,  modeling  the  flooding  of  the  new 
river  channel,  the  lock  chamber,  and  subse¬ 
quent  operation  of  the  lock.  The  river  and 
pool  inside  the  lock  chamber  and  the  water 
table  within  the  foundation  of  the  lock  was 
raised  and/or  lowered  through  a  series  of  in¬ 
cremental  analyses  so  that  the  finite  element 
analyses  corresponds  to  conditions  at  the  lock 
for  three  key  operational  load  cases  for  which 
instrumentation  measurements  were  avail¬ 
able.  The  three  operational  load  cases  consist 
of  a  low  pool  elevation  condition  (Case  1  oc¬ 
curred  on  30  September  1984),  a  high  pool  el¬ 
evation  condition  (Case  2  occurred  on  1 
January  1985),  and  a  high  pool  elevation  con¬ 
dition  with  silt  loading  against  the  lock  walls 
(Case  3  occurred  on  4  April  1985). 

During  the  high-water  period  in  the  spring 
of  1 985,  silt  was  deposited  to  depths  ranging 
from  a  few  feet  to  tens  of  feet  against  both 
the  riverside  lock  wall  and  along  the  surface 
of  the  riverside  backfill.  The  results  of  the 
4  April  1985  US  Corps  of  Engineers  survey 
of  the  silt  depths  at  lock  monolith  no.  10  is 
shown  in  Figure  4a.  On  this  date,  the  thick¬ 
ness  of  the  silt  adjacent  to  the  lock  is  equal  to 
7  ft.  The  maximum  thickness  of  silt  along  the 
top  of  the  backfill  is  equal  to  1 1  ft  at  a  dis¬ 
tance  of  40  ft  from  the  face  of  the  stem  wall. 
The  elevation  of  the  river  above  and  below 
the  dam  was  equal  to  45  ft.  The  piezometers 
within  the  backfill  and  immediately  below  the 
foundation  of  lock  monolith  no.  10  indicate  a 
piezometric  head  equal  to  elevations  ranging 
from  41.5  ft  to  42.5  ft,  with  the  majority  of 
the  measurements  equal  to  41.5  ft.  The  re¬ 
sponse  of  the  lock  to  the  silt  loadings  for  a 
river  and  chamber  pool  elevation  equal  to 
45  ft  is  shown  in  Figure  4b. 

Figure  4b  shows  the  computed  total  nor¬ 
mal  pressures  (open  squares)  computed  along 
the  base  of  the  lock  and  along  the  culvert 
walls  and  stem  walls  and  the  4  April  1985 


stress  meter  measurements  (solid  circles). 

The  computed  base  pressure  distribution 
shown  in  this  figure  is  more  uniform  than  the 
base  pressure  distribution  shown  in  Figure  3a. 
The  computed  maximum  values  of  total  nor¬ 
mal  pressures  are  equal  to  7,100  psf  below 
the  riverside  stem  wall  and  7,200  psf  below 
the  landside  stem  wall.  Below  the  center  line 
of  the  lock  the  total  base  pressure  is  equal  to 
6,500  psf.  The  lowest  values  for  the  total 
pressures  normal  to  the  base  of  the  lock  are 
computed  below  the  outside  corners  of  the 
culverts.  The  base  pressure  below  the  river¬ 
side  and  landside  culvert  differ  by  300  psf 
due  to  the  riverside  siltation  and  are  equal  to 
5,750  psf  and  5,450  psf,  respectively.  The 
four  stress  meter  measurements  along  the  cul¬ 
vert  walls  are  considered  to  be  erroneous, 
since  their  recorded  values  are  less  than  the 
corresponding  water  pressures  at  those  same 
elevations.  The  computed  results  are  in  agree¬ 
ment  with  the  instrumentation  measurements 
for  4  April  1985.  General  agreement  between 
the  results  from  the  finite  element  analyses 
and  instrumentation  for  two  additional  opera¬ 
tional  load  cases  analyses  (Cases  1  and  2)  was 
also  observed. 

Reinforced  Soil  Berm 

The  second  phase  of  the  study  was  an  ex¬ 
tension  the  first  phase  analysis  with  the  simu¬ 
lated  construction  of  a  proposed  reinforced 
soil  berm  riverside  of  the  lock,  followed  by 
the  raising  of  the  upper  and  lower  pool  levels, 
silt  loading,  and  subsequent  lowering  of  the 
pool  levels.  Figure  4c  depicts  the  reinforced 
berm  that  is  used  in  this  series  of  analyses,  as 
provided  by  the  Vicksburg  District.  The  top 
of  the  reinforced  berm  is  at  el  45  ft,  and  the 
base  is  at  el  13.5  ft.  The  width  of  the  berm  in¬ 
creases  with  decreasing  elevation,  increasing 
from  a  width  equal  to  37  ft  at  the  top  of  the 
berm  to  a  maximum  width  equal  to  93  ft  at 
el  21  ft.  Above  el  28  ft,  the  face  slope  equals 
1.26H.1  V.  Below  el  21  ft,  the  berm  is  notched 
into  the  riverside  backfill  and  has  a  face  slope 
equal  to  that  of  the  existing  backfill.  The  soil 
comprising  the  reinforced  berm  is  assumed  to 
be  a  dense,  well  drained,  select  sand. 
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b.  Instrumentation  and  computed  results 


Figure  4.  Soil  to  lock  interaction  analysis  and  reinforced  soil  berm  (Continued) 
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c.  Reinforced  soil  berm 


d.  Mesh  with  reinforced  soil  berm 


Figure  4.  (Concluded) 
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The  reinforcement  layout  used  in  the  analy¬ 
sis  varies  with  location  in  the  berm.  The  lay¬ 
out  of  the  reinforcement  scheme  used  in  the 
finite  element  analyses  consists  of  what  are  re¬ 
ferred  to  in  this  paper  as  primary  layers  and 
secondary  layers  of  reinforcement.  Each  pri¬ 
mary  layer  of  reinforcement  extends  across 
the  entire  width  of  the  berm.  The  secondary 
reinforcement  layers  are  located  within  the 
two  regions  labeled  A  and  B  in  Figure  4c. 

Each  primary  layer  of  reinforcement  extends 
across  the  entire  width  of  the  berm  and  are 
spaced  every  1.5  ft  in  elevation.  Six  16-ft- 
wide,  secondary  reinforcement  layers  are 
placed  every  2  ft  in  elevation  between  30.5  and 
40.5  ft  within  the  region  labeled  A.  Five  sec¬ 
ondary  reinforcement  layers  are  placed  within 
the  region  labeled  B  and  are  spaced  at  el  1.5  ft. 
The  finite  element  mesh  shown  in  Figure  2d 
was  modified  within  the  riverside  backfill  re¬ 
gion  to  model  the  reinforced  soil  berm,  as 
shown  in  Figure  4d.  The  reinforcement  has 
the  effect  of  increasing  the  stiffness  of  the  soil 
elements  comprising  the  benn  and  was  mod¬ 
eled  using  one-dimensional  bar  elements 
“embedded”  within  the  two-dimensional  soil 
elements.  In  cases  of  closely  spaced  reinforce¬ 
ment  layers,  the  embedment  procedure  allows 
for  the  use  of  a  coarser  mesh  by  eliminating  the 
restriction  that  reinforcement  bar  elements  must 
be  placed  along  element  boundaries.  This  for¬ 
mulation  was  developed  by  Dr.  John  Peters  of 
WES  for  this  project  (Ebeling  et  al.  1991 ). 

There  is  to  be  a  gap  between  the  stem  wall 
and  the  vertical  face  of  the  reinforced  soil 
berm.  This  region  is  to  be  occupied  by  a 
geoinciusion  to  be  placed  during  the  construc¬ 
tion  of  the  berm.  The  purpose  of  the  gap  is  to 
minimize  the  effective  earth  pressures  trans¬ 
ferred  from  the  reinforced  berm  to  the  river¬ 
side  stem  wall  between  el  13.5  and  45  ft 
resulting  from  the  lateral  deformation  of  the 
berm  during  its  construction  and  resulting 
from  the  lateral  deformation  of  the  berm  in 
response  to  water  loads  and  silt  loads.  The 
purpose  of  the  geoinclusion  in  the  gap  is  to 
fill  the  gap  to  prevent  the  deposition  of  silt 
within  the  gap  during  periods  of  high  water 
and  eliminate  the  potential  for  soil  raveling 
by  the  reinforced  berm. 


Figure  5a  shows  the  computed  displace¬ 
ments  at  select  nodal  points,  relative  to  their 
position  prior  to  construction  of  the  rein¬ 
forced  soil  berm.  These  displacements  are 
computed  for  after  construction  of  the  berm, 
the  raising  of  the  river  and  pool  elevation  to 
the  top  of  the  lock,  silt  loading  to  el  55  ft,  and 
subsequent  lowering  of  the  river  and  pool  to 
el  4  ft.  The  settlement  distribution  varies  non- 
lineally  across  the  base,  with  the  largest  value 
for  settlement  computed  below  the  corner  of 
the  riverside  culvert  and  equal  to  1.8  in.  The 
horizontal  movements  of  the  base  slab  and 
the  culverts  are  less  than  1  in.  and  directed 
away  from  the  river  channel,  due  to  the  lateral 
thrust  of  the  riverside  silt  deposition.  The  hor¬ 
izontal  movements  at  the  tops  of  stem  walls 
are  less  than  1/2  in.  and  are  directed  outward, 
away  from  lock  center  line.  The  horizontal 
movements  of  the  riverside  backfill  and  the  re¬ 
inforced  berm  are  directed  toward  the  lock. 

Figure  5b  shows  the  distribution  of  mobi¬ 
lized  shear  strength  (SL)  within  the  rein¬ 
forced  soil  berm.  SL  ranges  in  value  between 
0  and  1.0.  SL  equal  to  1.0  designates  com¬ 
plete  mobilization  of  the  shear  strength  of  the 
soil.  This  figure  shows  the  shear  strength  to 
be  fully  mobilized  within  a  wedge  of  the  rein¬ 
forced  soil  berm  located  adjacent  to  the  lock 
wall.  Figure  5c  shows  the  distribution  of  the 
tensile  forces  throughout  the  28  layers  of  rein¬ 
forcement.  The  largest  force  is  about  two- 
thirds  of  the  long  term  ultimate  capacity  and 
is  equal  to  2,600  lb  per  linear  ft  of  reinforce¬ 
ment,  computed  within  the  top  two  layers  of 
the  reinforcement. 

The  values  for  the  factored  moments  com¬ 
puted  within  the  lock  are  shown  in  Figure  5d 
to  be  less  than  the  design  moment  capacity. 

In  previous  conventional  (equilibrium)  design 
calculations  without  a  reinforced  soil  berm,  the 
critical  location  for  moments  was  in  the  base 
at  the  stem  wall.  In  the  finite  element  analysis 
with  10  ft  of  siltation  on  top  of  the  reinforced 
soil  berm,  the  largest  factored  moment  is  at 
the  top  of  the  riverside  culvert  and  adjacent  to 
the  inside  culvert  wall,  equal  to  - 1 ,090  kip-ft, 
500  kip-ft  less  than  the  design  moment  capacity. 
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d.  Factored  moments  and  limiting  moments 


Figures.  (Concluded) 
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Summary 

The  four  first  phase  comparisons  of  earth 
pressures  and  base  pressures  computed  using 
the  finite  element  program  SOILSTRUCT  to 
measured  earth  pressures  and  base  pressures 
showed  good  agreement  between  the  results 
of  the  finite  element  analyses  when  compared 
with  instrumentation  measurements.  The 
analyses  show  the  level  of  soil  to  lock  interac¬ 
tion  to  be  significant  with  the  construction  of 
the  reinforced  soil  berm  adjacent  to  the  river¬ 
side  stem  lock  wall. 
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Recent  Developments  in  the  Study 
of  the  Behavior  of  Retaining  Wails 


by- 

Reed  L.  Mosher 1 


Abstract 

Over  the  last  four  years  a  research  effort  has  been  under  way  at  the  Waterways 
Experiment  Station  to  investigate  the  fundamental  behavior  of  gravity-retaining 
walls.  The  intention  of  this  paper  is  to  update  the  Corps'  structural  engineering 
community  on  the  findings  of  this  research  effort. 

Since  the  last  structural  engineering  conference  a  number  of  new  studies  have 
been  completed.  These  included  an  experimental  study  of  earth  pressures  on 
retaining  structures  and  an  analytical  study  on  the  behavior  of  soil  rounded  retain¬ 
ing  walls.  A  number  of  significant  findings  have  resulted  from  these  investigations. 
The  paper  summarizes  these  studies  and  their  findings  in  light  of  future  design 
considerations. 


*  Research  Civil  Engineer,  Information  Technology  Laboratory,  US  Army  Engineer  Waterways 
Experiment  Station,  Vicksburg,  MS. 
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Finite  Element  Analysis 
of  Anchored  Sheet  Pile  Bulkhead 


by 

Kevin  Abraham 1  and  Reed  L  Mosher 2 


Abstract 

This  paper  presents  a  finite  element  study  of  an  instrumented  anchored  bulkhead 
constructed  at  the  Port  of  Toledo,  Ohio.  The  purpose  of  the  study  was  to  investigate 
the  behavior  of  anchored  bulkheads  and  to  clarify  some  of  the  abnormalities  found 
in  the  classical  design/analysis  procedures  for  anchored  bulkheads.  The  bulkhead 
system  investigated  consisted  of  a  sheet  pile  front  wall  tied  to  an  anchor  wall.  The 
interaction  behavior  between  the  walls  was  examined. 

The  analyses  were  performed  utilizing  a  nonlinear  finite  element  code.  The  finite 
element  code  employed  has  the  capability  to  simulate  the  construction  process  of 
bulkhead  systems.  A  complete  construction  simulation  is  necessary  to  account  for 
stress  path  dependency  and  nonlinear  behavior  of  soil. 

The  finite  element  studies  provided  information  on  deformation  patterns  for  the 
configuration,  effects  of  sheet  pile  penetration  on  the  stability  of  the  system,  and 
effects  of  the  wall  and  anchor  stiffness  on  the  soil  stresses  on  displacements.  These 
comprehensive  analyses  identified  critical  factors  essential  for  improved  de¬ 
sign/analysis  procedures  for  anchored  sheet  pile  bulkheads. 


1  Information  Technology  Laboratory,  US  Army  Engineer  Waterways  Experiment  Station,  Vicksburg, 
MS. 

2  Research  Civil  Engineer,  Information  Technology  Laboratory,  US  Army  Engineer  Waterways 
Experiment  Station,  Vicksburg,  MS. 
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Mill  Creek,  Ohio,  LFPP  -  Section  1 
Post-and-Panel  Wall  With  Anchors  -  Lessons  Learned 

by 

Daniel  E.  Beyke,  PE 1 


Abstract 

Tied-back  post-and-panel  type  retaining  walls  have  been  used  in  previously 
constructed  sections  of  the  Mill  Creek ,  Ohio,  Local  Flood  Protection  Project 
(LFPP).  Therefore,  this  system  was  chosen  for  the  retaining  wall  which  was 
required  in  Section  1  of  the  Mill  Creek  LFPP.  This  post-and-panel  wall  consists  of 
steel  H-piles  or  W-sections  as  posts,  cast  in  3 -foot  (0.91m)  diameter  concrete 
caissons  spaced  at  6  feet  (1.83m)  center-to-center ,  with  the  caissons  drilled  into 
rock,  and  with  precast  concrete  panels  between  the  steel  posts.  The  posts  are 
designed  as  a  vertical  beam  which  is  supported  horizontally  by  the  rock  at  the  bottom 
and  by  wales  as  necessary  at  the  top.  The  wales  are  supported  by  rock  anchors 
spaced  at  either  6  feet  ( 1.83m)  or  12  feet  (3.66m)  center-to-center.  Because  of  the 
loads  on  the  walls,  high-capacity  strand  anchors  were  chosen  for  use  in  supporting 
the  top  portion  of  the  walls.  These  anchors  ranged  in  size  from  a  6-strand  anchor 
with  a  design  load  of 246  kips  (l,094kn)  to  12-strand  anchors  with  a  design  load  of 
492  kips  (2,188kn). 

The  capacity  of  the  12-strand  anchors  was  much  higher  than  that  of  the  anchors 
used  on  the  post-and-panel  walls  installed  in  the  previously  constructed  sections  of 
the  project.  Therefore,  even  though  we  had  some  previous  experience  with  anchored 
walls,  due  to  the  high  capacity  anchors,  we  experienced  some  difficulties  with  the 
design  and  construction  of  these  walls  which  we  had  not  previously  encountered. 
Such  difficulties  included  the  deflection  of  the  pile  and  the  cracking  of  the  lagging 
during  anchor  testing,  problems  in  the  interpretation  of  the  test  readings,  the 
optimization  of  the  anchor  spacing,  etc.  At  the  same  time,  the  contractor  encoun¬ 
tered  an  existing  concrete  retaining  wall  which  interfered  with  the  installation  of 
the  new  wall  and  necessitated  a  modification  in  a  portion  of  our  wall  design. 

These  problems,  some  of  which  should  have  been  anticipated  and  others  which 
could  not  have  been  foreseen,  were  all  solved  in  an  expedient  manner,  with  a  very 
serviceable  product  as  a  result.  We  also  learned  some  valuable  lessons  to  be  used 
in  future  projects. 


Structural  Engineer,  US  Army  Engineer  District,  Louisville;  Louisville,  KY. 
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Introduction 


The  Mill  Creek,  Ohio,  Local  Flood  Protec¬ 
tion  Project  is  located  in  Hamilton  County  in 
Southwestern  Ohio.  The  Mill  Creek  has  a 
drainage  area  of  165  square  miles  (427  sq.km.) 
and  is  28  miles  (45  km.)  long  from  its  head¬ 
water  to  its  confluence  with  the  Ohio  River  in 
western  Cincinnati,  Ohio.  The  creek  parallels 
Interstate  75  (1-75),  also  called  the  Mill  Creek 
Expressway.  The  creek  also  parallels  Conrad's 
North  and  South  mainline  railroad  tracks 
through  Cincinnati. 

Section  1  of  this  project  is  located  between 
stream  miles  1.6  and  2.3  of  the  Mill  Creek 
with  the  downstream  end  being  just  down¬ 
stream  of  the  Western  Hills  Viaduct  and  the 
upstream  end  being  just  downstream  of  the 
Hopple  Street  Viaduct.  By  widening  and/or 
deepening  the  channel,  this  project  will  pro¬ 
vide  a  50-year  level  of  protection  for  the  af¬ 
fected  area.  Types  of  channel  bank  treatment 
provided  include  riprapped  slopes,  concrete- 
paved  slopes,  and  tied-back  post-and-panel 
type  retaining  wall. 

A  retaining  wall  was  required  for  2,490  feet 
(760m)  of  the  right  bank  of  the  creek  to  pro¬ 
vide  the  required  flow  area  and  to  protect  the 
existing  railroad  which  ran  along  the  top  of  the 
slope  of  the  right  creek  bank.  Hoping  to  make 
use  of  the  design  calculations  and  drawings  from 
previous  sections  of  the  project,  which  would 
cut  the  design  time  and  cost,  the  designers 
chose  to  use  a  tied-back  post-and-panel  wall 
system  for  the  retaining  wall.  This  type  of  wall 
was  well  suited  for  our  conditions  also  in  that  it 
allowed  for  the  wall  installation  without  inter¬ 
fering  with  the  railroad.  Also,  the  preliminary 
boring  information  showed  that  the  underlying 
rock  was  relatively  shallow,  thus  reducing  the 
required  length  of  the  anchors,  which  is  the 
most  costly  part  of  this  type  of  wall. 

Design  of  Wall 

When  the  geological  investigation  and  test¬ 
ing  was  concluded,  their  findings  showed  that 
there  was  a  weakened  zone  at  the  interface 
between  the  overburden  soil  and  the  rock  be¬ 


neath.  Also,  the  surface  of  the  rock  was  slop¬ 
ing  toward  the  stream.  Taking  into  consider¬ 
ation  that  there  has  been  a  history  of  slides  in 
the  area  of  the  creek,  our  Geotechnical  engi¬ 
neers  computed  driving  forces  upon  the  wall 
which  were  greatly  in  excess  of  those  on  any 
other  section  of  wall  on  the  project.  There¬ 
fore,  we  were  unable  to  use  the  previous  de¬ 
signs  as  we  had  hoped.  Although  we  realized 
that  the  design  time  would  be  increased  since 
we  could  not  use  the  previous  wall  designs 
and  “site-adapt”  them,  we  did  not  think  that 
this  would  affect  the  wall  construction. 

Our  design  calculations  indicated  that,  de¬ 
pending  upon  the  location  and  depth  of  rock, 
our  anchors  would  range  in  size  from  a  6-strand 
anchor  with  a  design  load  of  246  kips  (l,094kn) 
to  a  12-strand  anchor  with  a  design  load  of 
492  kips  (2,488kn).  The  12-strand  anchors 
had  nearly  two  times  the  design  load  of  any 
anchors  previously  designed  for  retaining  walls 
used  at  the  Mill  Creek  project.  However, 
upon  discussion  with  contractors  who  have  in¬ 
stalled  anchors  we  found  out  that  this  was  not 
outside  the  limits  of  the  anchor  size  which 
could  be  feasibly  installed  at  6-foot  (1.83) 
centers.  Therefore,  we  proceeded  with  the 
preparation  of  plans  and  specifications. 

Construction  of  Wall 

The  construction  problems  began  when  the 
contractor  began  to  do  the  performance  tests 
on  the  anchors.  The  district  office  got  a  call 
from  the  Contracting  Officer  (CO)  telling  us 
that  the  12-strand  anchors  were  failing  the  tests 
and  wanted  to  know  what  to  do.  As  it  turned 
out,  this  problem  was  the  easiest  one  to  solve 
because  it  solved  itself.  Let  me  explain. 

For  all  the  previously  installed  anchors,  the 
measured  creep  during  the  performance  tests 
was  a  small  percentage  of  that  allowable  in 
our  specification,  which  is  0.080  inches 
(0.202cm)  during  the  final  time  increment  of 
testing.  When  we  examined  the  test  readings 
from  the  contractor,  we  discovered  that  al¬ 
though  the  measured  creep  was  close  to  the 
allowable,  it  did  not  exceed  it.  Therefore,  this 
problem  was  not  a  problem  at  all.  What  had 
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happened  was  a  combination  of  two  things: 
first,  our  CO  was  so  accustomed  to  the  very 
small  creep  measurements  of  the  smaller  an¬ 
chors  that  when  these  larger  measurements 
were  recorded  he  thought  that  the  anchors 
were  slipping.  The  second  factor  was  that  the 
contractor,  though  experienced  in  anchor  in¬ 
stallation,  was  accustomed  to  using  the  FHA 
specifications,  which  differed  from  ours  in 
that  it  only  allows  the  creep  to  be  0.080  inches 
(0.202cm)  over  the  total  measuring  period, 
rather  than  the  last  time  increment.  Therefore, 
he  actually  thought  that  the  anchors  were  fail¬ 
ing  but,  according  to  our  criteria,  they  were 
acceptable. 

The  testing  of  the  1 2-strand  anchors  led  to 
another  problem  which  was  not  anticipated. 

In  the  process  of  the  stressing  of  the  top  row 
of  anchors,  the  posts  would  deflect  more  than 
an  inch.  This  in  itself  was  not  a  problem  but 
when  the  anchor  at  one  post  was  stressed,  the 
relative  deflection  of  that  post  with  the  adja¬ 
cent  post  would  cause  the  concrete  lagging  to 
crack  at  the  ends.  We  checked  our  lagging  de¬ 
sign  again  which  turned  out  to  be  adequate. 
The  CO  checked  with  the  lagging  manufacturer 
to  make  sure  that  the  lagging  was  constructed 
properly  which  it  was.  At  this  point  we  were 
at  a  loss  as  to  what  we  should  do. 

The  credit  for  finding  the  solution  to  this 
problem  belongs  to  the  CO.  He  surmised  that 
the  differential  movement  in  the  adjacent 
posts  was  putting  torsion  into  the  lagging  for 
which  they  had  not  been  designed.  This  was 
due  to  the  fact  that  the  lagging  was  tack-welded 
to  the  flanges  as  they  were  placed  to  hold  them 
in  place  until  the  backfill  was  placed  behind 
them.  This  tack-welding  essentially  made  a 
moment  connection  at  the  ends  of  the  lagging 
panels  where  they  were  meant  to  be  simply  sup¬ 
ported.  Thus,  when  one  post  would  deflect  in 
relation  to  the  adjacent  post,  since  the  panel  was 
not  free  to  rotate,  they  would  crack.  Therefore, 
the  CO  ordered  the  contractor  to  cut  through 
the  tack  weld  of  the  lagging  just  previous  to  the 
testing  of  the  anchors.  This  took  care  of  the 
cracking  of  the  lagging. 


At  the  same  time  as  these  problems  were 
being  discussed  the  really  big  problem  arose. 
We  were  aware  of  some  existing  concrete 
struts  which  were  in  the  bottom  of  the  creek 
which  would  interfere  with  the  placement  of 
the  concrete  pavement  which  was  to  serve  as 
our  stream  bottom.  However,  when  the  con¬ 
tractor  began  to  excavate  in  the  area  of  these 
concrete  struts,  he  uncovered  a  massive  con¬ 
crete  retaining  wall  which  was  just  streamward 
of  our  wall.  This  existing  wail  was  about  900 
feet  (275m)  long,  with  the  top  at  about  the  ele¬ 
vation  of  the  top  row  of  our  anchors.  By  the 
time  that  we  discovered  that  the  wall  was 
there,  and  the  size  of  it,  the  contractor  had  al¬ 
ready  placed  about  90  percent  of  his  posts. 
Therefore,  we  could  not  realign  our  wall  with¬ 
out  great  expense.  Also,  the  wall  was  so 
close  to  our  proposed  wall  that  the  contractor 
could  not  place  the  bottom  row  of  anchors 
and,  in  some  places,  he  could  not  place  his 
top  row.  We  considered  removing  this  wall 
and  in  fact  the  contractor  began  to  remove  the 
end  of  it  to  be  able  to  place  his  last  few  posts. 
This  is  when  we  discovered  that  the  wall  was 
reinforced  with  railroad  rails  at  about  4.0  feet 
(1.22m)  on  center  both  horizontally  and  verti¬ 
cally.  Therefore,  the  cost  for  removing  the 
wall  was  also  exorbitant. 

After  further  investigation  we  discovered 
that  the  struts  were  apparently  placed  to  sup¬ 
port  the  existing  concrete  retaining  wall. 

These  struts  were  also  shown  to  be  keyed  into 
the  rock  at  the  bottom  of  the  stream.  We  re¬ 
analyzed  the  post-and-panel  wall  with  the  ex¬ 
isting  wall  left  in  place  and  found  that  by 
installing  the  top  row  of  anchors  the  wall 
would  be  adequately  stable.  This  took  into  ac¬ 
count  the  passive  pressure  from  the  existing 
concrete  wall  and  the  struts  holding  it  at  the 
base.  We  then  filled  in  the  space  between  the 
existing  and  the  new  wall  with  concrete.  This 
not  only  allowed  the  existing  wall  to  stay  in 
place  but  also  provided  some  savings  since 
the  bottom  row  of  anchors  were  not  needed. 
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Conclusions 

There  were  several  lessons  that  were  learned 
in  the  process  of  solving  these  problems.  The 
first  lesson  was  that  whenever  a  former  design 
is  to  be  site-adapted  to  another  location,  make 
sure  that  you  compare  the  conditions  of  the  new 
site  with  those  of  the  site  of  the  previously  de¬ 
signed  structure.  Even  though  the  structures 
may  be  in  the  same  general  area,  the  design  con¬ 
ditions  may  vary  greatly. 

A  second  lesson  learned  was  the  importance 
of  looking  for  as-built  drawings  of  existing 
structures  early  in  the  design  phase.  A  little 
extra  effort  early  on  can  save  you  a  lot  of  time 
and  money  down  the  road. 

Finally,  and  probably  most  importantly,  we 
learned  how  important  it  is  for  the  Engineering 
Division  and  the  Construction  Division  to  work 
together  in  every  phase  of  a  project.  Good 
communication  is  essential  between  Engineer¬ 
ing  and  Construction,  and  had  we  not  pre¬ 
viously  established  a  good  working  relationship 


between  the  design  team  and  the  construction 
personnel,  especially  the  field  personnel,  we 
could  not  have  resolved  these  problems  with¬ 
out  much  more  time  lost  and  money  spent. 
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Figure  3.  Sta.  1133+00  to  Sta.  1138+40,  right  bank 
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Figure  5.  Mill  Creek,  Ohio,  Section  1 ,  tieback  wall  forces 


CESEC  91 


Bulkhead  Design  and  Construction  Problems 
at  Engineering  Yard,  Savannah  River 
Savannah,  Georgia 

by 

Kini  S.  Joshi,  PE1 


Bulkheads  to  provide  support  to  docking 
facilities  are  becoming  more  frequent  with 
the  tonnage  growth  in  the  Savannah  port. 

Design  of  wharfs  along  with  bulkhead  is 
getting  more  involved,  and  the  art  is  slowly 
being  perfected  to  suit  the  needs  of  the  client. 
This  paper  presents  the  Lessons  Learned  from 
the  design  and  construction  of  the  Bulkhead 
at  the  Engineering  Yard,  Hutchinson  Island, 
Savannah,  Georgia. 

The  City  of  Savannah  will  be  one  of  the 
host  cities  for  the  1996  Olympic  games.  This 
fact,  combined  with  the  growth  of  the  last  ten 
years  in  the  tonnage  handled  at  the  port  facility, 
has  compounded  the  problems  for  bulkhead 
design.  The  facility  to  be  built  is  located  at 
the  Engineering  Yard  used  by  Savannah  Dis¬ 
trict.  It  will  have  300  ft  of  docking  area  and 
300  ft  of  bulkhead.  The  docking  area  is  in¬ 
tended  to  service  dredges,  survey  boats,  jack¬ 
up  barges,  and  other  miscellaneous  vessels. 


Erosion  from  wake  waves  of  the  passing  ships 
will  be  considered. 

The  problems  encountered  during  design 
and  construction  include: 

•  Errant  vessels  hitting  the  bulkhead  and 
moored  vessels. 

•  Corrosion  study. 

•  Aesthetics. 

•  Increased  dredge  depth  of  the  Savannah 
River. 

•  Archeological  study. 

•  Pile  driving  in  the  area  known  to  have 
buried  debris. 

For  additional  information,  contact  Kirti 
Joshi,  CESAS-EN-DS,  telephone:  912/944- 
5568. 


1  Structural  Engineer,  US  Army  Engineer  District.  Savannah;  Savannah,  GA. 
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Channel  Wall  Study  for  the  River  Des  Peres 
Flood  Control  Project 

by 

Rochelle  R.  Ross' 


Abstract 

Through  the  years,  the  Corps  of  Engineers  ’  way  of  doing  business  has  changed. 
We  are  now  involved  with  more  cost-sharing  projects,  and  therefore,  there  is  a 
greater  demand  to  construct  cost-effective  designs.  This  in  turn  forces  us  to  keep 
up  with  progressing  technology  and  find  new  and  better  solutions  to  old  problems. 

One  of  the  Corps  of  Engineers  ’  old  and  continuing  problems  is  flood  control 
through  highly  populated  residential  and  commercial  areas  with  limited  space  for 
construction.  The  River  des  Peres  Flood  Control  project  is  such  a  problem. 

A  channel  wall  constructed  of  gabions  was  presented  in  the  Reconnaissance 
Report  as  the  method  to  use.  But,  because  of  the  excessive  cost  to  the  Corps  of 
Engineers  and  the  public,  it  was  decided  that  a  less  expensive  wall  needed  to  be 
found  in  order  to  increase  the  benefit/cost  ratio  to  an  acceptable  value. 

This  paper  will  present  various  innovative  methods  researched  and  evaluated  for 
the  construction  of  a  flood  control  wall  along  the  River  des  Peres  in  St.  Louis,  MO. 


Introduction 

I  am  sure  you  all  know  that  the  Corps  of 
Engineers  cannot  do  business  as  they  once  did 
many  years  ago.  Today  we  must  be  concerned 
with  the  number  of  hours  and  the  amount  of 
money  we  spend.  With  the  changing  times,  we 
have  more  cost-shared  projects  which  force  us 
to  construct  the  least  expensive,  most  effective 
structures.  Like  everyone  else,  we  and  our  cus¬ 
tomers  want  the  best  for  the  least.  The  River 
des  Peres  channel  improvement  project  is  such 
a  cost-shared  project. 

The  River  des  Peres  enters  the  Mississippi 
River  at  river  mile  172. 1,  which  is  approxi¬ 
mately  23  miles  downstream  from  the  conflu¬ 
ence  of  the  Mississippi  and  Missouri  Rivers. 


The  River  des  Peres  watershed  covers  1 1 1 
square  miles  and  includes  portions  of  unincor¬ 
porated  St.  Louis  County  and  the  city  of  St. 
Louis  and  all  or  parts  of  42  municipalities 
within  St.  Louis  County.  This  project  is  di¬ 
vided  into  two  sections.  Deer  Creek  and  Uni¬ 
versity  City.  The  walls  researched  were  for  a 
0.38-mile  portion  of  the  University  City. 

Constraints 

Like  all  projects,  there  are  many  problems 
and  constraints  one  has  to  deal  with  and  over¬ 
come.  These  constraints  include  construction 
limits,  the  cost  of  the  materials  and  construc¬ 
tion,  scour  and  frost  protection,  construction 
right-of-way,  the  height  of  the  wall,  the  width 
of  the  channel,  and  others  such  as  the  soil 


1  Design  Branch,  US  Army  Engineer  District,  St.  Louis;  St.  Louis,  MO 
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properties.  For  this  particular  project,  the 
height  of  the  wall  was  set  at  15  ft,  and  the  chan¬ 
nel  width  varied  depending  upon  the  roughness 
of  the  wall  face.  For  a  smooth  surface,  such  as 
concrete,  the  required  width  was  55  ft,  and  for  a 
rough  surface,  such  as  gabions,  the  required 
width  was  65  ft.  Based  on  scour  and  the  frost 
line,  the  bottom  of  the  footing  needs  to  be  3  ft 
below  the  creek  bed.  The  construction  limits 
are  restricted  by  existing  residential  and  com¬ 
mercial  buildings.  The  top  of  rock  is  located 
within  5  ft  from  the  creek  bed.  And  of  course, 
the  cost  must  be  inexpensive,  and  the  benefit/ 
cost  ratio  must  be  an  acceptable  value. 

Walls  Researched 

There  are  four  classes  of  wall  systems: 
gravity,  cantilever,  anchored,  and  mechanically 
stabilized  backfill.  Gravity  walls  rely  on  the 
weight  of  the  wall  system  to  resist  overturning. 
Most  consisted  of  precast  concrete  and  earth 
or  rock,  and  one  was  made  of  wire  baskets 
filled  with  rock  (i.e.  gabions).  The  cantilever 
wall  is  designed  such  that  the  stem,  heel,  and 
toe  each  acts  as  a  cantilever  beam.  Anchored 
walls  are  held  vertical  by  anchors  penetrating 
deep  into  the  backfill.  This  type  of  wall  sys¬ 
tem  was  not  looked  at  for  this  project.  Me¬ 
chanically  stabilized  backfill  stems  from  the 
familiar  reinforced  earth  wall,  in  which  steel 
strips  interact  with  the  backfill  to  form  a  co¬ 
herent  mass  of  reinforced  earth,  behaving  in 
some  ways  like  steel-reinforced  concrete.  Be¬ 
cause  of  the  location  of  the  rock,  sheet-pile 
walls  were  not  considered. 

The  design  procedures  were  similar  for  all 
types  of  walls  looked  at.  The  procedures  con¬ 
sisted  of  bearing  capacity,  sliding,  and  over¬ 
turning  and  were  done  using  the  Corps  of 
Engineers’  computer  program  CSLIDE  and 
hand  calculations  following  Corps  of  Engi¬ 
neers  and  Naval  Facilities  criteria.  Initially,  a 
typical  cross  section  through  University  City 
was  taken,  and  each  wall  layout  was  superim¬ 
posed  onto  it.  Quantities  of  excavation,  back¬ 
fill,  premanufactured  materials,  and  other 
items  which  depend  on  the  type  of  wall  were 
found  for  each  wall  type,  and  cost  compari¬ 
sons  were  made. 


The  five  walls  researched  consisted  of 
the  following:  (a)  Armco  Bin-Type  Walls, 

(b)  Doublewall,  (3)  Mechanically  Stabilized 
Earth,  (d)  TechWall,  and  (e)  WaterLoffels. 
Each  of  these  is  classified  as  one  of  the  above 
wall  systems  and  is  described  in  detail  below. 

Armco  Bin  Walls  -  Contech 

Armco  Bin-Type  Retaining  Walls  are  a  sys¬ 
tem  of  adjoining  closed-face  bins,  each  10  ft 
long.  They  consist  of  sturdy,  lightweight 
steel  members  that  are  bolted  together  at  the 
jobsite.  For  this  particular  job,  precast  con¬ 
crete  panels  were  used  instead  of  the  steel  for 
the  front  facing.  These  slide  down  slots  lo¬ 
cated  on  both  side  steel  members.  Once  they 
are  filled  with  soil,  they  are  transformed  into 
a  gravity-type  retaining  wall. 

Since  all  four  sides  of  each  cell  are  com¬ 
posed  of  overlapping  steel  members  and  precast 
concrete  facing  panels,  the  fill  is  easily  con¬ 
tained  within  the  structure.  Armco  Bin-Walls 
have  the  ability  to  withstand  temperature  varia¬ 
tions  and  the  effects  of  ice  and  snow.  The  steel 
members  are  supplied  in  galvanized  material  to 
help  prevent  against  corrosion. 

This  particular  design  called  for  a  12-ft  base. 
The  fill  used  in  these  bins  is  pervious.  A  filter 
fabric  lines  the  front  facing  panels  to  aid  in 
drainage  and  in  the  containment  of  the  fill.  Be¬ 
cause  this  is  a  gravity-type  wall,  support  for  the 
wall  is  needed  under  the  earth  mass.  On  rigid 
foundations,  provision  must  be  made  to  allow 
slight  settlement  of  the  vertical  comer  mem¬ 
bers.  This  is  usually  done  by  providing  a  com¬ 
pressible  cushion  under  the  grade  plates  with 
approximately  8-in.  of  loose  fill. 

Contech’ s  quoted  cost  for  the  Bin  Wall 
was  $20.00/sq  ft  of  wall  constructed  without 
excavation.  The  Corps  of  Engineers’  estimate 
for  the  construction  of  the  Armco  Bin  Walls 
was  $  1 ,800,000. 

Doublewail 

Doublewall  is  a  gravity  retaining  wall  system. 
This  system  consists  of  precast,  interlocking. 
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reinforced  concrete  modules  which  vary  in 
size  depending  upon  the  application.  Each 
module  consists  of  two  face  panels  held  rigid 
and  apart  by  connecting  beams.  Once  in  place, 
the  units  are  filled  with  earth  or  with  screened 
or  crushed  stone,  depending  upon  the  applica¬ 
tion,  to  form  a  gravity  retaining  wall. 

Because  this  project  does  not  involve  wave 
action  from  fluctuating  water  levels,  the  units 
would  be  filled  with  earth  fill.  To  aid  in 
drainage,  the  front  vertical  joints  are  sealed 
with  filter  fabric.  A  rubber  pad  is  placed  be¬ 
tween  horizontal  joints.  Other  than  the  horizon¬ 
tal  and  vertical  joints,  there  are  no  openings  in 
the  face  of  the  concrete  wall.  This  provides 
protection  against  material  loss. 

Construction  of  Doublewall  consists  of 
pouring  a  concrete  footing  at  the  toe  of  the 
structure,  lifting  the  modules  off  the  truck  and 
placing  them  by  a  crane,  filling  them  with  per¬ 
vious  fill  (10  percent  passing  a  No.  200 
sieve),  and  compacting  the  fill,  then  repeating 
the  process  (excluding  pouring  the  footing) 
until  the  desired  height  is  reached.  According 
to  Doublewall,  the  installation  rate  is  approxi¬ 
mately  2,000  sq  ft/day,  using  a  crew  of  five. 

Corrosion  problems  are  eliminated  since 
the  system  does  not  require  forms,  bolts,  nuts, 
pins,  fasteners,  or  special  strips  under  layered 
embankments.  The  wall  is  vertically  flexible 
so  that  differential  settlements  are  tolerable, 
although  it  may  affect  the  appearance.  Be¬ 
cause  this  type  of  wall  system  depends  upon 
its  weight  for  stability,  utilities  may  be  in¬ 
stalled  behind  the  wall  without  affecting  it. 

This  particular  wall  required  a  10-ft  base. 
Compared  with  the  Armco  Bin-Walls,  the  ex¬ 
cavation  cost  is  15  percent  less.  The  quoted 
price  from  DoubleWall  Corporation  for  the 
River  des  Peres  application  was  $27.00/sq  ft 
of  wall,  which  includes  the  cost  of  the  modules 
and  footing  in  place.  This  is  considerably 
more  than  the  materials  used  for  the  Armco 
Bin-Wall.  The  Corps  of  Engineers’  estimate 
for  the  construction  of  DoubleWall  was 
$1,800,000,  the  same  as  Armco  Bin-Walls. 


Mechanically  Stabilized  Backfill 

The  mechanically  stabilized  backfill  that 
was  researched  for  the  River  des  Peres  project 
is  manufactured  by  the  Reinforced  Earth  Com 
pany.  The  Reinforced  Earth  structure  is  a  sin¬ 
gle,  coherent  gravity  mass  that  can  be 
engineered  for  specific  load  requirements. 

The  interlacing  of  soil  and  reinforcements  de¬ 
velops  friction  at  the  points  of  contact  be¬ 
tween  the  two,  resulting  in  a  permanent  and 
predictable  bond  and  creating  a  composite 
construction  material.  Reinforced  Earth  is 
flexible  such  that  it  is  possible  to  build  di¬ 
rectly  on  compressible  foundation  soils  or  on 
unstable  slopes. 

The  materials  used  to  construct  this  wall 
consist  of  a  cast-in-place  leveling  pad,  stan¬ 
dard  precast  concrete  panels,  galvanized  steel 
reinforcement  strips,  permeable  backfill,  and 
filter  fabric.  The  filter  fabric  is  used  on  panel 
joints  to  prevent  the  backfill  from  seeping 
through  the  joints.  The  recommended  back¬ 
fill  is  sand,  with  less  than  5-percent  fines. 

The  length  of  the  reinforcing  strips  de¬ 
pends  upon  the  height  of  the  wall.  Generally, 
the  strips  are  0.7  times  the  height,  but  are  not 
shorter  than  8  ft,  and  they  come  in  2-ft 
increments.  The  required  length  of  strips  for 
this  application  is  12  ft.  This  base  width  is 
the  same  for  the  Armco  Bin-Walls;  therefore 
the  excavation  quantity  and  cost  are  the  same 
for  these  two. 

The  construction  of  Reinforced  Earth  is  said 
to  be  simple  and  repetitive.  All  premanufac¬ 
tured  components  are  delivered  to  the  jobsite. 
Using  a  crew  of  five  and  standard  construc¬ 
tion  equipment,  contractors  can  finish  750  to 
1,000  sq  ft  of  wall  face  per  shift.  After  plac¬ 
ing  the  cast-in-place  leveling  pad  and  the  ini¬ 
tial  course  of  panels,  the  first  lift  of  backfill  is 
spread  and  compacted.  The  steel  reinforce¬ 
ments  are  placed  and  bolted  to  the  panels.  A 
lift  of  backfill  is  spread  and  compacted  over 
the  reinforcing  strips.  This  procedure  is  re¬ 
peated  until  design  height  is  reached. 
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The  Corps  of  Engineers’  estimate  for  the 
Reinforced  Earth  is  approximately  $1,500.00. 
The  cost  savings  for  this  type  over  the  Armco 
Bin-Walls  and  DoubleWall  is  in  the  price  of 
the  premanufactured  components  (precast 
panels  and  reinforcing  strips). 

TechWall 

Traditional  cantilever  retaining  walls  can 
be  an  efficient  and  economical  method  of  earth 
retention  in  areas  where  severe  excavation  or 
right-of-way  restrictions  prevent  the  use  of 
such  methods  as  Reinforced  Earth.  The  use  of 
countei  forts  in  conjunction  with  retaining  walls 
generally  allows  design  efficiencies  in  the  re¬ 
quired  quantity  of  concrete  and  reinforcing  steel. 
However,  counterfort  retaining  walls  are  eco¬ 
nomically  difficult  to  cast  at  the  project  site. 
Therefore,  the  Reinforced  Earth  Company  de¬ 
veloped  the  TechWall  product. 

TechWall  consists  of  reinforced  precast 
counterfort  wall  sections  and  cast-in-place  lev¬ 
eling  pad  and  footings.  The  footing  width  is 
approximately  50  percent  of  the  wall  height. 
The  leveling  pad  initially  serves  as  a  means 
of  assuring  vertical  alignment  and  temporar¬ 
ily  supporting  the  panels.  These  panels  gener¬ 
ally  have  weepholes  incorporated  into  them 
for  drainage  purposes.  Ultimately,  the  pad 
will  be  incorporated  into  the  overall  system  as 
the  shear  key. 

Since  these  walls  use  heavily  reinforced 
counterforts,  the  precast  concrete  facing  pan¬ 
els  are  relatively  thin.  The  counterforts  are 
tapered  in  shape  from  top  to  bottom.  This 
tapered  shape  approximates  the  shape  of  the 
bending  moment  diagram  produced  by  the 
horizontal  earth  pressures. 

Once  the  leveling  pad  is  placed,  panels  are 
set  vertically  with  lifting  bars  placed  through 
holes  cast  into  the  counterforts  and  are  aligned 
with  connecting  plates  that  are  attached  be¬ 
tween  the  two  panels.  After  all  of  the  panels 
are  in  place,  a  concrete  footing  is  poured  over 
the  shear  key  to  a  level  sufficient  to  cover  the 
panel  legs.  When  the  footing  is  cured,  back¬ 
fill  is  placed  and  compacted.  The  required 


backfill  is  a  pervious  fill.  Filter  fabric  lines 
the  panels  to  aid  in  drainage  and  containment 
of  the  fill.  The  placement  of  the  panels  is 
based  on  conventional  methods  of  tilt-up  wall 
construction. 

Although  the  excavation  quantity  is  less 
than  that  for  the  Reinforced  Earth — Mechani¬ 
cally  Stabilized  Backfill,  the  cost  of  the  pre¬ 
cast  panels,  delivered  and  erected,  is  higher. 
This  difference  causes  the  Corps  of 
Engineers’  estimate  for  the  product  TechWall 
to  be  approximately  $100,000  more  than  that 
for  the  Mechanically  Stabilized  Backfill, 
which  comes  to  a  total  of  $1,600,000. 

WaterLoffel 

The  WaterLoffel  is  a  variant  of  the 
Loeffelstein,  a  spoon-shaped,  stone-made 
product  developed  by  Steiner  Silidur  A.G. 
of  Switzerland  in  the  mid-1970’s.  Like  the 
Loeffelstein,  the  WaterLoffel  modules  inter¬ 
lock  by  wings  or  ears  on  each  side.  An  addi¬ 
tional  cross-member  creates  two  independent 
troughs  that  retain  backfill.  The  units  mea¬ 
sure  25.6  in.  deep,  26.5  in.  wide,  and  7.25  in. 
high.  It  is  assembled  in  running  bond  without 
mortar,  grout,  or  reinforcement. 

All  of  the  previous  researched  wall  types 
were  designed  as  a  vertical  wall.  WaterLoffels 
are  required  to  be  constructed  to  a  maximum 
slope  of  70  deg  and  a  minimum  of  40  deg.  This 
slope  requirement  allows  the  channel  width  to 
decrease  from  55  ft  to  a  45-ft  base  and  a  10-ft 
setback  at  the  top  of  the  wall.  This  narrower 
channel  reduces  the  excavation  quantity. 
WaterLoffel  walls  are  constructed  one  unit 
deep.  They  are  good  with  respect  to  expansion 
and  contraction  with  changes  in  temperature 
since  the  modules  are  not  mortared  together. 
Directly  behind  and  inside  the  modules  is 
gravel. 

Because  of  the  slope  requirement,  a  slightly 
different  stability  design  was  utilized.  The  re¬ 
sults  of  this  design  showed  that  there  was  a 
global  sliding  problem  and  the  wall  was  not 
stable  even  at  the  minimum  slope  of  40  deg.  It 
was  then  decided  that  if  sloping  sides  were 
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used  instead  of  verticals,  then  riprap  would  be 
used.  Because  of  this  decision,  a  cost  estimate 
was  not  done  for  this  wall  type. 

Conclusion 

The  times  are  changing,  and  we  must  keep 
up  with  progressing  technology  and  find  new 
and  hopefully  better  solutions  to  all  of  our 
problems,  new  and  old.  Each  of  these  walls 
has  its  own  benefits  as  well  as  drawbacks,  but 
for  the  appropriate  project  would  be  very  ef¬ 
fective  and  beneficial.  Currently,  it  appears 
that  the  Mechanically  Stabilized  Backfill  man¬ 
ufactured  by  the  Reinforced  Earth  Company 
will  be  used  for  construction  of  the  channel 
wall.  This  alternative’s  cost  is  the  least  for 
this  particular  project  on  the  River  des  Peres 
in  St.  Louis,  MO. 
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Structural  Investigation  and  Repair 
Cannon  AFB  Hospital 

by 

George  E.  Diewald,  PE 1 


Abstract 

An  independent  A/E  firm  was  contracted  by  the  Corps  of  Engineers  to  perform 
an  investigation  and  a  lateral  load  analysis  of  the  existing  hospital  at  Cannon  AFB, 
New  Mexico.  The  building  was  built  in  the  mid-1 960’s.  It  is  a  three-story  concrete 
frame  with  concrete  pan  joist  floors  and  roof  structures  supported  on  a  partial 
basement  with  short  concrete  pier  columns  in  a  crawl  space.  The  lateral  load 
analysis  was  performed  to  determine  if  the  lateral  load-carrying  systems  conform 
to  the  current  wind  and  seismic  codes.  The  structure  is  an  “ irregular  ”  structure. 
This  made  the  lateral  analysis  difficult  to  analyze  and  presented  the  A/E  with  some 
interesting  problems.  During  the  investigation,  it  was  discovered  that  numerous 
short  pier  columns  in  the  crawl  space,  under  the  first  floor,  had  developed  severe 
shear  cracks.  The  A/E  was  given  an  additional  contract  to  analyze  these  columns 
and  prepare  plans  and  specifications  for  their  immediate  repair. 


Introduction 

Cracking  had  developed  in  the  floor  slabs 
of  the  hospital  at  Cannon  AFB,  New  Mexico. 
This  hospital  was  constructed  during  1965- 
1966.  Beginning  in  1987,  an  investigation 
was  performed  to  determine  the  cause(s)  for 
the  floor  cracking.  This  initial  investigation 
led  to  the  requirement  for  further  studies  and 
investigations  into  the  structural  integrity  of 
this  building.  This  paper  will  strive  to  de¬ 
scribe  the  various  investigations,  studies,  find¬ 
ings,  and  repairs  which  were  performed  on 
this  structure  over  a  period  of  4  years  from 
1987  to  1991. 


Building  Description 

The  building  is  a  three-story  reinforced 
concrete  structure  consisting  of  one-way  14-in.- 
deep  pan  joist  roof  and  floor  slabs  spanning  in 
the  north-south  direction  of  the  building  with 
supporting  beams  in  the  east-west  direction 
(grid  lines  1-13,  Figures  1, 2,  &  3)  supported 
by  concrete  columns  on  a  24-ft  grid  each  di¬ 
rection.  The  exterior  facade  of  the  second 
and  third  stories  consists  of  groups  of  three 
4-ft  double-tee  precast  wall  panels  separated 
by  wide  window  units.  The  first  story  exterior 
facade  consists  of  individual  4-ft-wide  double- 
tee  precast  wall  panels  separated  by  narrow 
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Figure  1 .  Third  story  and  roof  plans 


Figure  3.  First  story  plan 


window  units.  All  of  these  panels  are  con¬ 
nected  with  embedded  steel  connections  to 
the  exterior  beams  of  the  floor  and  roof  slabs. 

The  roof  and  the  third  story  (192  ft  N-S  by 
80  ft  E-W  by  12  ft  high.  Figures  1  and  5) 
overhang  the  second  story  in  the  north-south 
direction  and  are  set  back  from  the  second 
story  in  the  east-west  direction  creating  a  ver¬ 
tical  irregular  story  over  the  second  story. 

The  second  story  (168  ft  N-S  by  100  ft  E-W 
by  13  ft  high,  Figures  2  and  5)  is  set  back 
from  the  first  story  in  both  directions.  The 
first  story  (288  ft  N-S  by  192  ft  E-W  by  13  ft 
high.  Figures  3  and  5)  is  the  same  configuration 
as  the  partial  basement/crawl  space  leve1.  At 
the  partial  basement/crawl  space  level  (288  ft  N- 
S  by  192  ft  E-W  by  14-ft-  high  basement/2-ft  tc 
4-ft-high  crawl  space.  Figures  4  and  5)  the 
north  wall  (grid  line  1)  consists  of  a  combina¬ 
tion  of  full-height  walls  at  the  basement,  grade 
beams  on  short  piers  and  full-height  grade 
beams/columns.  The  south  wall  (grid  line  13) 
consists  of  a  combination  of  grade  beams  or. 
short  piers  and  full-height  grade  beams/col¬ 
umns.  The  east  wall  (grid  line  J)  consists  of 
grade  beams  on  short  piers.  The  west  wall 
(grid  line  A)  consists  of  full-height  grade 
beams/columns.  The  partial  basement  walls 
within  the  crawl  space  function  as  a  stiff  ele¬ 
ment  for  lateral  load  distribution.  Two  eleva¬ 
tor/stair  shafts  penetrate  through  the  full  height 
of  the  building  to  service  the  basement  and  the 
second  and  third  stories  from  the  first  stuiy. 


Findings 

It  was  discovered  that  the  negative  rein¬ 
forcing  of  the  pan  joist,  at  the  supporting 
beams,  was  missing  and  had  not  been  in¬ 
stalled  as  detailed  on  the  original  drawings. 

No  positive  moment  cracking  was  observed. 

Recommendations 

It  was  recommended  from  this  study  that 
the  entire  hospital  structure  be  investigated  to 
determine  if  the  negative  reinforcing  in  all  the 
pan  joists  had  been  left  out  during  construction. 

November  1987  Survey 
and  Analysis 

This  survey,  to  determine  if  the  negative  re¬ 
inforcing  :n  all  the  pan  joists  had  been  left  out 
during  construction,  and  subsequent  analysis 
were  also  performed  by  Richard  G.  Vaughan 
&  Assocs.  Negative  moment  cracking  was  ev¬ 
ident  in  other  areas  of  the  hospital  to  varying 
degrees.  The  columns  in  the  basement/crawl 
space  area  were  observed  during  this  survey 
and  showed  no  signs  of  distress. 

Findings 

With  the  use  of  an  R-meter  and  X-ray,  it 
was  determined  that  all  the  principal  negative 
moment  reinforcing  was  missing  in  the  pan 
joists  roof  and  floor  slabs. 


March  1987  Survey 
and  Analysis 

Richard  G.  Vaughan  &  Assocs.,  Consulting 
Engineers,  Albuquerque,  NM,  was  contracted  by 
the  US  Army  Engineer  District,  Albuquerque, 
to  investigate  floor  cracks  in  the  loose-issue 
area  (a  heavily  loaded  floor  area)  of  the  hospital. 
This  survey  and  subsequent  analysis  of  the  floor 
slab  were  performed  to  investigate  the  cause(s) 
of  cracks  which  were  visible  in  the  top  of  the 
slab  in  the  region  of  the  north-south  integral 
support  beams. 


Recommendations 

Because  of  this  finding,  it  was  recommended 
that  a  lateral  analysis  be  performed  on  the  struc¬ 
ture  to  determine  if  the  building  complied  with 
current  seismic  and  wind  codes.  With  the  nega¬ 
tive  reinforcing  missing  in  the  pan  joists,  there 
was  no  longer  an  equivalent  frame  in  the  north- 
south  direction  of  the  structure. 
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Figure  4.  Basement/crawl  space  plans 
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Figure  5  Building  sections  A  and  B 


Results 


November  1989  Lateral  Analysis 


In  November  1989  a  lateral  analysis  study 
was  performed  by  Webb-Leonard-Vaughan, 
Architect-Engineer,  Albuquerque,  NM.  The 
purpose  of  this  analysis  was  to  analyze  the 
structure  for  compliance  to  the  current  US  Army 
Corps  of  Engineers  (US  ACE)  standards  and 
Uniform  Building  Code  seismic  and  wind  load¬ 
ing  requirements.  This  analysis  was  perfoi  med 
using  the  following  assumptions: 

•  The  exterior  precast  wall  panels  at  the 
second  and  third  stories  are  poorly  con¬ 
nected  to  each  other  and  act  indepen¬ 
dently  to  each  other.  The  shear  capacity 
of  the  connections  of  the  exterior  wall 
panels  to  each  other,  along  their  vertical 
edges,  makes  a  considerable  difference  in 
the  lateral  load-carrying  capacity  of  the 
panels.  If  the  panels  act  as  one  unit  of 
many  panels,  they  will  resist  consider¬ 
ably  more  lateral  load  than  if  they  act  as 
individual  panels. 

•  The  connection  of  the  exterior  precast 
wall  panels  to  the  roof  and  floor  slabs  has 
a  safety  factor  of  3.0.  The  connection  of 
the  exterior  precast  wall  panels  to  the  sup¬ 
porting  roof  and  floor  slabs  is  critical,  be¬ 
cause  it  transfers  the  roof  and  floor 
diaphragm  loads  into  the  panels.  This 
type  of  connection  has  to  meet  a  Corps  re¬ 
quirement  for  a  safety  factor  of  3.0. 

•  The  reinforcing  dowels  connecting  the 
roof  and  floor  slabs  to  the  stair/elevator 
shafts  were  as  specified  on  the  as-built 
drawings.  The  capacity  of  the  dowels 
which  anchor  the  stair/elevator  shafts  to 
the  roof  and  floor  slabs  is  critical,  be¬ 
cause  the  dowels  help  to  transfer  the  roof 
and  floor  diaphragm  loads  into  the 
stair/elevator  shafts. 

•  The  strength  of  the  roof  and  floor  slab 
dowels  to  the  stair/elevator  shafts  was 
60,000  psi  reinforcing.  The  strength  of 
the  dowel  reinforcing  will  make  a  big 
difference  in  the  amount  of  shear  force 
which  can  be  transferred  into  the  stair/ 
elevator  shafts. 


Since  the  pan  joist  negative  reinforcing 
was  missing,  the  effectiveness  of  the  pan  joist 
equivalent  frame  in  the  north-south  direction 
to  resist  any  lateral  loading  was  considered  to 
be  minimal.  In  the  east-west  direction  of  the 
structure,  the  analysis  determined  that  the 
magnitude  of  the  lateral  load  distribution  to 
the  concrete  beam-column  frames  is  small 
compared  to  the  total  lateral  force  on  the 
structure.  Therefore,  results  indicate  a  major 
portion  of  the  lateral  load  is  distributed  to  the 
exterior  double-tee  precast  wall  panels  and 
the  two  stair/elevator  shafts. 

Recommendations 

The  A/E  recommended  another  survey  be 
conducted  to  substantiate  the  aforementioned 
four  assumptions,  since  they  are  critical  to  the 
lateral  stability  analysis  of  the  building. 

April-May  1990  Survey 

This  survey  was  conducted  to  substantiate 
the  assumptions  made  in  the  lateral  analysis 
of  November  1989.  The  following  conditions 
existed  for  the  four  assumptions: 

•  The  exterior  precast  wall  panel  vertical 
joints  were  connected  by  means  of  cast- 
in-place  rebar  anchors  welded  together 
with  a  common  rebar.  It  was  analyzed 
that  these  anchors  were  of  minimal  capac¬ 
ity,  therefore  the  panels  could  not  be  con¬ 
sidered  to  be  acting  together  and  had  to 
be  considered  as  separate  units.  This 
finding  confirmed  the  assumption  in  the 
November  1989  analysis. 

•  The  connections  of  the  exterior  precast 
wall  panels  to  the  respective  roof  and  floor 
slabs  were  weakened  by  poor  construction 
practices.  The  concrete  around  the  anchor 
plates  of  the  connection  had  been  chipped 
away  to  allow  for  erection  of  the  panels, 
and  the  anchor  plates  in  the  panels  only 
partially  line  up  with  the  anchor  plates  in 
the  roof  and  floor  slabs.  The  connections 
were  analyzed  to  have  an  approximate 
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safety  factor  of  1.5,  well  below  the  re¬ 
quired  safety  factor  of  3.0.  This  finding 
greatly  reduced  the  capacity  of  these  an¬ 
chor  plates  as  analyzed  in  the  November 
1989  analysis. 

•  The  dowels  connecting  the  roof  and  floor 
slabs  to  the  stair/elevator  slabs  are  in 
place,  but  in  several  locations  the  connec¬ 
tions  were  not  as  detailed  on  the  as-built 
drawings.  The  dowels  were  spaced  further 
apart  and  in  some  cases  were  a  smaller  size 
than  specified  on  the  as-built  drawings.  In 
some  cases  the  safety  factor  is  as  low  as 
1.1  at  the  first  story.  This  finding  reduced 
the  shear  capacity  between  the  roof  and 
floor  slabs  and  die  shaft  walls  as  analyzed 
in  the  November  1989  analysis. 

•  The  dowel  reinforcing  strength  tested  to 
60,000  psi  This  finding  confirmed  the  as¬ 
sumption  in  the  November  1989  analysis. 

With  the  determination  of  these  assump¬ 
tions,  the  A/E  revised  the  lateral  analysis  that 
was  performed  in  November  1989.  During 
this  survey  it  was  observed  that  several  col¬ 
umns  in  the  basement/crawl  space  area 
showed  signs  of  distress  in  the  form  of  severe 
shear  cracks  in  some  and  flexural  cracks  in 
others.  These  columns  had  shown  no  signs  of 
distress  in  the  November  1987  survey. 

Distressed  Crawl 
Space  Columns 

Significant  shear  cracks  were  visible  in  col¬ 
umns  H-3,  H-6,  H-7,  H-10,  H-ll,  G-ll,  F-12, 
G-12,  and  H-12.  Column  H-12  was  the  most 
severely  cracked.  The  cracking  pattern  of  the 
columns  suggests  the  loading,  which  created 
the  cracking,  was  bidirectional.  Columns  H- 
10,  H-ll,  and  H-12  yielded  the  reinforcing 
and  had  failed.  The  cracks  were  approximately 
1/8  in.  in  width  in  these  columns  (Figure  6). 

All  columns  on  line  B  had  minor  flexural 
cracks  on  the  east  faces.  In  addition,  isolated 
minor  cracking  was  observed  in  the  columr 
around  the  column-beam  connections  on 
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Figure  6.  Shear  crack  in  column  H-1 1 


lines  A  and  J.  It  was  reported  by  mainte¬ 
nance  personnel  at  the  hospital  that  on  May 
30,  1988,  a  very  severe  storm  occurred  in  the 
area.  This  storm  produced  4  in.  of  rain  in 
2  hours,  extensive  flooding,  and  very  high 
winds  estimated  to  be  in  the  range  of  50  to  70 
MPH.  One  tornado  funnel  cloud  was  also  re¬ 
ported  in  the  vicinity  of  Cannon  AFB.  Mainte¬ 
nance  personnel  reported  that  the  suspended 
ceiling  system  in  offices  in  the  southeast  comer 
of  the  building  fell  during  this  storm.  These  of¬ 
fices  are  in  the  vicinity  of  the  most  severely  dis¬ 
tress  columns  H-10,  H-ll,  and  H-12.  It  is 
therefore  theorized  that  the  hospital  was  hit  by 
tomadic  winds,  causing  vibrations  in  parts  of  the 
hospital,  and  displacements  substantially  in  ex¬ 
cess  of  the  column  shear  capacities. 


623 


Diewald 


Discussion  of  the 
Lateral  Analysis 

The  Cannon  AFB  Hospital,  as  originally 
constructed,  is  not  in  compliance  with  current 
USACE  standards  and  the  1988  Uniform 
Building  Code  lateral  seismic  requirements. 
The  system,  a  dual  system,  does  not  comply 
with  die  requirements  that  the  vertical  space 
frame  be  capable  of  withstanding  25  percent 
of  the  base  shear.  Because  of  the  weight  of 
this  building,  seismic  action  controlled  over 
wind  for  the  lateral  analysis. 

The  first,  second,  and  third  stories  are  for 
the  most  part  symmetrical,  with  both  the  cen¬ 
ter  of  mass,  and  the  center  of  rigidity  near  the 
center  of  the  building  (Figures  3,  2,  &  1,  re¬ 
spectively).  The  exterior  precast  wall  panels 
are  relatively  stiff  elements  and  carry  a  major¬ 
ity  of  the  lateral  load.  The  exterior  precast 
shear  wall  panels  of  the  third  and  second  sto¬ 
ries  do  not  occur  on  the  column  center  lines. 
The  lateral  loads  of  the  third  and  second  sto¬ 
ries  have  to  be  transferred  from  the  offset  ver¬ 
tical  exterior  precast  shear  wall  panels  into 
the  lower  floor  diaphragm,  through  the  slab  di¬ 
aphragms,  past  column  frame(s),  and  into  the 
offsetting  vertical  exterior  precast  shear  wall 
panels  of  the  story  below.  This  type  of  load 
path  transfer  is  termed  vertically  irregular. 

The  second  story  is  set  back  approximately 
two  column  lines  (56  ft)  in  the  north-south  di¬ 
rection  and  one  and  two-thirds  column  lines 
(40  ft)  in  the  east-west  direction  (Figure  3). 
The  second-story  precast  shear  wall  panels 
transfer  lateral  load  into  the  roof  of  the  first 
floor.  The  lateral  load  has  to  be  transferred 
through  the  first-story  roof  diaphragm,  past 
two  column  lines  (1  &  2  or  1 1  &  12)  in  the 
north-south  direction  and  one  column  line  (B 
or  H)  in  the  east-west  direction,  and  into  the 
vertical  precast  shear  wall  panels  on  the  exte¬ 
rior  of  the  first  story  and  finally  down  to  the 
basement/crawl  space  area. 

As  described  previously  in  the  “Building 
Description,”  the  basement/crawl  space  lat¬ 
eral  supporting  structure  is  very  irregular  with 
very  stiff  full -height  basement  walls  in  the 


partial  basement,  has  a  combination  of  shallow 
grade  beams  on  short  columns,  and  very  stiff 
full-height  grade  beams/columns  in  the  crawl 
space.  The  center  of  mass  and  the  center  of  ri¬ 
gidity  in  the  basement/crawl  space  area  are  not 
coincident  (Figure  4).  Therefore,  in  the  distri¬ 
bution  of  the  lateral  loads,  considerable  tor¬ 
sional  loading  is  exerted  on  the  structure. 

The  first  lateral  analysis  performed  in  No¬ 
vember  1989  assumed  that  the  loads  in  the 
basement/crawl  space  area  were  resisted  en¬ 
tirely  by  the  full-height  basement  walls.  With 
the  discovery  of  the  cracked  columns  in  the 
crawl  space,  this  thought  process  was  reevalu¬ 
ated  and  the  stiffness  of  the  all  elements  in 
the  area  were  taken  into  account.  The  most 
severely  distressed  columns  were  on  column 
line  H,  next  to  exterior  column  line  J.  The  lat¬ 
eral  resisting  elements  on  line  J  are  shallow 
grade  beams  on  short  columns,  which  are  the 
weakest  of  the  basement  exterior  wall  resisting 
elements.  This  could  account  for  the  worst 
distressed  columns  being  on  line  H,  since  the 
columns  on  line  H  would  be  forced  to  contrib¬ 
ute  to  the  resistance  of  the  loads  induced  into 
line  J.  The  short  crawl-space  columns  are 
48  in.  high  and  contain  a  large  amount  of  verti¬ 
cal  reinforcing  (12-  by  12-in.  columns,  7.06  per¬ 
cent,  and  18-  by  18-in.  columns,  3.9  percent). 
Therefore,  they  are  controlled  by  a  brittle  shear 
mode  of  failure,  which  is  very  undesirable, 
rather  than  a  ductile  flexural  failure.  It  is  esti¬ 
mated  that  the  shear  forces  exerted  to  the  col¬ 
umns  by  the  lateral  displacements  were  likely 
as  high  as  three-fourths  of  the  ultimate  capac¬ 
ity  of  the  columns  in  shear.  The  safety  factor 
of  these  columns  is  very  difficult  to  estimate, 
but  based  on  research  data,  these  columns 
could  have  safety  factors  as  low  as  1.3.  Such 
a  low  safety  factor  is  unacceptable  for  main 
vertical  load-carrying  members  in  structures. 
This  information  was  obtained  from  research 
testing  on  very  similar  columns,  as  published 
in  the  ACI  Structural  Journal  (1988  and  1989). 

Columns  on  line  B  exhibited  flexural  crack¬ 
ing.  This  is  due  in  part  to  the  fact  they  are 
longer  columns  of  approximately  76  in.  This 
flexural  cracking  is  on  the  east  face  usually 
about  12  in.  below  the  top  of  the  column. 
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The  above  referenced  research  indicates  that 
both  the  strength  and  ductility  are  reduced 
substantially  with  successive  applications  of 
load  on  this  type  of  column,  and  that  with  in¬ 
creased  cycles  of  loading  subsequent  shear 
cracking  could  develop. 

Conclusion  and  Repairs 

The  A/E  concluded  the  April-May  1990  re¬ 
port  with  a  closing  paragraph  that  best  de¬ 
scribes  the  lateral  load-carrying  system  of  the 
building:  “When  all  the  irregularities  of  the 
building  are  considered,  normal  redundancies 
and  reserve  ductile  capacities  of  the  structure  as 
a  whole  are  nonexistent.  Current  standards  for 
reinforced  concrete  buildings,  because  of  recent 
failures  under  lateral  loads,  are  emphasizing  de¬ 
tailing  of  joints,  connections,  and  other  critical 
elements  to  provide  for  increased  reserve  en¬ 
ergy  absorbing  capability  of  the  structure  as  a 
whole.  This  building  currently  has  little  or  no 
reserve  capacity.” 

Immediate  Repairs 

The  basement/crawl  space  columns  will  re¬ 
quire  immediate  repair  and  strengthening  to  re¬ 
store  their  loss  of  shear  capacities.  It  was 
recommended  that  the  building  be  evacuated  or 
the  columns  be  repaired  as  soon  as  possible.  It 
was  decided  to  repair  the  columns.  The  A/E 
was  contracted  by  the  Corps  to  design  and  pre¬ 
pare  a  set  of  construction  documents  for  these 
repairs.  The  construction  of  the  column  repairs 
is  currently  in  progress.  The  repair  method  con¬ 
sists  of  encasing  the  existing  columns  in  a  6-in. 
reinforced  concrete  collar.  The  collar  concrete 
will  be  12,000-psi  slurry  grout. 

Future  Repairs 

The  repair  of  the  basement/crawl  space  col¬ 
umns  will  not  remedy  the  lateral  deficiencies, 
but  will  repair  only  the  distressed  columns. 
Additional  remedial  measures  must  be  taken 
to  upgrade  the  lateral  resisting  elements  be¬ 
fore  the  building  structure  will  comply  with 
current  wind  and  seismic  standards  and  codes. 
These  additional  remedial  measures  will  in¬ 


clude  but  not  necessarily  be  limited  to  follow¬ 
ing  items: 

•  The  installation  of  additional  strategi¬ 
cally  located  concrete  shear  walls  within 
the  first  story  and  in  the  basement/crawl 
space  area.  This  would  help  reduce  the 
torsional  effects  in  the  basement/crawl 
space  and  the  vertical  irregularities  of  the 
building. 

•  The  repair  of  the  exterior  precast  wall 
panel  connections  to  the  roof  and  floor 
slabs. 

•  The  installation  of  additional  exterior  pre¬ 
cast  shear  wall  panels  between  the  exist¬ 
ing  panels  at  all  levels  of  the  building. 

These  remedial  measures  are  scheduled  for 

design  in  FY-93. 
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Rehabilitation  of  Buildings  330,  331,  and  338 
Holloman  AFB,  New  Mexico 


by 

Ted  M.  Solano 1 


Abstract 

Buildings  330,  331,  and  338  are  two-  and  three-story  dormitories,  constructed 
in  the  1950’ s.  The  buildings  were  renovated  as  part  of  a  continuing  base  improve¬ 
ment  program.  The  existing  structural  systems  consist  of  moment-resisting  concrete 
space  frames  with  masonry  infill  between  frame  bents.  The  majority  of  the  existing 
masonry  infill  was  removed  and  replaced  with  a  metal  stud  wall  system.  The  floor 
and  roof  diaphragms  are  concrete  slabs  which  were  placed  integral  with  the  frames. 
The  foundation  system  consists  of  spot  footings  which  support  the  frame  columns. 
Grade  beams  which  support  exterior  walls  are  present,  spanning  between  perimeter 
columns.  The  structural  additions  to  the  buildings  consist  of  a  balcony  corridor 
system  around  the  entire  building  for  exterior  access,  upgrade  of  lateral  load-resis¬ 
tant  system  since  the  existing  system  did  not  meet  current  code  requirements,  and 
replacement  of  existing  foundation  grade  beams  which  were  severely  deteriorated. 
The  new  balcony  beam-column  system  (utilizing  precast  panels,  concrete  masonry 
unit  ( CMU )  walls,  and  concrete  columns)  and  the  existing  building  frame  equally 
support  the  balcony  corridor  and  roof  extension.  New  CMU  pier  shear  walls  and 
or  steel  bracing  resist  100  percent  of  the  wind  and  seismic  lateral  loads. 


Introduction 

Buildings  330,  331,  and  338  are  unaccom¬ 
panied,  enlisted,  personnel  housing  (UEPH) 
dormitories  located  at  Holloman  AFB,  near 
Alamogordo,  NM.  The  three  buildings  are  of 
similar  construction  and  were  rehabilitated  as 
part  of  a  base  improvement  program.  Buildings 
330  and  33 1  are  identical,  two-story  structures 
which  were  constructed  in  the  early  1950’s.  Re¬ 
habilitation  construction  for  both  of  these 
buildings  was  under  the  same  contract.  Con¬ 
struction  began  in  June  1989  and  was  com¬ 
pleted  in  August  1990.  Construction  cost  for 
both  buildings  was  approximately  3.1  million 


dollars.  Building  338  is  a  three-story  structure 
which  was  constructed  in  the  late  1950’s.  Reha¬ 
bilitation  construction  began  in  March  1990 
and  was  completed  in  February  1991.  Build¬ 
ing  338  is  one  of  two  buildings  being  rehabili¬ 
tated  under  the  same  construction  contract. 

The  other  building  is  currently  under  construc¬ 
tion.  Construction  cost  for  both  buildings  is 
approximately  4.4  million  dollars. 

Existing  Building  Conditions 

The  original  architectural  layout  for  all  three 
buildings  was  similar.  Access  into  individual 
sleeping  quarters  was  through  an  interior. 


1  Structural  Engineer,  Architectural/Structural  Section,  US  Army  Engineer  District,  Albuquerque; 
Albuquerque,  NM. 
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central  corridor  which  ran  in  the  longitudinal  reinforcement  locations  (moment  steel  and 

direction  of  the  building.  An  exterior  stair-  stirrup)  on  as-built  drawings.  At  Building  338, 

way,  for  access  into  the  second-  and  third-  the  exterior  concrete  overhangs  at  the  dia- 

floor  corridors,  was  located  at  transverse  phragm  levels  were  also  badly  deteriorated 

building  ends.  At  Buildings  330  and  331,  two  (Figure  3).  At  all  buildings,  it  was  noticed 

large  bathroom  facilities  were  located  cen-  that  the  grade-beam  concrete  above  grade  had 

trally  on  each  floor  and  served  all  dorm  occu-  deteriorated  more  than  that  below  grade.  Also, 

pants  for  that  floor.  At  Building  338,  every  concrete  deterioration  at  the  grade  beams  and 

two  rooms  were  provided  with  a  common  at  the  overhangs  was  greater  on  the  sunny  sides 

bathroom  facility.  The  original  second-floor  of  the  buildings, 

plan,  a  demolition  plan,  for  Building  338  is 

shown  in  Figure  1.  In  an  effort  to  determine  the  overall  integrity 

of  the  existing  concrete  at  the  building  struc- 

The  building  structural  systems  for  all  three  tures,  cores  were  taken  at  random  locations 
dormitories  are  similar.  The  vertical  and  lateral  throughout  the  entire  building  space  frame 
load  resistance  systems  consisted  of  moment-  (Figure  4).  Random  core  locations  consisted 

resisting  space  frames  with  masonry  infill  be-  of  foundation  grade  beams  (above  and  below 

tween  frame  bents.  The  space-frames  at  grade),  exterior  and  interior  concrete  columns 

Buildings  330  and  33 1  consist  of  concrete  col-  and  beams,  and  also  interior  concrete  floor 

umns  and  beams.  Roof  and  floor  diaphragms  slabs.  Interior  cores  were  taken  at  all  floor 

are  concrete  slabs  which  are  supported  by  and  levels.  Core  locations  within  the  buildings 

were  placed  integral  with  the  frame  beams.  At  were  limited  to  areas  that  were  not  private 
Building  338,  the  space  frame  system  at  the  quarters  (i.e.,  hallways,  stairways,  lounge, 

outer  “wing”  portion  of  the  building  consists  of  etc.),  since  the  buildings  were  occupied  at  the 
concrete  columns  and  a  flat  slab  system  placed  time  the  cores  were  taken.  Exterior  core  loca- 
integral  with  the  columns  at  diaphragm  levels.  tions  were  limited  to  those  areas  that  the  cor- 

Concrete  beams  placed  integral  with  the  flat  ing  machine  could  physically  be  lifted  and 

slab  system  are  present  at  the  building  perimeter.  secured  to.  Special  equipment  was  not  pres- 

The  space-frame  system  at  the  central  “core”  ent  to  raise  the  core  machine  above  this  level, 

portion  of  the  building  consists  of  concrete  col-  Compressive  strength  tests  were  conducted  on 
umns  and  beams.  Roof  and  floor  diaphragms  all  cores  taken  and  tests  determining  the  den- 

are  concrete  slabs  which  are  supported  by  and  sity  and  general  composition  of  the  concrete 

placed  integral  with  the  concrete  beams.  were  conducted  on  selected  pieces  of  a  few 

random  cores. 

The  foundation  systems  for  all  three  buildings 

consist  of  a  slab  on  grade  with  spot  spread  foot-  Results  Of  Evaluation 

ings  which  support  isolated  columns.  Grade 

beams,  which  support  the  exterior  CMU  walls,  Drawings  indicate  that  the  design  concrete 

span  between  perimeter  columns.  compressive  strength  for  all  the  buildings  was 

.  _  2,500  psi.  Compressive  strength  tests  for  all 

Evaluation  Of  Existing  cores  were  well  above  this  value  except  at  the 

Building  Structures  exterior  grade  beams  at  Building  338.  The  av¬ 

erage  concrete  strength  at  these  grade  beams 

Extensive  concrete  deterioration  was  present  (Building  338)  was  2,360  psi  for  above-grade 

at  the  perimeter  grade  beams  at  the  foundations  cores  and  4,3 1 3  psi  for  below-grade  cores, 

of  all  three  buildings.  Grade-beam  reinforce-  Concrete  density  tests  conducted  on  the  core 

ment  was  exposed  and  corroding  at  several  samples  revealed  that  the  densities  were  nor- 

locations.  Longitudinal  rebar  and  stirrup  loca-  mal  and  did  not  have  a  wide  range,  indicating 
tions  were  evident  by  crack  patterns  on  the  ex-  that  the  concrete  was  homogeneous.  Concrete 

terior  faces  of  several  grade  beams  (Figure  2).  composition  tests  indicated  that  the  concrete 

Grade-beam  crack  patterns  corresponded  with  was  nonair-entrained  and  that  the  cement 


Figure  2.  Building  338:  Grade  beam  crack  patterns  Figure  3.  Building  338:  Concrete  deterioration  at 
corresponding  with  reinlorcement  locations  building  overhangs 
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Figure  4.  Building  330:  Core  drilling  at  an  interior 
concrete  beam 

content  and  aggregate  properties  were  not  un¬ 
usual.  Corrosive  soils  are  present  at  the  site; 
however,  tests  revealed  no  form  of  chemical 
attack  in  the  concrete. 

A  high  groundwater  table  is  present  in  the 
vicinity  of  the  buildings.  As  a  result,  the  grade 
beams  can  become  saturated.  Being  critically 
saturated,  coupled  with  freeze-thaw  cycles 
will  cause  concrete  to  deteriorate.  These  con¬ 
ditions  are  believed  to  have  caused  the  grade- 
beam  concrete  deterioration  present  at  the 
buildings.  Corrosion  of  the  reinforcing  steel 
was  caused  by  the  increased  permeability  of  the 
concrete  due  to  microcracking,  resulting  from 
the  freeze-thaw  process.  The  reinforcement  cor¬ 
rosion  process  causes  localized  expansion,  which 
in  turn  caused  the  crack  patterns  on  the  faces  of 
the  grade  beams  (Figure  2).  The  overhang  dete¬ 


rioration  at  Building  338  also  resulted  from 
the  freeze-thaw  process.  The  water  source  in 
this  case  was  most  likely  ponding  rainwater 
and  snow.  The  freeze-thaw  theory  is  further 
supported  by  evidence  of  more  severe  con¬ 
crete  deterioration  at  those  locations  where 
freeze-thaw  cycles  occur  more  frequently 
(i.e.,  above  grade  versus  below  grade  and  on 
the  sunny  side  of  the  buildings). 

It  was  determined  that  the  grade  beams  at 
all  buildings  had  deteriorated  to  such  an  extent 
that  they  were  not  functioning  as  originally 
designed.  As  a  result,  grade  beams  at  all 
buildings  would  be  removed  and  replaced. 
The  concrete  overhangs  at  Building  338  were 
scheduled  to  be  removed  in  the  rehabilitation 
construction  and  resulted  in  no  additional 
work  or  cost. 


Rehabilitation  Construction 
New  architectural  layout 

The  new  architectural  layout  was  similar 
for  the  all  three  buildings.  A  new  balcony 
corridor  system  around  the  entire  building  pe¬ 
rimeter  was  added  for  exterior  room  access. 
The  new  architectural  second  floor  plan  for 
Building  338  is  shown  in  Figure  5.  New  bath¬ 
rooms  were  located  within  the  original  central 
corridor.  Every  two  rooms  now  shared  a  com¬ 
mon  bathroom  facility.  Most  of  the  existing 
masonry  infill  between  the  concrete  frames  was 


Figures.  Building  338.  New  architectural  2nd  floor  plan 
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replaced  with  stud  walls  due  to  the  extent  of 
new  wall  penetrations  (resulting  from  floor  plan 
changes).  All  exterior  and  interior  building 
surfaces  were  refinished.  Existing  plumbing, 
HVAC,  and  electrical  systems  were  removed 
or  abandoned,  and  new  systems  were  supplied. 
Essentially,  only  the  building  space  frame  sys¬ 
tem  would  remain  after  demolition  (Figure  10). 

New  balcony  corridor  system 

The  new  balcony  corridor  system  is  6  ft 
wide  at  floor  levels  and  is  covered  at  the  roof 
level.  A  new  beam-column  system  and  the  ex¬ 
isting  building  frame  equally  support  the  bal¬ 
cony  corridors  at  each  floor  level  and  the  roof 
extension.  The  new  balcony  beam-column 
system  consists  of  concrete  columns  or  CMU 
walls  which  support  precast  concrete  panels. 
The  panels  support  the  new  roof  or  balcony 
corridor  addition  equally  with  the  existing 
building  frame.  Figure  6  is  a  typical  section 
through  the  balcony  corridor  system  at  a  pre¬ 
cast  panel  in  Building  338. 

New  lateral  load-resistant  system 

A  new  lateral  load-resistant  system  was  pro¬ 
vided  at  each  of  the  buildings.  Existing  space 
frames  did  not  meet  the  current  seismic  require¬ 
ments  for  concrete  moment-resisting  space 
frames  (type  B)  as  specified  in  TM  5-809-10, 
“Seismic  Design  for  Buildings.”  The  new  lat¬ 
eral  load-  resistant  sj  stems  at  each  building 
were  designed  to  resist  100  percent  of  the  lat¬ 
eral  design  load.  The  existing  building 
frames  would  resist  vertical  loads  only. 


The  following  new  lateral  load-resistant 
systems  were  provided  at  Buildings  330  and 
331.  In  the  transverse  building  direction, 
braced  frames  were  provided,  consisting  of 
steel  cross  bracing  between  existing  concrete 
frames.  In  the  longitudinal  building  direc¬ 
tion,  a  combination  of  braced  frames  and 
CMU  shear  walls  was  provided. 

At  Building  338,  br  ced  frames  were  pro¬ 
vided  in  the  transverse  building  direction.  The 
braced  frames  consisted  of  steel  cross  bracing 
between  existing  concrete  frames.  Due  to  archi¬ 
tectural  considerations,  a  braced  frame  system 
was  unacceptable  in  the  longitudinal  building 
direction.  CMU  shear  walls  were  used  to  resist 
design  lateral  loads  in  this  direction. 

At  all  buildings,  the  CMU  walls  within  the 
new  balcony  corridor  systems  were  utilized  as 
the  shear  walls  in  the  new  lateral  load-resistant 
systems.  The  shear  walls  are  2  ft  wide  and 
range  in  length  from  approximately  8  to  16  ft. 
Braced  bays  at  all  braced  frame  locations 
within  the  buildings  extended  from  the  founda¬ 
tion  to  the  roof  diaphragm.  The  lateral  load- 
resistant  system  at  Building  338  is  shown  in 
Figure  7.  A  typical  braced  bay  between  dia¬ 
phragm  levels  is  shown  in  Figure  8. 

Due  to  the  rigid  diaphragms  present  at  all 
of  the  buildings,  lateral  loads  are  distributed 
to  resisting  elements  (i.e.,  braced  frames  or 
shear  walls)  based  on  their  relative  rigidities. 
Since  braced  frames  and  shear  walls  were 
used  in  the  longitudinal  building  direction  at 
Buildings  330  and  331,  the  relative  rigidities 
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Figure  6.  Building  338:  Section  through  balcony  corridor  system  at  precast  panel 
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Figure  7.  Building  338:  New  foundation  plan 
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of  the  braced  frames  with  respect  to  the  ma¬ 
sonry  shear  walls  had  to  be  determined  to  cal¬ 
culate  the  torsional  force  (associated  with  the 
rigid  diaphragm)  to  resisting  elements.  The  ri¬ 
gidities  of  the  shear  walls  were  determined  by 
applying  a  1-kip  load  to  each  shear  wall  and 
using  the  resulting  deflections  to  calculate  the 
rigidities.  Figure  6-1  la  in  TM  5-809-10  was 
used  to  determine  the  deflections.  Proper  ad¬ 
justments  were  made  to  account  for  actual  ma¬ 
terial,  wall  thickness,  and  load  (1  kip)  used. 
The  rigidities  of  the  braced  frames  were  deter¬ 
mined  by  modeling  the  frames  on  a  computer 
and  applying  a  1-kip  load.  Resulting  deflec¬ 
tions  from  the  computer  output  were  used  to 
determine  the  rigidities. 

Lateral  loads  are  transferred  to  the  new  bal¬ 
cony  shear  walls  which  are  exterior  to  the 
original  building  concrete  diaphragm,  via  a 
new  rigid  diaphragm  (i.e.,  the  new  balcony 
corridor  diaphragm  system).  A  concrete  slab 
with  a  composite  metal  deck  was  used  for  the 
new  corridor  diaphragms.  The  new  diaphragms 
were  connected  to  the  existing  building  dia¬ 
phragm  and  to  the  balcony  masonry  walls  or 
precast  panels  as  required  to  transfer  the  de¬ 
sign  lateral  loads  to  the  new  shear  walls.  The 
precast  panels  served  as  struts,  transferring 
the  lateral  loads  to  the  shear  walls.  Seismic 
loading  conditions  governed  overwind  condi¬ 
tions  at  all  buildings.  Total  design  lateral 
loads  at  Building  338  were  greater  than  those 
at  Buildings  330  and  331,  since  an  additional 
story  is  present  at  this  structure.  As  a  result, 
additional  balcony  shear  walls  and  braced 
frames  with  more  capacity  were  required  to 
resist  the  design  lateral  load  at  Building  338. 

Foundation  design 
and  construction 

The  grade  beams  at  all  buildings  were  re¬ 
moved  and  replaced  due  to  the  extensive 
grade  beam  deterioration  present  (Figure  9). 
Preventative  measures  were  taken  to  avoid 
future  concrete  deterioration  problems  associ¬ 
ated  with  the  freeze-thaw  process  and  the  cor¬ 
rosive  soils  present  at  the  building  sites.  All 
new  concrete,  3  ft  above  grade  and  below, 
had  a  compressive  strength  of  4,000  psi,  was 


type  V,  had  an  air  content  by  volume  of 
approximately  5.5  percent,  and  contained  no 
pozzolan.  A  waterproofing  surface  treatment 
consisting  of  two  coats  of  linseed  oil  was  ap¬ 
plied  to  all  new  and  existing  concrete  exposed 
to  the  earth  or  elements. 


Figure  9.  Building  331:  Grade  beam  removal 

The  footings  below  the  new  balcony  ma¬ 
sonry  shear  walls  were  designed  to  resist  their 
applicable  lateral  loads.  As  a  result,  footings 
that  were  larger  and  thicker  were  required  to 
transfer  the  lateral  load  to  the  foundation  soil 
(Figure  7).  Existing  footings  at  braced  frame 
locations  were  checked  to  verify  that  design 
lateral  loads  could  safely  be  transferred  to 
foundation  soils. 

At  Building  338,  an  existing  mechanical 
and  laundry  room  extended  from  the  main  por¬ 
tion  of  the  building.  The  building  extension 
is  one  story  and  was  incorporated  into  the 
new  balcony  system.  New  concrete  columns, 
which  help  support  the  balcony  corridors  and 
roof,  were  placed  adjacent  to  the  existing 
building  extension.  Since  each  column  abut¬ 
ted  the  existing  building,  the  new  footing 
edge  adjacent  to  the  existing  foundation 
below  is  flush  with  the  face  of  the  column.  A 
spot  footing  could  not  be  used  below  these 
columns  due  to  the  high  bearing  pressures  re¬ 
sulting  from  footing  eccentricities.  As  a  re¬ 
sult,  combined  footings  were  used  at  these 
locations.  Each  combined  footing  supports 
the  column  adjacent  to  the  existing  building 
extension  and  the  masonry  shear  wall  nearest 
to  the  column  (Figure  7). 
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Closing  Statements  had  to  be  modified  at  Buildings  330  and  331 

due  to  existing  conditions  that  differed  from 
Design  conditions  for  the  buildings  were  those  shown  on  the  as-builts.  Asbestos  was 

not  ideal  as  the  as-builts  were  of  poor  quality,  also  encountered  at  Buildings  330  and  33 1 . 

and  existing  conditions  could  not  be  verified  This  slowed  the  construction  process,  since  re- 
due  to  building  occupation  at  the  time  of  de-  moval  was  not  included  in  the  original  con¬ 
sign.  Few  construction  problems  were  en-  tract.  The  building  transformation  that  took 

countered,  however.  The  steel  bracing  place  was  quite  impressive  as  Figures  10  and 

connections  to  the  existing  concrete  frames  1 1  indicate. 


Figure  10.  Building  330:  Building  skeleton  after  Figure  11.  Building  331:  Finishing  stages 
demolition  of  construction 
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AFLC  Child  Development  Centers  Cold-Formed  Framing 


by 

Eric  Fry 1 


Abstract 

The  US  Army  Engineer  District,  Louisville,  has  been  tasked  to  design  six  child 
development  centers  for  AFLC.  The  first  three  projects — Wright  Patterson  AFB, 
Ohio,  Tinker  AFB,  Oklahoma,  and  McClellan  AFB,  Ca’ifornia — are  new  structures. 
The  other  three  projects— Robins  AFB,  Georgia,  Kelly  AFB,  Texas,  and  Hill  AFB, 
Utah — are  proposed  add-ons  to  existing  child  care  facilities.  The  design  schedule 
for  these  facilities  has  been  set  at  a  very  accelerated  pace.  Each  structure  will  vary 
in  size  and  square  footage.  However,  each  structure  will  consist  of  one  (or  more ) 
main  rectangles  which  will  be  70 feet  (21.3  m)  wide  and  vary  in  length.  The  standard 
70-foot  (21.3  m)  width  is  being  accomplished  by  using  standard  modules  for  the 
individual  rooms:  toddler,  pretoddler,  infant,  etc.  Construction  shall  consist  of 
8-inch  (20.3  cm)  masonry  exterior  walls  with  a  4-inch  ( 10.2  cm)  brick  facade 
supported  on  continuous  concrete  footings.  In  addition,  two  interior  8-inch  (20.3 
m)  masonry  hallway  v.alls  will  run  the  length  of  the  structure.  The  structure  shall 
have  a  4  on  12  gabled  roof  across  the  70-foot  ( 21.3  m)  width.  The  final  decision  for 
the  framing  was  to  use  cold-formed  steel  rafter  and  joist  assemblies  supporting  a 
standing  seam  roof.  This  system  provides  many  desired  qualities  and  a  few  difficul¬ 
ties,  which  will  be  summarized  in  this  report. 


Introduction 

Of  the  six  child  development  centers  (CDC) 
to  be  designed  for  the  Air  Force  Logistic  Com¬ 
mand  (AFLC),  only  one  has  been  designed  to 
final  at  the  time  of  this  writing — Wright  Patter¬ 
son  Air  Force  Base  (WPAFB),  Ohio.  There¬ 
fore,  the  WPAFB-CDC  will  be  the  main  topic 
of  discussion  throughout  this  report.  WPAFB 
is  located  in  South  Central  Ohio,  and  is  the 
sight  of  the  AFLC  Headquarters.  Its  existing 
child  care  facility  houses  fewer  than  100  chil¬ 
dren  and  is  inadequate  overall.  The  new  CDC 
will  be  a  1 2,000-square  foot  (1115  square  me¬ 
ters)  facility  capable  of  caring  for  125  children. 
The  project  includes  multi-purpose  room'  for 


different  age  groups,  isolation  and  storage 
rooms,  kitchen  area,  additional  playground 
area,  and  fire  protection  and  support  facilities/ 
utilities.  The  accelerated  design  process  con¬ 
sisted  of  basic  design,  progressing  to  20  percent 
in  just  two  weeks.  This  was  accomplished  by 
the  initial  “Charette"  in  which  all  heads  met  to 
perform  concept  level  design  in  only  two  days. 
The  design  then  proceeded  to  a  60  percent  on¬ 
board  review,  60-90  percent,  and  90  percent 
to  final.  The  building  shape  consists  of  a  main 
rectangle  approximately  70  feet  ((21.3  m)  by 
1 25  feet  08. 1  m)  with  two  rectangular  wings 
on  each  end,  one  approximately  38  feet  (1)  6  m) 
by  38  feet  ( 1 1 .6  m),  the  other  approximately 
50  feet  (15.2  ni)  by  32  feet  (9.75  m)).  See 


1  Structural  Engineer.  US  Army  Engineer  District,  Louisville.  Louisville.  KY, 
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Figure  1  for  the  basic  building  plan.  The  Advantages  Of  Cold-Formed 

building  construction  consists  of  a  standing  Steel  Framing 

seam  metal  roof  supported  by  the  cold-formed 

framing  system.  The  cold-formed  framing  Open  attic 

system  is  made  up  of  C-channel  roof  rafters 

and  ceiling  joists  bearing  on  exterior  masonry  By  using  light  gauge  framing,  with  joists 

walls  and  interior  masonry  corridor  walls  in  and  rafters  screwed  together  back  to  back  at 

the  main  rectangle.  The  rafters  are  on  a  4  on  2  feet  0  inches  (0.61  m)  on  center  (O.C.),  a 

12  pitch  creating  an  open  attic  space.  The  10  inch  (25.4  cm)  deep  CEE-section  was 

masonry  walls  are  supported  by  continuous  needed.  An  open  web  steel  bar  joist  roof 

reinforced  concrete  foundation  walls  and  system  spaced  at  5  feet-0  inch  (1.52  m)  O.C. 

footings.  The  lateral  force  resisting  system  would  have  resulted  in  twice  the  joist  depth, 
consists  of  cold-formed  strip  bracing  welded  thus  inhibiting  the  open  attic  space  needed  for 
to  the  bottom  of  the  ceiling  joists,  transferring  mechanical  and  HVAC.  The  4  on  12  roof 

the  load  to  the  shear  walls  below.  The  end  pitch  resulted  in  a  gable  roof  with  a  ridge 

shear  walls  are  masonry  along  with  the  interior  height  clearance  of  approximately  1 1  feet- 

corridor  shear  walls.  Metal  stud  walls  serve  6  inches  (3.50  m).  The  open  attic  space  was  a 

as  the  interior  shear  walls  transferring  lateral  much  desired  quality  for  both  installation  and 

loads  to  the  foundation  by  diagonal  strip  maintenance  of  mechanical  and  electrical 

bracing  welded  to  the  studs.  The  framing  equipment, 

maintains  a  1-inch  (2.54  cm)  expansion  joint 

between  the  main  rectangle  and  each  end  Lightweight  framing 

wing.  The  floor  slab  will  be  a  floating  4-inch 

(10.2  cm)  thick  concrete  slab-on-grade  rein-  The  10  inch  (25.4  cm)  deep  CEE-sections 

forced  with  welded  wire  mesh  for  tempera -  used  were  spaced  at  2  feet-0  inch  (0.61  m) 
ture  and  shrinkage  requirements.  The  floor  O.C.,  very  similar  to  conventional  wood  fram- 

slab  will  have  crack  control  joints  and  will  be  ing,  which  is  often  spaced  at  1  foot-4  inch 

supported  by  a  6-inch  (15.2  cm)  capillary  (0.41  m)  O.C.  However,  the  joists  and  rafters 

water  barrier  with  a  membrane  vapor  barrier.  are  lighter  per  foot  and  stronger  per  pound 

The  somewhat  unique  use  of  light  gauge  cold-  than  wood.  That  is,  the  lightweight  steel  has  a 

formed  steel  C-Channels  for  the  attic  and  roof  higher  strength  to  weight  ratio  resulting  in  eco- 

framing  led  to  some  distinct  advantages  and  a  nomica]  and  efficient  design  and  easier  han- 

few  difficulties.  dling  in  the  field  or  plant.  With  the  spacing  of 


Figure  1 .  Roof  pfan  WPAFB  CDC 
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the  steel,  and  its  availability  in  very  long 
lengths,  the  result  is  fewer  lineal  feet  of 
material,  and  fewer  joists  are  needed  and  han¬ 
dled.  As  mentioned  above,  a  steel  bar  joist 
roof  system  may  have  been  competitive  as  far 
as  overall  weight  is  concerned,  but  the  advan¬ 
tage  of  the  open  attic  would  have  been  lost. 

Strength  and  quality  of  steel 

Aside  from  being  lighter  and  stronger,  the 
steel  won’t  warp,  split,  check,  shrink,  or  rot. 
Many  of  the  maintenance  costs  so  commonly 
associated  with  wood  joists  are  either  elimi¬ 
nated  or  reduced  substantially.  Other  costly 
nuisances  caused  by  sagging,  shrinking,  and 
twisting  of  framing  are  not  a  problem  with 
dependable  light  gauge  steel  framing.  Also, 
CEE-sections  are  normally  hot-dipped 
galvanized  steel  for  maximum  durability  and 
protection. 

Fast  installation 

Light  gauge  steel  CEE-sections  are  in¬ 
stalled  using  conventional  tools  and  methods. 
Connections  are  commonly  made  with  self¬ 
drilling  screws,  but  heavier  gauge  sections 
may  also  be  welded  or  bolted.  Also,  mem¬ 
bers  are  available  prepunched  to  provide  ac¬ 
cess  through  for  wires  and  pipes.  Joists  are 
cut  to  exact  lengths  at  the  fabricator’s  plant, 
and  are  ready  to  install  the  moment  they  ar¬ 
rive  at  the  job  site  in  winter  or  summer. 

Many  developers  have  stated  that  steel  joists 
go  up  faster,  saving  several  manhours  per 
building  unit,  without  the  considerable  waste 
involved. 

Repetitive  design  and  details 

The  framing  plan  used  for  the  WPAFB 
CDC  consisted  of  joist  and  rafter  systems 
spaced  at  2  feet-0  inch  (0.61  m)  O.C.  These 
systems  (with  the  open  attic)  are  close  to 
being  preassembled  trusses.  The  majority  of 
these  frames  are  typical  gable  shapes,  as 
shown  in  Figure  2.  Others  are  partial  gable 
shapes  (interrupted  by  skylight  wells)  as 
shown  in  Figure  3.  The  use  of  such  repetitive 
frames,  with  simple  connections,  over  the 


major  portion  of  the  building  results  in  both 
efficient  design  and  construction  costs. 

Non-combustible 

Light  gauge  CEE-sections  won’t  support 
combustion.  The  WPAFB  C DC  structure  re¬ 
quires  a  type  IIN  construction  in  accordance 
with  the  Uniform  Building  Code.  This  type 
means  that  the  structural  members  are  left  un¬ 
protected  (non-fireproofed),  and  these  steel 
members  will  not  readily  support  combustion. 

Difficulties  with  Cold-Formed 
Steel  Framing 

Connections 

As  with  any  framing  system,  difficulties  will 
arise.  In  the  case  of  this  Child  Care  Center, 
connections  for  the  most  part  were  standard, 
and  could  be  easily  made  with  conventional 
tools  and  methods.  However,  this  roof  system 
also  contained  several  dormer  type  structures 
and  a  gabled  “cathedral  ceiling”  type  structure 
over  the  vestibule  and  lobby  areas.  Hence, 
the  connection  details  between  roof  rafters 
become  more  complex.  A  well  trained  con¬ 
tractor  will  still  be  very  capable  of  carrying 
out  such  connections,  but  the  situation  does 
require  a  stringent  attention  to  detail  on  the 
part  of  the  structural  engineer. 

Cold  bridging 

Another  difficulty  associated  with  roof 
framing  connections  is  the  problem  of  cold 
bridging.  This  happens  when  a  metal  roof 
member  is  exposed  to  the  cold  air.  when  it  is 
actually  desired  to  have  it  protected  with  a 
vapor  barrier  and  insulation.  The  result  is  cold 
air  contact  and  condensation  on  the  member. 
The  original  construction  plan  of  this  CDC  was 
to  have  the  insulation  and  vapor  barrier  down  at 
the  attic  level.  However,  because  of  a  HVAC 
need,  the  insulation  was  raised  up  to  the  rafter 
level.  This  led  to  two  difficulties.  First,  an  in¬ 
sulating  strip  was  now  required  between  the 
connection  of  the  standing  seam  metal  roof  to 
the  room  framing.  Secondly,  another  potential 
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Figure  2.  Typical  roof  framing 


Figure  3.  Roof  framing  near  skylights 


cold  bridge  was  occurring  at  the  connection 
of  the  rafter  to  the  attic  joist.  As  a  result,  a 
plywood  gusset  plate  was  added  to  the  connec¬ 
tion  to  break  the  cold  bridge. 

Conclusions 

As  long  as  a  proper  attention  to  details  is 
carried  out,  a  cold-formed  lightweight  steel 
framing  system  proves  to  be  a  competitive 


roof  framing  system.  Many  contractors  today 
have  already  made  a  successful  use  of  cold- 
formed  stud  framing  systems.  But,  the  use  of 
the  light  gauge  metal  for  roof  framing  is  also 
proving  to  be  a  viable  alternative.  As  a  result, 
it  is  believed  that  a  very  efficient  and  con- 
structible  solution  has  been  determined  for 
the  structural  system  for  the  Wright  Patterson 
Air  Force  Base  Child  Development  Center 
and  the  other  AFLC  CDC’s  to  come. 
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The  Solid  Rocket  Motor  Assembly  Building  (SMAB) 


by 

Khim  N.  Vira,  PE 1 


Abstract 

The  Solid  Motor  Assembly  Building  (SMAB)  will  provide  a  facility  to  receive, 
assemble,  checkout,  integrate,  and  prepare  the  upgraded  Solid  Rocket  Motors  for 
the  Titan  IV  Missile  Systems.  This  facility  will  allow  the  three  segment,  400-ton 
Solid  Rocket  Motor  to  be  stacked  to  its  fell  1 14-foot  height  and  to  be  placed  on  a 
transporter  for  movement  to  the  launch  pad  on  a  specially  prepared  rail  system. 
The  main  building  is  a  59,200-square  foot,  250-foot  high  steel  frame  structure 
supported  by  a  pile  foundation  and  enclosed  by  metal  siding  and  metal  roof  The 
other  supporting  facilities  are  a  guard  house,  a  wastewater  treatment  facility,  storm 
water  detention,  paving,  other  site  and  utility  work,  and  a  security  system.  The  total 
cost  of  this  project  is  about  $40  million.  The  project  is  50  percent  complete  as  of 
30  April  1991. 


Artist’s  Rendering 

!  Structural  Engineer,  US  Army  Engineer  District,  Mobile,  Mobile,  AL. 
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Introduction 

The  Solid  Rocket  Motor  Assembly  Building 
(SMAB)  is  an  Air  Force  project  located  at 
Cape  Canaveral  Air  Force  Station,  Florida. 

The  Cape  Canaveral  AFS  is  adjacent  to 
NASA’s  Kennedy  Space  Center  located  on  the 
central  east  coast  of  Florida  on  the  Atlantic 
Ocean.  These  are  the  Nation’s  primary  facili¬ 
ties  for  space  launches  including  space  shuttles 
and  other  Department  of  Defense  launches. 
The  Titan  IV  Rocket  is  an  alternate  to  the  space 
shuttle  to  launch  DoD  satelites  and  other  non¬ 
commercial  satellites. 

The  SMAB  is  a  59, 200-square  foot  metal 
building.  The  SMAB  is  320  feet  long  by  185 
feet  wide  by  250  feet  high.  The  building  will 
be  used  to  receive,  inspect,  and  assemble 
Titan  IV  Solid  Rocket  Motor  Vehicles.  An  as¬ 
sembled  core  vehicle  comprised  of  a  first  and 
second  stage  will  be  moved  to  the  SMAB 
from  the  Vertical  Integration  Building.  The 
stacked  Solid  Rocket  Motor  Units  (SRMUS) 
will  be  attached  to  the  core  vehicle  in  the 
SMAB.  The  completed  assembly  will  then  be 
moved  by  transporter  to  the  launch  pad  for  the 
addition  of  the  upper  stage,  payload  fairing, 
and  space  vehicle. 

The  purpose  of  the  SMAB  is  to  minimize 
the  assembly  time  on  the  launch  pad  by  maxi¬ 
mizing  the  amount  of  assembly  performed  off 
the  launch  pad,  thus  providing  an  increased 
launch  rate.  The  SRMUS  segments  will  be 
received  in  the  horizontal  position  on  a  heavy 
duty  rail  car  and  lifted  by  a  220-ton  bridge 
crane.  The  segments  will  then  be  assembled 
on  the  vehicle  transporter  by  a  500-ton  and 
200-ton  bridge  crane. 

Major  Design  Features 
Building  structure 

The  building  is  a  steel  frame  structure  sup¬ 
ported  by  a  pile  foundation.  The  building 
was  designed  for  a  hurricane  force  wind  of 
100  miles  per  hour.  The  building  has  54  foot 
wide  by  185  foot  high,  six-leaf  vertical  lift 


doors  for  moving  the  transporter  from  the 
building  to  the  launch  pad  with  a  complete 
Titan  IV  Rocket  vehicle  in  the  vertical  position. 

3-D  model  study 

Due  to  the  size  and  complexity  of  the 
SMAB,  a  3-D  model  was  developed  to  analyze 
the  space  frame  structure.  The  program  chosen 
to  do  this  analysis  was  the  STARDYNE 
MICRO  32-BIT.  The  model  included  all  the 
structural  members  with  the  exception  of  the 
columns  and  girders  which  support  the  220-ton 
crane,  the  girts,  and  those  roof  purlins  which 
are  not  in  the  panel  points  of  the  roof  trusses. 
The  siding  and  roofing  are  modeled  as  plate 
elements  which  did  not  participate  in  the  stiff¬ 
ness  of  the  model  but  transfered  their  dead 
load,  as  well  as  the  wind  pressures,  into  the 
model.  These  plate  elements  transformed  these 
uniform  loads  into  concentrated  forces  acting 
on  the  nodes  of  the  model. 

Three  types  of  space  frames  were  considered 
at  the  start  of  the  analysis.  These  were  a  rectan¬ 
gular  pattern  of  support  columns  with  K  brac¬ 
ing  for  the  truss  members,  a  rectangular  pattern 
of  support  columns  with  cross  bracing  for  the 
truss  members,  and  a  triangular  pattern  of  sup¬ 
port  columns  with  tubular  cross  bracing  provid¬ 
ing  both  horizontal  and  vertical  bracing. 

It  was  determined  that  the  rectangular  pat¬ 
tern  with  cross  bracing  would  be  the  easiest  to 
erect  and  give  the  most  useable  space  for  the 
facilities,  platforms,  and  walkways  located 
around  the  perimeter  of  the  building. 

Foundation 

The  foundation  for  the  structure  consists  of 
a  pile  mat.  There  are  approximately  thirteen 
hundred  (1300)  piles  spaced  approximately 
6  feet-6  inches  apart  with  extra  piles  under 
the  columns  and  other  areas  of  high  concen¬ 
trated  load.  The  thickness  of  the  mat  is  5  feet- 
0  inches  at  the  outer  perimeter  and  3  feet-6 
inches  in  the  open  area.  Due  to  the  cost  of  the 
foundation,  an  elaborate  test  pile  procedure  was 
established  to  optimize  the  pile  type,  size,  and 
spacing.  The  piles  used  were  14  inches  square 
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prestressed  concrete  75  feet  long  with  a  70-ton 
capacity. 

Wind  loads 


designed  to  withstand  a  downward  pressure  of 
80  pounds  per  square  foot. 


The  building  is  located  a  few  thousand  feet 
from  the  Atlantic  Ocean.  The  wind  load  used 
for  this  facility  was  100  mph.  The  wind  load 
design  meets  Air  Force  Manual  AFM  88-3, 
Chapter  1,  and  ANSI  A58.1.  The  wind  expo¬ 
sure  factor  used  was  D.  In  order  to  reduce  very 
high  wind  forces,  the  comers  of  the  building 
were  rounded  off.  Also  the  girts  and  purlins 
were  doubled  at  the  comers  and  perimeter  of 
the  building  to  withstand  high  wind  forces. 

There  was  some  controversy  about  the 
wind  loads  concerning  whether  or  not  a 
33  percent  overstress  in  the  steel  members 
could  be  used  when  W+DL  governed  the 
design.  ANSI  58.1-82  is  vague  on  this,  how¬ 
ever,  as  AFM  88-3  does  permit  the  overstress, 
it  was  decided  to  allow  the  33  percent  over¬ 
stress.  The  first  interior  bay,  approximately 
25  feet  wide,  around  the  perimeter  of  the 
building  is  designed  to  resist  the  wind  loads. 

The  roofing  and  its  fasteners  were  designed 
to  withstand  an  uplift  of  144  pounds  per  square 
foot  at  all  four  comers  of  the  building  (approxi¬ 
mately  25-foot  by  25-foot  areas).  The  remaining 
roof  area  was  designed  to  withstand  an  uplift  of 
80  pounds  per  square  foot.  All  roof  areas  were 


The  siding  and  its  fasteners  were  designed 
to  withstand  a  suction  of  180  pounds  per 
square  foot  at  ail  four  corners  of  the  building. 
The  remaining  wall  areas  were  designed  to 
withstand  a  suction  of  82  pounds  per  square 
foot.  All  wall  areas  were  designed  to  with¬ 
stand  a  pressure  of  82  pounds  per  square  foot. 

All  structural  members,  roofing,  and  siding 
were  permitted  a  33  percent  increase  in  allow¬ 
able  stresses  due  to  wind  loading  only.  How¬ 
ever,  fasteners  were  not  permitted  the  33 
percent  increase  in  allowable  stresses. 

Structural  steel  painting 

Structural  steel  surfaces  were  shop  painted 
by  one  coat  of  inorganic  zinc  applied  to  a  3- 
mill  thickness.  This  also  served  as  a  finish 
coat  for  the  steel.  Only  minor  touchups  were 
required  in  the  field.  This  paint  system  saved 
considerable  money  for  this  project  and  was 
satisfactory  to  the  user. 
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Unit  Chapel 

Fort  Campbell,  Kentucky 

by 

Jeffrey  E.  Bayers1 


Abstract 

The  Unit  Chapel  project  at  Fort  Campbell,  Kentucky,  utilized  a  standard  defin¬ 
itive  design  in  its  development .  The  chapel  consists  of  a  vaulted  main  worship  area 
surrounded  by  one  story  functional  areas  and  circulation  space.  Material  choices 
for  the  worship  area  structure  included  structural  steel  and  exposed  structural 
glued-laminated  wood,  the  latter  being  chosen  by  user's  preference.  The  wood 
framing  was  designed  by  the  laminated  wood  manufacturer.  The  low  rise  areas  were 
designed  as  load  bearing  masonry  walls  with  steel  joists  and  metal  deck  roof  system. 
The  main  element  of  concern  in  the  design  was  the  separation  of  the  two  structural 
systems  to  accommodate  movement  between  them.  In  the  areas  where  they  joined, 
coordination  of  deflection  limits  were  further  complicated  due  to  the  desire  for 
exposed  wood  framing,  “clerestory"  windows  to  introduce  natural  light  into  the 
worship  area,  and  moveable  partitions  used  in  separating  the  main  rooms. 


Introduction 


The  Facilities  Standardization  Program 
Army  Unit  Chapel  provided  the  foundation 
from  which  the  current  design  of  the  Fort 
Campbell  Unit  Chapel  developed.  The  defini¬ 
tive  design  provided  in  the  standardization 
program  gives  floor  plans,  functional  layouts, 
construction  material  options,  and  other  gen¬ 
eral  design  criteria.  The  user  and  designers 
decide  where  to  take  the  definitive  design  in 
developing  a  unique,  attractive  facility.  The 
fundamental  concepts  behind  the  definitive 
design  include  1)  the  provision  of  worship 
seating  with  a  variable  capacity  from  two  hun¬ 
dred  to  four  hundred  individuals,  2)  flexible 
seating  arrangements  and  variable  room  con¬ 
figurations  using  movable  partitions,  3)  the 
provision  of  flexible  classrooms,  meditation 


rooms,  and  gathering  spaces  also  using  mov¬ 
able  partitions,  4)  the  servicing  of  all  faiths 
without  favor  to  a  distinctive  group.  Figures 
1  and  2  show  the  architectural  rendering  and 
the  floor  plan  conceived  for  the  Army  Unit 
Chapel  definitive  design. 

Criteria  established  by  the  Office,  Chief  of 
Chaplains,  HQDA  (DACH-AM),  Design 
Guide,  Chapels  and  Religious  Education  Fa¬ 
cilities  (June  1979  edition)  was  used  in  the  de¬ 
finitive  development.  Although  the  size  and 
general  space  arrangement  of  rooms  relative 
to  each  other  must  remain  constant  during  fur¬ 
ther  development  of  the  definitive,  the  simple 
geometric  lines  and  the  ability  to  vary  con¬ 
struction  materials,  mechanical  systems,  and 
structural  design  make  the  facility  readily 
adaptable  to  locations  anywhere  in  the  Conti¬ 
nental  United  States. 


1  Structural  Design  Engineer,  Engineering  Division,  US  Army  Engineer  District,  Louisville; 
Louisville,  KY. 
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Figure  1  The  architectural  rendering  of  the  Unit  Chapel,  Fort  Campbell,  Kentucky 


Floor  plan,  of  the  Unit  Chapel,  Fort  Campbell,  Kentucky 


The  Unit  Chapel  built  at  Fort  Campbell, 
the  first  actually  designed  and  constructed, 
provides  an  example  to  use  in  analyzing  the 
effectiveness  of  a  standard  definitive  design 
approach.  Although  provisions  in  the  defini¬ 
tive  alleviated  architectural  efforts  in  layout 
and  schematics,  specific  interaction  of  struc¬ 
tural  elements  had  to  be  worked  out  in  detail 
while  maintaining  the  desired  finished  look. 

Design  Overview 

The  structural  design  of  the  Unit  Chapel 
includes  various  elements  and  types  of  con¬ 
struction  interfacing  at  key  locations.  The 
main  structure  is  the  central  worship  area 
framing.  For  Fort  Campbell,  the  choice  was 
finally  made  to  go  with  a  contractor-designed 
structural  glued-laminated  wood  frame.  A 
steel  option  was  considered,  but  the  user  and 
designers  preferred  the  look  of  the  exposed 
glued-laminated  wood.  Steel-braced  frames 
are  used  on  the  interior  of  the  building  as  sup¬ 
port  for  some  of  the  movable  partitions.  Lat¬ 
eral  loads  are  carried  by  tongue-and-groove 
wood  roof  decking  in  inclined  diaphragm  ac¬ 
tion  and  by  bracing  members.  Timber  purlins 
carry  the  wood  decking,  and  a  standing  seam 
metal  roof  covers  the  wood  deck  on  the  exte¬ 
rior.  The  roof  is  capped  with  a  steel-framed 
skylight  at  the  apex  of  the  wood  frames.  The 
surrounding  low-rise  facility  support  areas  are 
of  masonry  load  bearing  shear  walls  with  open 
web  steel  joists  and  metal  decking  for  the  roof 
support  system.  Non-structural  partitions  are 
metal  studs  with  gypsum  wallboard  facing, 
and  the  exterior  side  walls  adjacent  to  the  ac¬ 
tivity  room  and  classrooms  do  not  carry  axial 
loads  so  that  future  expansion  remains  possible 
and  uncomplicated.  The  roof  loads  in  the  ac¬ 
tivity  and  classroom  areas  are  carried  by  steel 
joists  to  other  transverse  masonry  walls.  Ma¬ 
sonry  parapets  are  used  around  the  exterior  to 
give  the  roof  a  flat  look. 

The  foundation  consists  of  various  types  of 
elements.  Continuous  wall  footings  designed 
for  3500-psf  net  bearing  support  the  masonry 
load  bearing  walls.  Isolated  spread  footings 


designed  for  4000-psf  net  bearing  support  the 
tube  steel  columns  of  the  interior  steel  braced 
frames,  and  belled  piers  designed  for  6000-psf 
net  bearing  support  the  glued-laminated  timber 
columns  of  the  main  frames.  In  addition,  the 
presence  of  a  shallow  72-inch  diameter  storm 
sewer  running  under  the  comer  of  the  building 
required  careful  layout  considerations  and  a  re¬ 
duction  of  the  allowable  net  bearing  pressure 
in  a  20-foot  vicinity  around  the  storm  sewer  lo¬ 
cation  to  2000  psf.  A  floating  slab  on  grade 
reinforced  with  welded  wire  mesh  is  utilized 
for  the  floor  system.  Figure  3  shows  front 
and  rear  elevations  of  the  Fort  Campbell  Unit 
Chapel  as  constructed. 


a.  Front  elevation 


b.  Rear  elevation 

Figure  3.  Elevations  of  the  Unit  Chapel, 
Fort  Campbell 
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Specific  Design  Challenges 

The  variation  of  structural  elements  and  es¬ 
pecially  the  presence  of  the  glued-laminated 
wood  framing  created  unique  challenges  in 
the  development  of  the  structural  plans  and 
specifications  for  this  project.  It  was  decided 
to  develop  the  specifications  to  cover  the 
glued-laminated  wood  framing  as  a  contractor- 
designed  item.  With  this  approach,  and  be¬ 
cause  different  features  like  the  “clerestory” 
window  and  the  movable  partitions  were  per¬ 
formance  sensitive,  coordination  during  de¬ 
sign  ~nd  construction  was  very  important.  An 
expanded  CEGS  6100  for  rough  carpentry  was 
utilized  in  creating  the  specification  for  the 
glued-laminated  wood  framing.  In  addition  to 
listing  required  structural  properties  for  the 
wood,  the  main  emphasis  of  the  specification 
enhancement  was  the  submittal  of  a  detailed  de¬ 
sign  analysis  of  the  framing  and  its  deflections. 

Located  in  seismic  zone  2,  the  Unit  Chapel 
is  exposed  to  earthquake  motions,  and  a  sepa¬ 
ration  between  the  main  structural  system — 
the  glued-laminated  wood  frames — and  the 
surrounding  masonry  and  steel  framed  con¬ 
struction  had  to  be  maintained  due  to  poten¬ 
tial  differential  movement.  Cantilevered 
glued-laminated  members  and  steel  stud  fram¬ 
ing  supported  by  the  wood  was  kept  indepen¬ 
dent  of  the  functional  area  structure  at  the  eaves 
with  a  2-inch  (horizontal  and  vertical)  seismic 
joint.  Also  stated  in  the  general  notes  of  the 
contract  drawings  for  the  glued-laminated 
wood  framing  is  a  limiting  lateral  deflection 
of  1.2  inches  for  a  basic  wind  speed  of  70  mph. 

To  avoid  operational  problems  with  the 
movable  partitions  used  in  reconfiguring  the 
worship  center  size,  a  limit  on  vertical  deflec¬ 
tion  of  1/2  inch  was  required  in  the  perimeter 
glued-laminated  wood  roof  support  beams 
spanning  between  the  wood  frames.  These 
members  support  the  movable  partition  track, 
and  excessive  deflection  could  cause  the  parti¬ 
tion  to  bind.  This  problem  was  alleviated 
when  the  glued-laminated  wood  designer  in¬ 
corporated  camber  into  the  longer  spans  that 
supported  the  movable  partitions.  For  the  long¬ 
est  span  of  68  feet,  a  camber  of  3-1/2  inches 


was  calculated  as  that  required  to  counteract 
dead  load  deflection.  Live  load  deflection  was 
within  the  tolerable  limit  of  1/2  inch.  The  other 
long  spans  of  52.5  feet  and  53.5  feet  were  given 
a  camber  of  2-3/8  inches  and  2-1/2  inches, 
respectively. 

The  “clerestory”  windows  also  complicated 
matters.  Originally  conceived  as  a  single 
framed  unit  with  ten  4-foot  panels,  the  design 
had  to  be  altered  to  include  vertical  slip  joints 
at  every  other  panel  in  the  window  frame  due 
to  the  glued-laminated  beam  deflection  under 
their  weight.  It  was  determined  that  3/4-inch 
deflection  would  be  seen  under  the  load  of  the 
windows,  and  the  original  window  frame  de¬ 
sign  was  incapable  of  absorbing  that  much 
movement.  This  interaction  had  to  be  coordi¬ 
nated  between  the  window  frame  fabricator, 
the  wood  frame  designers  and  the  contractor, 
and  was  achieved  during  the  shop  drawing  re¬ 
view  process.  Figures  4,  5,  and  6  show  finished 
details  of  the  skylight  at  the  apex  of  the  wood 
frames,  the  movable  partitions,  “clerestory” 
windows,  and  the  exposed  glued-laminated 
wood  framing. 

In  developing  a  definitive  design,  some 
site-specific  circumstances  can  never  be  fore¬ 
seen,  and  such  was  the  case  at  Fort  Campbell. 
There  is  an  existing  72-inch  storm  sewer  run¬ 
ning  through  the  site  and  actually  directly 
under  one  comer  of  the  Unit  Chapel.  The  ap¬ 
proximate  location  was  known,  but  the  exact 
position  with  respect  to  the  planned  building 


Figure  4.  View  from  interior  of  skylight 
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Figure  5.  Exposed  cantilevered  glue-laminated 
wood  framing 


Figure  6.  Moveable  partitions,  clerestory  windows 
and  exposed  glue-laminated  wood  framing 

layout  was  not.  Originally,  the  sewer  was  to  be 
relocated,  but  a  cost  savings  of  $100,000  was 
observed  by  leaving  it  in  place  and  going  to  a 
pier  foundation.  To  minimize  the  potential 
interference  and  surcharging  of  the  sewer  line, 
belled  piers  were  used  as  foundation  elements 


supporting  the  timber  frames.  This  served  to 
reduce  the  plan  area  of  the  foundation  in  com¬ 
parison  to  isolated  spread  footings  at  the  prob¬ 
able  location  of  the  sewer  line,  thus  reducing 
risk  of  interference.  Piers  also  carried  the  load 
deeper  to  a  point  below  the  sewer  elevation 
which  avoided  additional  load  on  it  which 
would  not  have  been  accomplished  with  shal¬ 
low,  isolated  spread  footings.  Strict  attention 
and  coordination  had  to  be  paid  to  this  poten¬ 
tial  problem  during  the  design  and  construc¬ 
tion  phases. 

Conclusions 

The  use  of  a  standard  definitive  design  can 
be  beneficial  and  cost  effective  if  proper  atten¬ 
tion  is  given  to  critical  details.  Though  con¬ 
ceived  in  a  general  context  and  developed  to 
allow  flexibility  in  the  designers  options,  cer¬ 
tain  aspects  and  critical  elements  should  be 
studied  in  detail  in  an  attempt  to  identify  po¬ 
tential  problem  areas.  Any  problem  can  be 
worked  out,  but  too  many  problems  to  work 
out  can  be  defeating  of  the  purpose  behind  a 
definitive  approach. 

The  most  apparent  deficiency  in  the  defini¬ 
tive  plans  for  the  Unit  Chapel  is  the  lack  of 
structural  considerations  in  the  conceptual 
plans.  For  example,  the  space  allowed  in  the 
concept  plans  for  structural  members  and  me¬ 
chanical  equipment  between  the  ceiling  and 
roof  system  was  inadequate  for  the  required 
member  depths  and  duct  requirements  at  Fort 
Campbell.  The  roof  lines  were  altered  as  re¬ 
quired,  as  the  definitive  concept  allows,  but  this 
action  affected  the  architectural  effect  of  the 
building’s  original  geometry.  Also,  the  consid¬ 
erations  given  to  deflections  and  structure  inter¬ 
action  were  not  identified  until  the  design 
process  was  well  underway,  and,  though  not  in¬ 
surmountable,  it  would  be  highly  advantageous 
to  know  these  required  considerations  at  the 
start.  Obviously,  specific  requirements  would 
not  be  known  due  to  the  possible  variation  in 
structure  types,  site  locations,  and  loadings,  but 
some  foresight  could  be  used  in  identifying  and 
flagging  potential  special  considerations. 
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Effects  of  Interface  Friction  on  the  Behavior 
of  Shallow-Buried  Arches 


by 

Frank  D.  Dallriva,  PE1 


Abstract 

The  determination  of  the  loads  on  and  behavior  of  shallow-buried  arch  structures 
is  complicated  by  the  geometry  of  the  arch  and  by  the  effects  of  soil-structure 
interaction.  A  common  approach  to  the  dynamic  analysis  of  buried  arches  is  to 
idealize  the  structure  as  a  lumped  parameter  single-degree-of-freedom  (SDOF) 
system.  Input  into  the  SDOF  model  includes  a  loading  function  and  a  structural 
resistance-deflection  relationship.  The  load  on  a  buried  arch  due  to  overpressure 
at  the  ground  surface  includes  a  radial  and  a  tangential  component.  The  radial 
component  can  be  measured  experimentally;  however,  it  is  extremely  difficult  to 
measure  interface  friction  reliably. 

Two  reinforced  concrete  arches  were  tested  statically  in  a  sand  backfill.  The 
arches  were  semicircular  with  an  inside  radius  of  1  ft,  9  in.,  and  a  thickness  of  2  in. 
One  arch  was  covered  with  two  layers  of  l/32-in.-thick  Teflon  at  the  soil-structure 
interface  to  significantly  reduce  the  friction  loads.  The  loading  and  behavior  of  the 
two  arches  were  compared.  Based  on  the  experimental  data,  it  appears  that 
interface  friction  on  a  shallow-buried  arch  has  only  a  minimal  effect  on  its  ultimate 
capacity  for  the  case  of  uniform  static  overpressure  and  sand  backfill.  However, 
there  appeared  to  be  a  significant  effect  on  the  load-deflection  relationship.  The 
internal  forces  in  the  arch  with  lower  friction  tended  more  toward  pure  compression 
than  those  in  the  other  arch. 


Introduction 


The  objectives  of  this  study  were  to  evaluate 
the  effects  of  soil-structure  interaction,  particu¬ 
larly  interface  skin  friction,  on  the  loading  and 
behavior  of  a  shallow-buried  reinforced  con¬ 
crete  arch  structure  in  a  sand  backfill. 

Two  reinforced  concrete  arch  structures 
were  tested  statically  in  a  sand  backfill  at  a 
depth-of-burial  (DOB)  of  7.5  in.,  which  re¬ 


sulted  in  a  depth-to-arch-diameter  ratio  of  about 
1 :6.  The  arches  were  semicircular  with  an  in¬ 
side  radius  of  1  ft,  9  in.,  a  thickness  of  2  in.  and 
were  supported  on  continuous  concrete  footings. 
The  arches  were  constructed  as  nearly  identical 
as  possible  except  that  one  arch  was  covered 
with  two  sheets  of  l/32-in.-thick  Teflon  at  the 
soil-structure  interface  to  significantly  reduce 
the  interface  skin  friction.  Since  the  frictional 
force  is  difficult  to  measure  reliably,  the  use  of 
Teflon  on  one  arch  provided  a  means  of  evalu¬ 
ating  the  effects  of  interface  skin  friction  by 


1  US  Army  Engineer  Waterways  Experiment  Station,  Vicksburg,  MS. 
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comparing  the  test  results  with  the  arch  with¬ 
out  Teflon.  The  first  arch  tested,  which  did 
not  have  Teflon  at  the  soil-structure  interface, 
was  designated  as  arch  S-l .  The  arch  with  two 
Teflon  layers  at  the  soil -structure  interface  was 
designated  arch  S-2. 

Experimental  investigation 
Arch  construction  details 

Construction  details  and  dimensions  of  the 
model  arch  structures  are  shown  in  Figure  1 . 
The  inside  radius  of  the  arches  was  1  ft,  9  in., 
and  the  thickness  of  the  arch  rings  was  2  in. 
Reinforcing  steel  in  the  radial  direction  con¬ 
sisted  of  D3  wire  (area  equals  0.0295  in.2) 
spaced  at  2-1/4  in.  on  center  in  each  face, 
which  resulted  in  a  principal  reinforcing  steel 
ratio  of  approximately  0.008  in  each  face. 
Longitudinal  reinforcing  consisted  of  D3  wire 
spaced  at  8.5  deg  on  center  and  was  placed  in¬ 
side  the  radial  steel.  A  concrete  cover  of 
1/4  in.  was  maintained  over  the  principal  rein¬ 
forcing  steel.  After  concrete  placement  and 
removal  of  the  forms,  one  of  the  arches  re¬ 
ceived  a  1/32-in.  layer  of  Teflon.  The  Teflon 
was  glued  to  the  exterior  surface  and  the 
edges  of  the  arch  ring. 

Test  configuration  and  procedure 

Figure  2  shows  the  test  configuration.  The 
test  device  is  capable  of  developing  pressures 
up  to  3,000  psi.  Two  layers  of  Teflon  were 
placed  on  the  inside  f?°e  of  the  test  chamber 
to  reduce  the  amount  of  friction  between  the 
sand  and  the  chamber.  In  each  of  the  two 
tests,  sand  was  placed  to  the  proper  height  in 
the  test  facility  in  6-in.  lifts  and  compacted  to 
provide  a  uniform  support  for  the  model  struc¬ 
ture.  The  precast  concrete  footings  were  set 
in  place  in  the  chamber,  and  a  steel  support 
for  deflection  gages  was  welded  to  embedded 
plates  in  the  footings.  The  arch  ring  was  then 
lowered  into  the  chamber  and  placed  in  the 
proper  position  on  the  footings  and  grouted  in. 
Transducers  for  measuring  structure  loading 
and  behavior  we  re  then  installed,  and  sand 
backfill  was  placed  around  and  over  the  arch 


to  a  height  of  7.5  in.  above  the  arch  crown. 
Steel  endplates  were  used  to  close  the  ends  of 
the  arches.  The  ends  of  the  arches  and  the  steel 
plates  were  covered  with  Teflon  to  provide  a 
Teflon-Teflon  interface  between  the  two, 
thereby  reducing  the  effects  of  end  support  as 
the  arches  were  loaded.  After  closing  up  the 
end  of  the  arch,  sand  was  placed  in  6-in,  lifts 
and  compacted  by  making  four  passes  with  a 
23-lb  hand  tamp  having  a  6-3/4-  by  1 1  -in.  foot. 

In  each  test  the  data  type  recorder  was 
started  immediately  preceding  the  opening  of 
the  waterline  valve  used  to  fill  the  test  device 
with  water.  The  time  required  to  fill  the  water 
chamber  was  approximately  20  minutes.  A  re¬ 
lief  plug  at  the  top  of  the  water  chamber  indi¬ 
cated  when  the  chamber  was  full  at  which 
time  the  waterline  valve  was  closed  to  allow 
closing  of  the  relief  valve.  The  pump  was 
then  started  and  the  pressure  in  the  water 
chamber  was  increased  very  slowly  to  load 
the  soil  surface.  As  each  test  proceeded,  a 
plot  of  water  pressure  versus  arch-crown  de¬ 
flection  was  monitored  to  provide  a  means  of 
determining  when  a  terminate  the  test. 

Instrumentation 

Thirty  channels  of  data  were  recorded  on 
magnetic  tape  in  each  of  the  two  tests  on  a  32- 
channel  Sangamo  Model  III  FM  magnetic 
tape  recorder.  The  data  for  each  channel 
were  later  digitized,  processed,  and  plotted. 
The  instrumentation  layout  for  both  tests  is 
shown  in  Figure  3. 

Two  water-pressure  gages  (Kulite  Model 
HKM-375)  were  used  to  record  the  pressure 
applied  to  the  soil  surface  over  the  arches. 

Two  gages  were  used  so  that  if  one  malfunc¬ 
tioned,  data  from  the  backup  gage  could  be 
used.  One  of  the  water-pressure  gages  was 
used  as  a  reference  channel  against  which  all 
other  data  were  plotted. 

Nine  interface  pressure  (IP)  gages  (Micro- 
Gage  Model  P-302)  were  mounted  around  the 
arch  ring  at  approximately  every  22.5  deg  to 
define  the  pressure  distribution  around  the 
arch.  The  gages  had  a  range  of  1 ,000  psi. 
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STEEL  PLATE  E A  END 


Figure  1 .  Construction  details  and  dimensions 
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Figure  2.  Test  configuration 
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Figure  3.  Instrumentation  layout 


The  gages  were  installed  in  mounting  hard¬ 
ware,  which  was  fabricated  at  the  US  Army 
Engineer  Waterways  Experiment  Station 
(WES),  and  installed  in  a  sleeve  that  had  been 
cast  into  the  concrete  arch  ring.  The  gages 
were  placed  flush  with  the  outside  surface  of 
the  arch  ring. 

Eight  single-axis,  metal  film  strain  gages 
were  mounted  to  principal  (radial)  reinforcing 
bars  in  the  arch  ring.  Four  were  on  interior 
bars  (El)  and  four  on  exterior  or  outer  bars 
(EO).  These  gages  (Micro-Measurements 
Model  EA-06-250BF-350-W)  were  0.25-in„ 
350-ohm,  temperature-compensated  gages. 

Two  displacement  (D)  transducers 
(Celesco  Model  PT-101)  with  a  range  of 
10  in.  were  used  to  record  the  vertical  dis¬ 
placement  of  the  arch  ring  at  0  and  -45  deg. 
The  body  of  the  transducers  was  mounted  to  a 
steel  support  which  was  welded  to  embedded 
plates  in  the  footings. 

Nine  free-field  soil  stress  (SE)  gages  (Ku- 
lite  Model  LQV-080-8UH)  were  used  in  each 
test.  Both  vertical  and  horizontal  stress  mea¬ 
surements  were  made.  In  both  tests,  a  gage 
was  placed  1 .5  in.  below  one  of  the  footings 
so  that  bearing  pressures  could  be  measured. 
In  test  S-l  (no  Teflon),  two  gages  were  used 
to  measure  vertical  free-field  stress  at  the 
arch  crown  elevation  to  provide  a  backup.  In 
test  S-2,  instead  of  using  a  backup  gage  at  the 
arch  crown,  one  gage  was  placed  1  in.  above 
the  top  of  one  of  the  footings  to  provide  a 
measurement  of  the  approximate  interface 
pressure  at  the  top  of  the  footing. 

Material  properties 

The  concrete  mix  for  these  tests  were  de¬ 
signed  to  have  a  28-day  compressive  strength 
of  4,000  psi.  Cylinders  were  tested  at  28  days 
and  on  the  day  of  each  arch  test.  The  average 
28-day  concrete  strength  was  about  4,400  psi. 

One  of  the  cylinders  was  instrumented  with 
strain  gages  to  allow  the  constitutive  relation¬ 
ships  of  the  concrete  under  uniaxial  compressed 
to  be  evaluated.  The  computed  modulus  of 


elasticity  was  4.35E6  and  Poisson’s  ratio  was 
determined  to  be  0.14. 

All  reinforcing  steel  used  in  the  arch  rings 
and  footings  was  the  American  Society  for 
Testing  and  Materials  (ASTM)  A496  D3  for 
deformed  wire  (ASTM  1969),  which  has  a 
cross-sectional  area  of  0.0295  in.  The  wire 
was  heat-treated  in  an  oven  at  WES  until  a 
yield  strength  of  approximately  60,000  psi 
was  reached.  The  yield  strength  before  heat 
treatment  was  approximately  90,000  psi.  Ran¬ 
dom  samples  of  the  reinforcement  were  tested 
to  rupture  in  a  tensile-testing  apparatus.  The 
yield  and  ultimate  strengths  of  the  reinforce¬ 
ment  were  computed  by  dividing  the  applied 
tensile  force  by  the  original  cross-sectional 
area  of  the  bar.  Results  of  the  reinforcement 
tensile  tests  and  the  concrete  compressive 
tests  are  presented  in  Table  1. 


Table  1 

Concrete  Compressive  Test 
and  Steel  Tensile  Test  Results 

Reinforcing  Steel 

Wire  Size 

Sample 

Yield 

Strength. 

psi 

Ultimate 

Strength, 

psi 

D3 

1 

65.830 

75.900 

D3 

2 

65.400 

75,000 

D3 

3 

67,500 

75,900 

D3 

4 

57,030 

65,770 

D3 

5 

57,130 

64,830 

D3 

6 

57,630 

65,570 

D3 

Average 

61.770 

70.550 

J  Concrete  | 

Batch 

28-Day 

Compressive 

Strength, 

psi 

Compressive 
Strength 
on  Test 

Day,  psi 

Element 

Age  When 

Tested, 

days 

1 

4,460 

4,420  (S-1) 

35 

1 

4,560  (S-2) 

45 

2 

4,320 

4.390  (S-1) 

35 

The  sand  backfill  was  obtained  locally 
from  a  commercial  supplier.  The  sand  was 
classified  as  poorly  graded  (SP)  according  to 
the  Unified  Soil  Classification  System  (US 
Department  of  Defense  1968).  Laboratory 
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tests  were  conducted  on  samples  of  the  sand 
to  determine  its  gradation,  compaction  charac¬ 
teristics,  and  angle  of  internal  friction,  which 
was  38.5  deg.  As  the  backfill  was  being 
placed  in  6-in.  lifts,  several  water  content  and 
density  readings  were  taken  at  each  lift  using 
a  Troxler  nuclear  testing  device.  The  water 
content  measurements  in  test  S-l  ranged  from 
4.9  to  12.4  percent  and  averaged  7.4  percent, 
while  in  test  S-2  they  ranged  from  2.7  to 
7.6  percent  and  averaged  5.9  percent.  The 
dry  density  measurements  in  test  S-l  ranged 
from  101.6  to  108.3  pcf  with  an  average  of 
105.4  pcf.  The  dry  density  measurements  in 
test  S-2  ranged  from  99.2  to  109.1  pcf  with  an 
average  of  104.1  pcf. 

Experimental  Results 
Observations 

As  the  test  of  arch  S-l  proceeded,  water 
pressure  versus  crown  deflection  was  closely 
monitored.  When  the  water  pressure  reached 
about  550  psi,  the  crown  deflection  was  only 
about  0.35  in.  To  continue  loading  the  arch  at 
this  point  would  likely  have  resulted  in  clip¬ 
ping  any  additional  data  since  the  calibration 
steps  on  most  of  the  gages  were  set  at  500  psi. 
Therefore,  the  water  pressure  was  lowered  back 
to  zero,  and  the  arch  was  visually  inspected 
through  a  borescope.  The  only  indication  of 
any  damage  was  some  very  small  hairline 
cracks  at  the  arch  crown.  At  this  point,  it  was 
decided  that  the  calibration  steps  would  be 
reset  to  a  higher  value  and  the  structure  would 
be  reloaded.  The  water  pressure  was  again 
slowly  applied  until  it  reached  about  840  psi. 
At  this  point,  it  was  determined  that  the  struc¬ 
ture  should  be  inspected  for  damage  in  case 
the  deflection  plot  being  viewed  was  in  error. 
To  view  the  arch  through  the  borescope  re¬ 
quires  that  the  arch  be  unloaded  first.  If  the 
arch  were  to  fail  catastrophically,  water  and 
sand  under  high  pressures  could  be  forced  out 
through  the  opening  used  for  the  borescope, 
possibly  resulting  in  serious  injury  to  anyone 
looking  through  the  borescope.  The  water 
pressure,  therefore,  was  decreased  to  zero.  The 
attempt  to  view  the  damage  was  not  success¬ 


ful,  because  rigid  body  displacement  and  foot¬ 
ing  rotation  had  caused  sand  to  block  the  end 
of  the  borescope.  At  this  point,  it  was  de¬ 
cided  to  reload  the  arch.  The  water  pressure 
was  again  applied  and  reached  approximately 
700  psi,  at  which  time  a  decrease  in  pressure 
and  an  increase  in  crown  deflection  indicated 
failure  of  the  arch.  The  test  was  terminated  at 
this  point. 

The  knowledge  gained  in  testing  arch  S-l 
resulted  in  better  gage  predictions  for  arch  S-2. 
In  this  test  only  one  loading  sequence  was 
conducted.  The  water  pressure  was  applied 
slowly  until  a  large  increase  in  crown  deflec¬ 
tion  and  a  decrease  in  pressure  occurred  at 
about  820  psi,  which  indicated  that  the  arch 
had  failed.  After  the  pressure  had  been  low¬ 
ered  to  zero,  visual  inspection  of  the  inside  of 
the  arch  was  made  using  the  borescope.  This 
inspection  revealed  that  severe  damage  had 
occurred.  The  test  was  terminated,  and  the 
structure  was  excavated. 

Structural  damage 

Posttest  photographs  of  arch  S-l  are  shown 
in  Figures  4  and  5.  The  crown  deflection  rela¬ 
tive  to  the  footings  was  about  2-3/4  in.  The 
average  rigid  body  displacement,  obtained  by 
averaging  the  downward  displacement  of  the 
footings  at  the  four  comers  of  the  structure, 
was  about  1/4  in.  Each  of  the  footings  rotated 
inward  about  1.5  deg.  Small  tension  cracks 
occurred  on  the  outside  and  crushing  and 
spalling  occurred  on  the  inside  of  the  arch 
ring  at  about  +45  and  -45  deg  and  extended 
the  entire  length  of  the  arch,  indicating  flex¬ 
ural  behavior  at  these  locations.  On  the  west 
side,  a  large  crack  ran  the  iength  of  the  arch. 

At  the  north  end,  the  crack  was  located  at 
about  -30  deg  and  it  ran  downward  in  a  zigzag 
pattern  to  the  other  end  where  it  ended  at 
about  -80  deg.  Some  local  buckling  of  the  re¬ 
inforcing  bars  was  evident  at  this  crack.  At 
the  north  end  of  this  crack  the  arch  ring  ap¬ 
peared  to  have  sheared  through  and  slipped  to 
where  the  two  sections  were  overlapping. 
Small  tension  cracks  were  visible  on  the  inte¬ 
rior  of  the  arch  at  the  crown,  and  a  small 
amount  of  concrete  crushing  was  visible  on 
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Figure  4.  Posttest  view  of  north  end  of  arch  S-1 


Figure  5.  Posttest  view  of  south  end  of  arch  S-1 
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the  exterior,  indicating  flexural  displacement 
at  the  crown.  Near  the  arch-footing  intersec¬ 
tion,  major  concrete  cracking  and  spalling  oc¬ 
curred  on  both  sides  and  the  arch  was  cracked 
all  the  way  through  its  thickness.  Large 
cracks  in  the  footing  ran  from  directly  below 
the  arch  ring  to  the  bottom  of  the  footing. 

Posttest  damage  photographs  of  arch  S-2 
are  shown  in  Figures  6  and  7.  The  crown  de¬ 
flection  relative  to  the  footings  was  5-1/4  in. 
on  the  north  end  and  1  in.  on  the  south  end. 
The  average  rigid  body  displacement  was 
3/8  in.  There  was  no  measurable  rotation  of 
the  footings.  On  the  south  end,  the  arch  ring 
crushed  and  sheared  all  the  way  through  its 
thickness  for  slightly  more  than  one-half  its 
length.  A  large  radial  crack  formed  and  ran 
across  the  arch  to  about  -20  deg  where  it 
turned  and  ran  longitudinally  to  the  south  end 
of  the  arch.  The  arch  segment,  outlined  by 
this  continuous  crack,  deflected  downward 
and  was  prevented  from  totally  collapsing 
mainly  by  the  reinforcing  steel  since  most  of 
the  concrete  was  sheared  through.  At  about 
+85  deg  (east  side)  near  the  arch-footing  inter¬ 
section,  concrete  crushing  and  buckling  of  the 
reinforcing  bars  took  place.  Some  crushing 
and  spalling  of  the  concrete  also  occurred  on 
the  west  side  near  the  arch-footing  intersec¬ 
tion;  however,  it  was  not  as  severe  as  on  the 
east  side. 

Instrumented  data 


about  300  psi,  at  which  point  the  slope  of  the 
curve  for  test  S-l  became  less  steep,  i.e., 
more  deflection  was  occurring  for  a  given  in¬ 
crease  in  water  pressure.  The  maximum  pres¬ 
sure  reached  for  both  arches  was  slightly  over 
800  psi;  however,  the  deflection  of  the  arch  S- 
1  was  much  greater  at  this  pressure  than  was 
the  deflection  of  arch  S-2.  It  appears  that  this 
was  not  merely  the  result  of  unloading  and  re¬ 
loading  arch  S-l,  because  the  load-deflection 
curve  for  the  initial  loading  shows  arch  S-l  to 
be  less  stiff  than  arch  S-2.  In  both  tests  after 
the  maximum  load  was  reached,  the  slope  of 
the  curve  is  negative.  This  part  of  the  load-de¬ 
flection  curve  is  not,  however,  an  accurate 
measure  of  the  static  resistance.  When  the 
maximum  load  was  reached  in  each  test,  the 
arch  became  unstable  due  to  crushing  of  con¬ 
crete,  buckling  of  reinforcing  bars,  and  shear. 
The  response  at  this  point  became  dynamic, 
in  that  the  arch  suddenly  deflected  a  large 
amount.  The  change  in  volume  in  the  test  fa¬ 
cility  resulted  in  the  pressure  reduction.  Due 
to  the  unstable  nature  of  the  behavior  of  the 
arch  after  the  ultimate  load  was  reached,  it 
was  impossible  to  record  a  true  static  load-de¬ 
flection  relationship.  In  reality,  brittle  or  un¬ 
stable  behavior  of  this  type  would  result  in  a 
sharp  drop  in  resistance  with  very  little  addi¬ 
tional  deflection,  perhaps  followed  by  a  less 
steep  negative  slope. 

Analysis  of  Results 


A  comparison  of  the  recorded  arch -crown 
deflections  is  shown  in  Figure  8.  Included  in 
the  comparison  are  the  deflections  correspond¬ 
ing  to  each  load-unload  sequence  of  arch  S- 1 . 
When  arch  S- 1  was  unloaded,  very  little  de¬ 
flection  was  recovered.  Upon  reloading,  the 
curve  closely  followed  the  unload  curve  up  to 
about  two-thirds  the  previous  maximum  load 
where  it  became  less  steep.  In  the  third  load 
sequence  of  test  S-l  and  in  test  S-2,  the  arch 
deflected  suddenly,  accompanied  by  a  rapid 
pressure  decrease  due  to  the  increase  in  vol¬ 
ume  in  the  test  chamber.  At  this  point  the  test 
was  stopped.  The  curves  show  that  the  load- 
deflection  relationship  in  test  S-l  (first  load 
sequence)  and  S-2  were  very  similar  up  to 


Experimental  moments  and  thrusts  in  the 
arch  rings  were  computed  using  strain  data  re¬ 
corded  from  gages  placed  on  the  inner  and 
outer  reinforcing  bars  at  0,  -45,  and  80  deg 
from  the  crown.  Comparisons  made  between 
the  two  arches  included  moment  versus 
thrust,  overpressure  versus  moment,  and  over¬ 
pressure  versus  thrust. 

A  computer  program  was  written  to  calcu¬ 
late  the  combined  moments  and  thrusts  in  the 
arch  ring  using  experimental  strained  data. 

The  calculational  procedure  was  based  on  the 
free-body  diagram  and  the  assumed  linear 
strain  distribution  shown  in  Figure  9.  The 
inner  and  outer  experimental  reinforcing  bar 
strains  were  input,  and  a  computed  straight 
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Figure  6.  Posttest  view  of  north  end  of  arch  S-2 


Figure  7.  Posttest  view  of  south  end  of  arch  S-2 
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Figure  8.  Measured  arch  crown  deflection  relative  to  footings 


Figure  9.  Concrete  section  tree-body  diagram  and  assumed  strain  distribution 
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line  through  the  two  points  defined  the  strain 
distribution  across  the  section.  The  concrete 
stress  across  the  section  was  calculated  based 
on  the  Kent-Park  stress-strain  curve  shown  in 
Figure  10  (Park  and  Paulay  1975). 

The  stress-strain  curve  used  to  compute  the 
reinforcing  steel  stress  is  shown  in  Figure  1 1 
and  takes  into  account  plastic  strains.  Once 
the  stresses  in  the  reinforcing  steel  and  across 
the  concrete  section  have  been  computed,  the 
thrust  and  moment  is  calculated  by 

P  =  Fc  +  Fs'  -  Fs  (1) 

M  =  {(P)  (h/2)  +  (Fus)  (d) 

-  (Fc)  (kx)  -  (Fs')(d')l  (2) 

where  the  terms  are  graphically  shown  in 
Figure  9. 

Figure  12  compares  the  load  paths  (mo¬ 
ment-thrust  interaction  as  the  arches  were 
being  loaded)  in  both  tests  at  each  strain  gage 
location  along  with  the  theoretical  ultimate 
moment-thrust  interaction  diagram.  The  theo¬ 
retical  curve  was  computed  assuming  failure 
at  a  concrete  compressive  strain  of  0.003. 
These  plots  show  that  at  each  of  three  loca¬ 
tions  in  the  arch  ring,  the  ultimate  strength  of 
the  section  was  reached  in  the  compression  re¬ 
gime  of  the  moment-thrust  diagram,  i.e., 
above  the  point  representing  the  condition  of 
balance  thrust.  The  location  in  both  tests 
which  had  the  highest  ratio  of  thrust  to  moment 
throughout  most  of  the  loading  was  -45  deg 
with  0  deg  having  the  lowest.  Arch  S-2  had 
higher  thrust-to-moment  ratios  at  all  three  lo¬ 
cations  than  did  arch  S-l  throughout  most  of 
the  loading,  indicating  that  the  behavior  of 
the  Teflon-covered  arch  was  in  more  of  a 
compression  mode  than  the  other  arch. 

Table  2  lists,  for  each  of  the  three  strain 
gage  locations,  the  static  overpressure  when 
the  theoretical  ultimate  capacity  of  the  section 
was  reached  at  that  location.  This  was  ob¬ 
tained  by  reading  the  thrust  values  from  the 


load  paths  at  the  point  where  they  intersected 
the  ultimate  moment-thrust  curve  and  by  find¬ 
ing  the  corresponding  pressure  on  the  thrust- 
pressure  plots.  In  both  test  S-l  and  test  S-2, 
the  theoretical  ultimate  capacity  at  the  crown 
was  reached  first  followed  by  the  45-deg  loca¬ 
tion  and  then  the  80-deg  location.  In  test  S-l 
the  overpressure,  when  the  ultimate  capacity 
at  the  crown  was  reached,  was  390  psi,  and  in 
test  S-2  it  was  325  psi.  In  both  tests,  as  the 
pressure  increased  after  the  ultimate  capacity 
at  the  crown  was  reached,  the  moment  started 
decreasing.  In  test  S-2,  the  moment  at  the 
crown  decreased  to  such  an  extent  that  the 
sign  changed  from  positive  to  negative.  This 
resulted  in  the  moment  and  thrust  at  the  crown 
decreasing  below  the  ultimate  capacity  while 
the  ultimate  capacity  was  being  reached  at  the 
other  locations  in  the  arch.  Test  S-l  appeared 
to  behave  similarly  before  the  pressure  was  re¬ 
duced  to  zero  to  recalibrate  the  gages.  As  the 
pressure  increased  after  the  ultimate  capacity 
was  reached  at  the  strain  gage  locations,  the 
moment  at  those  locations  tended  to  start  re¬ 
ducing,  resulting  in  the  arch  behaving  more  in 
compression.  This  had  the  effect  of  providing 
the  arch  with  added  load  carrying  capacity  and 


Table  2 

Water  Pressure  at  Ultimate  Strength 

Test 

Water  Pressure,  psi,  at  Indicated 
Locations  in  kArch  Ring,  deg 

0 

-45 

80 

S-1 

390 

410 

420 

S-2 

325 

530 

580 

was  the  result  of  the  soil  confining  the  arch 
ring. 

Conclusions  and 
Recommendations 

Conclusions 

Based  on  the  thrust-moment  plots  com¬ 
puted  from  experimental  strains  and  shown  in 
Figure  1 1 ,  the  behavior  of  both  arches  was 
similar;  however,  the  arch  with  the  Teflon  in¬ 
terface  behaved  slightly  more  in  compression 
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Figure  10.  Kent-Pcrk  concrete  model 


Figure  1 1 .  Reinforcing  steel  constitutive  model 
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than  did  the  other  arch.  Internal  moments  and 
thrusts  were  generally  lower  in  the  Teflon- 
covered  arch.  Although  the  maximum  load  in 
both  tests  was  nearly  equal,  the  higher  moments 
in  test  S-l  resulted  in  a  more  gradual  slope  up 
to  the  maximum  load  in  the  load-deflection 
curve  when  compared  to  test  S-2  (Figure  8). 
in  test  S-l  (no  Teflon),  the  theoretical  ultimate 
capacity  of  the  concrete  section  at  0,  -45,  and 
80  deg  was  reached  at  nearly  the  same  over¬ 
pressure,  although  the  thrust-to-moment  ra¬ 
tios  were  significantly  different  among  the 
three  locations.  In  test  S-2,  the  ultimate  ca¬ 
pacity  was  reached  first  at  the  crown,  fol¬ 
lowed  by  -45  and  80  deg,  respectively,  and 
the  thrust-to-moment  ratios  among  the  three 
locations  were  signficantiy  different. 

Rigid  body  displacement  to  the  arches  in 
the  experiments  could  have  contributed  signif¬ 
icantly  to  the  soil-structure  interaction  ef¬ 
fects,  especially  in  test  S-l,  because  the  rigid 
body  displacement  accounted  for  a  significant 
percentage  of  the  total  deflection  at  maximum 
overpressure.  This  indicates  that  the  width  of 
the  footing  could  play  an  important  role  in  de¬ 
termining  the  loading  and  resulting  behavior 
of  a  buried  concrete  arch,  especially  in  back¬ 
fill  material  having  high  shear  strength  which 
allows  more  soil  arching  to  occur. 

Recommendations 

An  extension  of  the  data  base  is  necessary 
to  support  the  findings  of  these  two  tests.  Pa¬ 
rameters  which  should  be  varied  to  investigate 
their  effect  on  arch  loading  and  behavior  in¬ 
clude  soil  backfill  type,  arch  radius-to-thickness 
ratio,  footing  width,  degree  of  fixity,  reinforce¬ 
ment  ratio,  and  the  use  of  stirrups  in  the  arch 
ring.  Based  upon  the  results  presented  herein, 
the  following  recommendations  are  made: 

•  Interface  friction  loading  on  shallow-bur¬ 
ied  arches  should  not  be  ignored  since  it 
appears  to  affect  the  load-deflection  and 
the  internal  moment-thrust  relationships. 

•  If  the  analysis  procedure  being  used  does 
not  take  into  account  the  friction  coeffi¬ 
cient  between  the  soil  and  the  structure,  as¬ 


suming  a  fixed  interface  is  probably  bet¬ 
ter  than  assuming  a  frictionless  interface. 

•  When  using  simplified  analysis  procedures 
to  estimate  arch  behavior,  soil  arching 
should  be  taken  into  account  using  equa¬ 
tions  such  as  those  by  Flaihau  (ASCE 
1 984).  The  equation  computes  only  the 
ability  of  the  soil  backfill  to  arch  load  from 
one  point  to  another  in  response  to  a  rela¬ 
tive  displacement  between  the  two  points. 
The  analyst  must  determine  whether  or  not 
soil  arching  will  occur  and,  if  so.  whether  it 
will  be  active  or  passive  arching.  Further 
experimental  and  analytical  investigation 
should  be  conducted  to  determine  the  ef¬ 
fects  of  pertinent  parameters  on  soil  arch¬ 
ing  as  it  relates  to  shallow-buried  arches. 
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Replacement  of  Penstocks 
at  Fort  Peck  Power  Plant  No.  1 


by 

Donald  F.  Miller 1 


Abstract 

Fort  Peck  Dam  and  Lake  is  the  largest  hydraulic  fill  dam  in  the  world  and  the 
fifth  largest  man-made  reservoir  in  the  United  States.  Construction  started  in  1933 
and  was  completed  in  1940.  Full  hydropower  was  in  operation  by  1 943.  The  Omaha 
District  is  tasked  with  the  continued  repair  and  maintenance  to  preserve  such 
engineering  achievements  at  Fort  Peck  Dam  to  assure  continued  operation.  This 
paper  centers  on  the  evaluation  of  the  existing  riveted  steel  penstock  system  of  Power 
Plant  No.  I  and  conclusions  that  led  to  a  19  million  dollar  penstock  replacement 
project. 


Introduction 

Fort  Peck  Power  Plant  No.  1  is  located  on 
the  Missouri  River  in  northeast  Montana  ap¬ 
proximately  20  miles  southeast  of  Glasgow. 
The  project  consists  of  a  hydraulic  filled  dam, 
two  power  plants,  spillway,  two  flood  tunnels 
and  ancillary  service  areas,  and  buildings. 

Power  Plant  No.  1  consists  of  a  screened 
low-level  intake  supplying  three  Francis  tur¬ 
bines  via  5,400  ft  of  riveted  steel  pressure 
tunnel,  trifurcation,  and  three  penstocks  (see 
Figure  1).  The  power  tunnel  is  24.67  ft  in 
diameter.  Two  of  the  penstocks  are  14  ft  in 
diameter,  and  the  third  is  1 1  ft  in  diameter. 

The  present  plant  was  constructed  in  stages, 
beginning  with  a  single  35  MW  unit  in  the 
early  1940’s,  then  adding  a  trifurcation,  surge 
tanks,  a  second  15  MW  unit,  and  part  of  Pen¬ 
stock  No.  3  in  1943.  The  third  35  MW  unit 


was  added  in  1951.  Each  penstock  has  a  but¬ 
terfly  valve  positioned  between  the  turbine 
and  surge  tank  riser. 

The  design  for  the  tunnel  and  surge  tank 
was  hydraulically  model  tested  in  1940-41  for 
a  maximum  discharge  of  9,500  cfs.  This  was 
to  verify  surge  tank  sizing  and  to  determine 
waterhammer  and  hydraulic  friction  losses. 

In  1952  testing  was  undertaken  to  deter¬ 
mine  the  efficiency  of  Units  2  and  3.  This 
testing  indicated  that  the  actual  discharge  of 
the  units  was  significantly  higher  than  the  tur¬ 
bine  model  tests  had  predicted.  Studies  com¬ 
pleted  in  1 975  indicated  that  the  units  should 
be  uprated  by  rewinding  the  generator  stators. 
This  was  subsequently  done  and  the  resulting 
generator  ratings  at  full  load  were  increased 
to  50  MW  for  Units  1  and  3,  and  21  MW  for 
Unit  2.  This  in  effect  further  increased  the  dis¬ 
charge  capacity  of  the  turbines. 


1  Structural  Engineer,  US  Army  Engineer  District,  Omaha;  Omaha,  NE. 
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Figure  1 .  Existing  penstock  layout 


Studies 

Surge  tank  overtopping  study 

After  the  uprating,  a  question  was  raised 
concerning  adequacy  of  the  surge  tanks  with 
the  increased  discharge  capacity  of  the  plant. 
Computer  modeling  by  the  Omaha  District 
indicated  that  the  surge  tanks  could  be  over¬ 
topped.  This  study  was  followed  with  load 
rejection  testing  at  the  plant  in  October  1978. 
Extrapolation  of  the  results  of  this  testing  con¬ 
firmed  that  the  surge  tanks  could  indeed  be 
overtopped.  Discharge  restrictions  and  loading 
rate  limitations  were  imposed  as  a  temporary 
solution.  In  order  to  regain  full  power  benefits, 
the  surge  tank  risers  were  computer  modeled, 
and  it  was  determined  that  further  restricting 
the  risers  would  solve  the  surge  tank  overtop¬ 
ping  problem.  This  additional  amount  of  re¬ 
striction,  however,  would  increase  water 
hammer  pressure  in  the  penstocks. 

A  thorough  inspection  and  preliminary 
analysis  of  the  penstocks  were  conducted  to 
determine  the  effect  of  increased  pressure  due 
to  waterhammer.  The  results  revealed  that 

(1)  extensive  welding  had  been  done  on  the 
penstock’s  riveted  joints  and  rivet  heads  in 
order  to  stop  leaks.  (For  the  extent  of  the  riv¬ 
eted  steel  construction,  see  Figure  2).  No  speci¬ 
fications  or  records  could  be  found  to  document 
this  welding;  therefore,  it  was  assumed  to  have 
been  done  under  noncontrolled  conditions, 

(2)  the  penstock  system  had  no  articulation 
joints  to  allow  for  differential  settlement  of  the 
plant,  thermal  expansion/contraction,  and  con¬ 
traction  under  pressure,  (3)  the  penstocks  were 
fabricated  from  a  mixture  of  ASTM  A-70,  A- 
283,  and  A-285  steel  under  three  separate  con¬ 
tracts  during  the  World  War  II  era  when  there 
were  extensive  problems  with  steel  allocations, 
and  (4)  the  penstock  system  was  currently  op¬ 
erating  with  a  factor  of  safety  below  4  as  re¬ 
quired  by  EM  1 1 10-1-2101  (Headquarters, 
Department  of  the  Army  1963). 

Shawinigan  study 

In  July  1979,  Shawinigan  Engineering  Cor¬ 
poration,  San  Francisco,  CA,  was  contracted 


to  evaluate  the  condition  of  the  penstocks  and 
recommend  a  permanent  solution  for  the  pen¬ 
stock  and  surge  tank  problems.  In  January 
1981,  the  corporation  submitted  a  final  report. 
In  the  course  of  its  study  numerous  steel  plug 
samples  and  rivets  were  taken  from  the  pen¬ 
stock  system  for  chemical  and  physical  analy¬ 
sis.  A  structural  analysis  using  finite  element 
analysis  methods  was  conducted  on  the  pen¬ 
stocks  from  the  trifurcation  to  the  turbines. 
The  results  of  the  testing  and  studies  revealed 
low  or  questionable  factors  of  safety  for  the 
penstocks  based  on  (1)  chemical  and  physical 
analysis  of  the  rivets  established  that  three  and 
possibly  four  grades  of  rivets  were  used  to  con¬ 
struct  the  penstock  system,  and  (2)  chemical 
ard  physical  analysis  of  the  plate  material  in¬ 
dicated  acceptable  properties  of  the  plates 
tested;  however,  a  thorough  testing  program 
would  be  impractical  since  it  would  involve  a 
great  many  samples  due  to  the  variety  of  plates 
used  during  construction,  (3)  structural  analysis 
established  that  due  to  the  lack  of  expansion/ 
contraction  joints  in  the  penstock  system,  the 
rivets  in  the  circumferential  joints  were  un¬ 
derdesigned,  for  shear  during  normal  loading, 
when  a  temperature  variation  of  35°F  was 
considered.  The  lowest  calculated  factor  of 
safety  was  1.8,  substantially  below  the  re¬ 
quired  factor  of  safety  of  4,  based  upon  the  ul¬ 
timate  tensile  strength  of  the  material,  (4)  due 
to  the  geometry  and  types  of  construction 
used  for  the  trifurcation  (see  Figure  3),  a  rig¬ 
orous  analysis  or  testing  would  be  required  to 
determine  an  approximate  factor  of  safety. 

Shawinigan  studied  various  alternatives  for 
continued  long  term  operation  of  the  plant, 
such  as  increasing  the  height  of  the  surge 
tanks  to  prevent  overtopping.  This,  however, 
would  not  allow  the  discharge  restrictions  to 
be  removed  due  to  the  newly  discovered  pen¬ 
stock  problems.  Three  alternatives  found  that 
would  allow  the  plant  to  be  put  back  in  full  op¬ 
erations  were  (1)  hoop-reinforcement  on  the  ex¬ 
isting  penstocks,  (2)  pressure  relief  valve  and 
bypass,  and  (3)  replacement  of  the  penstocks. 

Conclusions  were  that  hoop-reinforcement 
and  pressure  relief  valves  would  relieve 
stresses  and  pressures;  however,  the  integrity 
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Figure  2.  Existing  penstock  rivited  joints 
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of  the  plate  material  still  was  in  question.  It 
was  determined  that  by  necessity,  replacement 
of  the  penstock  system  with  new  welded  steel 
construction  with  expansion  and  contraction 
joints  was  required  to  allow  the  plant  to  be 
put  back  in  full  operation. 

Reconnaissance  report 

In  March  of  1988,  the  Omaha  District  fur¬ 
ther  analyzed  the  power  tunnel  from  the  intake 
structure  to  the  tunnel  portal  at  the  power  house 
and  from  the  tunnel  portal  to  the  trifurcation. 

Tunnel  No.  1  was  constructed  in  two  con¬ 
secutive  stages.  The  first  stage  consisted  of 
tunnel  excavation,  braced  by  ring  beams,  and 
subsequent  placement  of  a  1.75-ft-thick  con¬ 
crete  lining.  The  second  stage  consisted  of 
placement  of  a  24.67-ft-diam,  riveted  steel 
liner  with  reinforced  ring  stiffeners  and  subse¬ 
quent  grouting  of  the  annular  void  between 
the  steel  liner  and  previously  cast  concrete  lin¬ 
ing.  Analysis  was  based  in  accordance  with 
EM  1110-2-2901  (Headquarters,  Department 
of  the  Army  1978).  The  steel  liner  and  the 
concrete  reinforcement  were  considered  to  act 
independently  and  then  together  to  resist  inter¬ 
nal  pressure.  The  lowest  calculated  factor  of 
safety  for  the  tunnel  was  determined  to  be  3.6. 
This  was  considered  adequate  as  the  rock  mass 
surrounding  the  tunnel  was  assumed  to  not  re¬ 
sist  internal  pressure. 

The  tunnel  extension  (see  Figure  1)  con¬ 
structed  of  exposed  riveted  steel  plate  spanning 
between  the  tunnel  portal  and  the  trifurcation 
was  also  analyzed.  It  was  found  that  rivet  shear 
in  the  longitudinal  joints  controlled  with  the 
lowest  factor  of  safety  being  3.3.  Replacement 
was  recommended.  Original  specifications  of 
the  butterfly  valves  were  examined  and  the 
factors  of  safety  were  found  to  be  adequate. 

In  summary,  the  report  recommended  re¬ 
placing  the  penstocks  and  tunnel  extension. 
Additionally,  it  was  recommended  that  trifur¬ 
cation  be  replaced  due  to  the  structural  integ¬ 
rity  of  connecting  new  welded  construction  to 
the  riveted  steel  plate  within  the  existing  tri¬ 
furcation.  Also,  the  power  tunnel  had  originally 


been  coated  with  coal  tar  that  was  deteriorating, 
causing  corrosion  of  the  riveted  steel  liner.  It 
was  further  recommended  that  during  the  outage 
the  coal  tar  be  removed  and  replaced  with  a 
vinyl  paint  system. 

Plant  Shutdown 

In  March  of  1990,  the  Omaha  District  con¬ 
ducted  an  analysis  of  the  effects  of  differential 
settlements  on  the  existing  penstock  system. 
The  powerhouse,  trifurcation,  and  tunnel  por¬ 
tal  form  distinct  monoliths  where  differential 
settlements  can  occur.  A  geotechnical  analy¬ 
sis  predicted  as  much  as  3/8-in.  settlement  be¬ 
tween  monoliths  could  have  occurred  over  the 
50-year  life  of  the  project. 

The  analysis  was  performed  assuming 
3/8  in.-settiement  had  occurred  at  an  interior 
support  of  the  most  highly  stressed  penstock. 

It  was  found  that  this  settlement  could  induce 
an  additional  bending  stress  of  15,370  psi  on 
the  most  highly  stressed  joint.  This  bending 
stress  and  a  corrosion  allowance  of  1/16  in. 
were  added  to  Shawinigan’s  equation  which 
considered  normal  penstock  stress  plus  tem¬ 
perature  stress.  It  was  found  that  the  factor  of 
safety  for  the  existing  penstocks,  considering 
differential  settlement,  can  be  as  low  as  the 
following: 


With  current  operation  restrictions 
Internal  pressure  =  100  psi 

F.S.  =  1.2 

With  static  head  only 

Internal  pressure  =  84  psi 

F.S.  =  1.3 

With  emergency  gate  closed 

Internal  pressure  =  0 

F,S.  -1.5 

In  addition,  it  was  known  that  the  power¬ 
house  tended  to  tilt  upstream  during  filling 
of  the  surge  tanks,  most  likely  causing  further 
stress  increases,  and  it  was  unknown  how 
welding  of  the  joints  on  the  existing  penstocks 
was  influencing  the  factor  of  safety.  It  was 
determined  that  it  was  probable  that  the  factor 
of  safety  was  less  than  that  shown  above  due 
to  the  indeterminate  effects  of  powerhouse  tilt 
and  welding  of  the  joints  (see  Figure  4). 
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Figure  4.  Existing  penstock  factor  of  safety 

Based  on  the  above  safety  issues,  which  in¬ 
dicated  that  a  failure  of  the  penstock  system 
could  be  imminent,  the  plant  was  taken  out 
of  operation  in  April  1990. 

Design  and 

Construction  Contracts 

In  April  1989,  the  A/E  Firm  of  R.  W.  Beck 
and  Associates,  Seattle,  WA,  was  awarded  the 
contract  to  prepare  plans  and  specifications 
for  removal  of  the  existing  penstock  and  re¬ 
placement  with  new  welded  steel  construction 
(see  Figure  5).  They  retained  Sulzer-Escher 
Wyss,  Zurich,  Switzerland,  as  their  subcon¬ 
tractor  for  the  trifurcation  design.  All  three 
penstocks  were  sized  14  ft  in  diameter,  fitted 
with  expansion/contraction  joints,  and  sup¬ 
ported  on  ring  girders  with  rocker  bearings  to 
control  any  effects  of  differential  settlement. 
Sulzer-Escher  Wyss  designed  the  trifurcation 
utilizing  their  patented  design  which  is  con¬ 


structed  with  internal  stiffener  rings  in  the 
crotch,  rather  than  the  more  conventional  ex¬ 
ternal  stiffener  rings  (see  Figure  6).  Design 
stresses  were  determined  by  finite  element 
analysis  methods.  The  trifurcation  was  hy¬ 
draulically  model  tested  by  the  US  Army  En¬ 
gineer  Waterways  Experiment  Station  (WES) 
to  determine  if  the  trifurcation  was  designed 
to  the  agreed  upon  hydraulic  parameters.  The 
testing  verified  the  design  met  specifications. 

During  the  design  process,  as  funds  be¬ 
came  available,  it  was  decided  to  replace  the 
existing  butterfly  valves  with  new  14-ft-diam 
valves.  This  decision  was  based  on  the  fact 
that  after  50  years  of  service  the  valves  most 
likely  were  reaching  their  design  life.  Re¬ 
placement  of  the  existing  valves  in  later 
years,  after  the  penstocks  were  installed, 
would  require  removal  of  portions  of  the  new 
penstocks  and  trifurcation,  and  was  not 
deemed  economically  feasible. 
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Figure  5.  New  penstock  layout 


Figure  6.  New  trifurcation 

R.  W.  Beck  completed  plans  and  specifica¬ 
tions  in  August  1990.  The  following  are  the 
construction  contracts  awarded: 


Design  and  construction,  administrative, 
and  contingencies  put  the  total  cost  of  the 
project  at  $19,047,000. 

Currently,  the  project  is  on  schedule  for  re¬ 
suming  complete  operation  of  Power  Plant 
No.  1  in  November  1992. 
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San  Francisco,  California 

$3,920,000 

Tunnel 
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and  Interstate  Coatings 
Seattle,  Washington 

$2,702,000 

Penstock 

replace¬ 

ment 

Chicago  Bridge  and  Iron 
Services,  Inc. 

Fremont,  California 

$9,413,000 
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Improved  Strength  Design  of  Reinforced  Concrete 

Hydraulic  Structures 


by 

Stanley  C.  Woodson,  PE, 1  and  William  A.  Price,  PEr 


Abstract 

Strength  design  (SD)  criteria  for  reinforced  concrete  hydraulic  structures 
(RCHS)  have  been  based  on  a  procedure  that  resulted  in  equivalence  with  the 
working  stress  design  method  given  in  Engineer  Manual  (EM)  1 110-1-2101  ( Head¬ 
quarters ,  Department  of  the  Army  1963).  Recent  studies  have  been  directed  toward 
reducing  the  conservatism  associated  with  the  working-stress-equivalent  SD  proce¬ 
dure,  thereby  improving  the  economy  of  RCHS. 

Parametric  studies  indicate  that  an  adjustment  to  the  ACI 318-89  (ACI  Commit¬ 
tee  318,  1989)  load  factors  results  in  close  agreement  with  working  stress  designs 
for  tension-control  failures  and for  pure  compression  failures.  These  are  the  failure 
zones  that  are  of  primary  interest  for  the  design  of  RCHS.  Also,  serviceability  is  a 
primary  concern  for  RCHS.  Therefore,  in  addition  to  evaluating  economics,  the 
studies  pertain  to  the  effects  of  reinforcement  grades  and  the  effects  of  different  steel 
ratios  (as  a  percent  of  the  balanced  reinforcement  ratio)  on  crack  control  and 
long-term  behavior  of  RCHS. 


Introduction 

In  general,  existing  reinforced  concrete  hy¬ 
draulic  structures  (RCHS)  designed  by  the 
Corps,  using  the  working  stress  method  of 
EM  1110-1-2101  have  held  up  extremely 
well.  The  Corps  began  using  strength  de¬ 
sign  (SD)  methods  in  1981  to  stay  in  step 
with  industry,  universities,  and  other  engineer¬ 
ing  organizations.  Engineer  Technical  Letter 
(ETL)  1 1 10-2-265  (1981)  was  the  first  docu¬ 


ment  providing  guidance  issued  by  the  Corps 
concerning  the  use  of  strength  design  meth¬ 
ods  for  hydraulic  structures.  The  labor-inten¬ 
sive  requirements  of  this  ETL  regarding  the 
application  of  multiple  load  factors,  as  well  as 
the  fact  that  some  load-factor  combination 
conditions  resulted  in  a  less  conservative  de¬ 
sign  than  if  working  stress  methods  were 
used,  resulted  in  the  development  of  ETL 
1 1 10-2-312  (Headquarters,  Department  of  the 
Army  1988). 


1  Research  Structural  Engineer,  Structures  Laboratory,  US  Army  Engineer  Waterways  Experiment 
Station,  Vicksburg,  MS. 

2  Civil  Engineer,  Information  Technology  Laboratory,  US  Army  Engineer  Waterways  Experiment 
Station,  Vicksburg,  MS. 
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The  revised  load  factors  in  ETL  1 1 10-2-3 12 
were  intended  to  assure  that  the  resulting  de¬ 
sign  was  as  conservative  as  if  working  stress 
methods  were  used.  Also,  the  single  load  factor 
concept  was  introduced.  The  guidance  in  this 
ETL  differs  from  ACI 318  primarily  in  the  load 
factors,  the  concrete  stress-strain  relationship, 
and  the  yield  strength  of  Grade  60  reinforce¬ 
ment.  ETL  1 1 10-2-312  guidance  is  intended  to 
result  in  designs  equivalent  to  those  resulting 
when  working  stress  methods  are  used. 

The  research  discussed  in  this  paper  was 
performed  in  support  of  the  development  of  a 
new  Engineer  Manual  (Headquarters,  Depart¬ 
ment  of  the  Army  1990)  for  SD  of  RCHS. 

The  Engineer  Manual  is  currently  in  draft 
form  and  has  been  distributed  to  the  Corps 
field  offices  for  review.  The  new  Engineer 
Manual  modifies  and  expands  the  guidance  in 
ETL  1 1 10-2-312  with  an  approach  similar  to 
that  of  ACI  350R-89  (ACI  Committee  350, 
1990).  The  concrete  stress-strain  relationship 
and  the  yield  strength  of  Grade  60  reinforce¬ 
ment  given  in  ACI  3 1 8  are  adopted.  Also,  the 
load  factors  bear  a  closer  resemblance  to  ACI 
318  and  are  modified  by  a  “Hydraulic  Struc¬ 
tural  Factor,”  H^  to  account  for  the  service¬ 
ability  needs  of  hydraulic  structures. 

Discussion 

Reinforcing  bars,  availability 

Although  ETL  1 1 10-2-312  specifically  re¬ 
fers  to  the  use  of  Grade  40  and  Grade  60  rein¬ 
forcing  bars,  it  is  not  desirable  to  allow  the 
use  of  a  particular  grade  of  reinforcement  in 
the  design  phase  if  contractors  are  unwilling 
or  not  able  to  obtain  that  grade  of  steel  during 
construction.  Such  a  situation  results  in  a 
short-notice  redesign  or  postponement  of  the 
project. 

The  ACI  Committee  439  (1989)  gives  a 
discussion  of  the  physical  properties  and 
availability  of  steel  reinforcement  in  the 
United  States.  This  current  assessment  of 
availability  points  out  that  reinforcing  bars 
rolled  to  the  American  Society  for  Testing 
and  Materials  (ASTM)  A  615  (1987)  specifi¬ 


cation  for  billet-steel  are  the  most  commonly 
specified  and  are  available  throughout  the 
country.  In  general,  the  60-ft  length  is  the 
standard  length  available  from  most  producers 
without  special  order.  Rail-steel  and  axle- 
steel  bars  are  not  generally  available  in  most 
areas  of  the  country.  The  majority  of  con¬ 
struction  uses  billet-steel  bars. 

The  ACI  Committee  439  states  that  ASTM 
A  615  Grade  40  bars  in  sizes  No.  3  through 
No.  6  and  Grade  60  in  sizes  No.  3  through 
No.  1 1  are  readily  available  in  lengths  up  to 
60  ft  in  all  parts  of  the  country.  Bar  sizes 
No.  7  through  No.  11  in  Grade  40  were  de¬ 
leted  in  the  1981  edition  of  ASTM  A  615. 
Grade  60  bars  in  sizes  No.  14  and  No.  18  are 
generally  available  but  are  not  usually  kept  in 
a  fabricator’s  inventory. 

Construction  economy 

An  investigation  was  made  to  determine 
how  sensitive  construction  cost  would  be  to 
variation  in  the  r  .,o  of  pmax  to  pbal  as  the 
ratio  varied  from  the  ETL  1 1 10-2-312  limit  of 
0.25  to  the  ACI  318  limit  of  0.75.  Beams 
varying  in  depth  from  1  to  8  ft  were  designed 
for  the  maximum  bending  moment  that  could 
be  sustained  without  needing  compressive  re¬ 
inforcement.  Two  variations  were  obtained 
for  each  depth,  one  with  reinforcement  limited 
to  one  full  layer  and  the  other  with  as  much  pos¬ 
itive  reinforcement  as  would  be  needed  to  fully 
develop  the  strength  without  compressive  rein¬ 
forcement.  In  both  cases,  proper  consideration 
was  given  to  the  constructibility  requirements 
listed  in  EM  1 1 10-2-2103  (Headquarters, 
Department  of  the  Army,  1971).  Two  studies 
were  made,  one  with  f  =  48  and  one  with 
f  =  60  .  In  every  case,  the  results  were  nor¬ 
malized  by  considering  the  ratio  of  developed 
moment  strength  to  estimated  construction 
cost  as  the  dependent  variable  and  the  ratio  of 
Pmax  to  Pbal  as  independent  variable: 

K-ft  as  a  function  of  -  ™-x 

_ Pbal 

$concrete  +  Sreinforcement 
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The  design  series  with  f  =  40  is  not  reported 
in  this  paper  because  of  the  nonavailability  of 
this  steel  grade;  the  series  was  run  only  for  use 
with  ETL  1 1 10-2-312  and  f  comparisons  and 
not  for  actual  practical  consideration. 

Two  major  conclusions  were  reached: 

(1)  Using  more  than  one  layer  of  reinforcement 
for  a  given  required  moment  capacity  is  more 
costly  than  a  beam  of  the  same  capacity  with 
only  one  layer  and  should  be  used  only  where 
architectural  considerations  force  the  use  of  a 
more  shallow  beam  regardless  of  the  cost  of 
that  one  beam,  and  (2)  Moment  strength  per  dol¬ 
lar  increases  as  the  ratio  pmax/pbal  increases, 
up  to  a  p  ratio  of  0.5,  then  stays  constant  as 
the  p  value  increases  up  to  the  ACI  318 
ductility  limit  of  0.75  pbal .  Thus  there  is  no 
cost  incentive  to  use  a  p  ratio  above  0.5,  as 
well  as  the  significant  constructibility  problems 
experienced  as  the  p  ratio  increases  above  0.5. 
The  strength  per  dollar  value  can  vary  linearly 
as  much  as  45  percent  as  the  p  ratio  varies 
from  0.25  to  0.5. 

Crack  control 

Two  major  parameters  that  are  limited  by 
ETL  1 1 1 0-2-3 1 2  for  crack  control  are:  ( 1 )  a 
maximum  reinforcement  spacing  of  12  in.  and 

(2)  the  use  of  a  value  of  48  ksi  for  reinforce¬ 
ment  yield  strength  for  Grade  60  reinforcement. 
ACI  350R-89  recommends  the  concept  of  sani¬ 
tary  durability  coefficients  for  SD  and  states 
that  the  coefficients  provide  conservative  ser¬ 
vice  load  stresses  with  Grade  60  steel.  The  co¬ 
efficients  were  selected  to  provide  crack  control 
equivalent  to  that  obtained  with  working  stress 
design.  Watertightness  is  assumed  to  be  reason¬ 
ably  assured  if  (1)  the  concrete  is  well  com¬ 
pacted,  (2)  crack  width  is  minimized,  (3)  joints 
are  properly  designed  and  constructed,  and 

(4)  impervious  linings  are  used  where  required. 

ACI  350R-89  states  that  cracking  can  be 
held  to  a  minimum  by  proper  design,  reinforce¬ 
ment  distribution,  and  spacing  of  joints.  It  is 
preferable  to  use  a  larger  number  of  small  diam¬ 
eter  bars  for  main  reinforcement  rather  than  an 
equal  area  of  larger  bars.  A  maximum  bar 
spacing  of  12  in.  is  recommended. 


The  load  factors  of  ACI  3 1 8  are  to  be  ap¬ 
plied  directly  to  sanitary  structures  and  the 
total  factored  design  load  (U)  increased  by 
the  sanitary  durability  coefficients.  The  load 
factors  for  both  the  lateral  earth  pressure  and 
the  lateral  liquid  pressure  are  taken  as  1 .7.  The 
sanitary  durability  coefficients  are  (1)  in  cal¬ 
culations  for  reinforcement  in  flexure;  the 
required  strength  should  be  1 .3  U  ,  (2)  in  cal¬ 
culations  for  reinforcement  in  direct  tension; 
the  required  strength  .should  be  1.65  U  , 

(3)  in  calculations  for  reinforcement  in  dia¬ 
gonal  tension  (shear);  the  required  strength 
should  be  1.3  times  the  excess  of  applied  shear 
Vu  less  the  shear  carried  by  the  concrete,  <J>Vc  . 
Thus,  1.3  (Vu  -  «>VC)  <  <t>aVs,  where  4>sVs 

is  the  design  capacity  of  the  shear  reinforce¬ 
ment,  and  (4)  in  calculations  for  the  compres¬ 
sive  region  of  flexure  and  compressive  axial 
loads,  and  for  all  loads  carried  by  concrete, 
the  required  strength  should  be  1 .00  U  . 

Section  strength 

The  major  differences  between  the  criteria 
given  in  ETL  1 110-2-312  and  that  given  in 
ACI  318  are  presented  in  Table  1 . 

The  parameters  (5  ,  ECI?iax  ,  and  fy  are  the 
primary  parameters  affecting  the  computed 
strength  of  a  section,  and  pmax  simply  limits 
the  amount  of  steel  that  the  designer  may  use. 
Although  the  limit  pmax  is  important,  it 
does  not  directly  affect  the  computation  of 
section  strength.  The  difference  between  the 
values  of  P  in  the  ETL  1 1 10-2-312  and  ACI 
318  criteria  is  actually  a  resuit  of  the  <^cmax 
values  being  different.  Therefore,  the  most 
significant  differences  in  the  ETL  1 1 10-2-312 
and  ACI  318  criteria  for  computing  the 
strength  of  a  section  are  the  values  of  s 
and  fy. 

To  aid  in  the  parameter  study,  the  strength 
of  the  section  shown  in  Figure  1  (Liu  1981)  is 
investigated.  The  computer  program  CSTR 
(Hamby  and  Price  1984)  was  used  to  aid  in 
the  development  of  the  nominal  strength  de¬ 
sign  interaction  diagrams  presented  in  this  dis¬ 
cussion.  The  curves  were  digitized  to  allow 


CESEC  91 


Woodson  &  Price 


687 


Table  i 

Primary  Parameters 


Parameter  ETL 


0.55  for  fe'  <  4.0  ksi 
0.55  for  fc'  >  4.0  ksi 


0.0015 


0.25  pb 


40  ksi  for  Grads  40 
48  ksi  for  Grade  60 


0.85  for  f0'  <  4.0  ksi 
0.85-0.5  ( fe'  -  4.0)  for  f0'  <  4.0  ksi 
but  not  less  than  0.65 


0.75  pb 


40  ksi  for  Grade  40 
60  ksi  for  Grade  60 


P  =  depth  of  stress  block  as  a  fraction  of  the  depth  of  compressive  face. 
iax  *  maximum  allowable  concrete  strain. 

=  factor  limiting  strength  due  to  axial  load 

=  maximum  allowable  reinforcement  ratio  given  as  fraction  of  balance 
ratio,  p,,. 

fy  =  yield  strength  of  reinforcement. 


Figure  1 .  Singly  reinforced 
beam 


file  manipulation  for  comparative  plots  of  in¬ 
teraction  diagrams.  Also,  some  plots  are  the 
results  of  applying  particular  factors  to  the 
basic  diagrams.  Twenty-five  complete  plots 
were  developed,  but  space  limitations  prohibit 
the  presentation  of  all  the  plots.  Some  primary 
plots  are  discussed  herein.  A  future  Waterways 


Experiment  Station  (WES)  technical  report 
will  present  the  study  in  more  detail. 

Figure  2  compares  the  ETL  1 1 10-2-312 
(ETL  1988),  the  ACI 318  (ACI  1989)  and  the 
ACI 350R-89  (ACI  1990)  criteria  for  Grade  60 
reinforcement.  As  discussed  in  the  “Crack 


Figure  2.  ETL,  ACI,  ACI  Sanitary 
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Control”  section  of  this  report,  the  ACI  350R- 
89  durability  coefficients  require  an  increase 
in  the  strength  required  (1.3U)  in  the  region 
below  the  balance  point.  Above  the  balance 
point,  the  required  strength  remains  at  1 .0  U  . 
Since  the  axial-load/moment  interaction  dia¬ 
grams  may  be  thought  of  as  failure  curves,  a 
division  of  the  coordinates  of  points  on  the 
ACI  318  curves  by  1.3  in  the  region  below 
the  balance  point  will  reflect  the  effect  of  the 
sanitary  durability  coefficients.  Figure  2  indi¬ 
cates  that  the  ACI  Sanitary  criterion  is  more 
conservative  than  that  of  the  ETL  for  values 
below  the  balance  point  and  vice  versa  above 
the  balance  point  when  load  factors  are  ignored. 
The  ETL  allows  the  use  of  a  single-load  factor 
for  both  dead  and  live  loads.  The  ACI  318  and 
ACI  Sanitary  essentially  require  a  factor  of  1 .4 
for  dead  load  and  1 .7  for  live  load. 

It  is  difficult  for  comparative  purposes  to  de¬ 
termine  exactly  the  value  of  an  equivalent  sin¬ 
gle-load  factor  for  ACI  3 1 8  and  ACI  Sanitary. 
The  lower  the  load  factor,  the  less  conservative 
the  interaction  curve  will  be.  Figure  2  was  de¬ 
veloped  with  consideration  of  the  load  factor 
parameter  when  f  =  60  ksi .  Since  1 .4  and 
1.7  are  the  lower  and  upper  bound  load  factors, 
respectively,  they  are  reflected  in  Figure  2.  A 
load  factor  of  1 .9  is  assumed  for  the  ETL 
curve;  therefore,  the  ACI  Sanitary  curve  was 
multiplied  by  1.9/1. 4  and  1 .9/1.7  for  the  load 
factors  of  1.4  and  1.7,  respectively.  These 
curves  are  also  shown  in  Figure  2. 

ACI  350R-89  does  not  require  a  reduction 
in  strength  or  an  increase  in  load  to  minimize 
cracking  in  the  region  above  the  balance 
point.  In  contrast,  the  ETL  criteria  do  not  dif¬ 
ferentiate  between  the  compression  control 
and  tension  control  regions  for  crack  control 
and  serviceability.  The  ACI  Sanitary  ap¬ 
proach  has  some  validity  because  tensile 
cracking  is  more  likely  to  occur  in  the  region 
below  the  balance  point. 

The  consideration  of  load  factors  ( 1 .4  and 
1.7)  in  Figure  2  indicates  that  the  ACI  Sanitary 
criterion  is  considerably  less  conservative  than 
that  of  the  ETL  for  the  region  below  the  bal¬ 
ance  point,  except  for  loading  conditions  where 


the  live  load  is  large  compared  to  the  dead 
load.  Figure  2  indicates  that  the  ACI  Sanitary 
criterion  with  a  load  factor  of  1 .7  is  similar  to 
the  ETL  criterion  below  the  balance  point,  but 
will  improve  the  economy  of  structures  in  the 
region  above  the  balance  point  until  the  region 
of  large  axial  loads  where  the  criteria  give  sim¬ 
ilar  values.  As  previously  discussed,  the  axial 
compressive  loads  above  the  balance  point  are 
assumed  to  contribute  to  crack  control. 

Comparison  with 
working  stress  method 

As  mentioned  previously,  the  ETL  1 1 10-2- 
312  SD  criterion  was  developed  to  yield  de¬ 
signs  equivalent  to  the  working  stress  method. 
Of  course,  one  should  not  expect  a  perfect  cor¬ 
relation  between  the  ETL  and  working  stress 
methods.  EM  1110-1-2101  presents  criteria  for 
working  stress  design.  It  calls  for  an  allowable 
stress  of  0.35  f  '  in  the  extreme  fiber  in  com¬ 
pression  for  flexural  members.  For  Grade  60 
reinforcement,  the  tension  stress  f  shall  not 
exceed  20  ksi.  At  the  time  of  publication  of 
EM  1 110-1-2101,  ACI  318  allowed  a  compres¬ 
sive  stress  of  0.45  f '  in  the  extreme  fiber  of 
concrete.  For  reinforcement  in  tension,  a  stress 
of  20,000  psi  were  allowed.  In  compression, 
the  allowable  stresses  in  reinforcement  were 
equal  to  20,000  psi  and  24,000  psi  for  Grade 
40  and  Grade  60  reinforcement,  respectively. 

The  approach  given  by  Everard  (1969)  was 
used  to  determine  the  allowable  service  load 
capacities  (working  stress  interaction  diagram) 
for  the  section  in  Figure  1.  Figures  3  and  4 
compare  the  ACI  350R-89  (ACI  Sanitary)  cri¬ 
teria  with  the  working  stress  method  for 
fc  =  0.35  r  ,  fc  =  0.45  fc'  ,  and  fs  =  24  ksi  . 
The  difference  in  Figures  3  and  4  is  the  value 
of  <]>  being  equal  to  0.7  and  0.9,  respectively. 
This  reflects  the  effect  of  <J> .  Although 
curves  for  f  equal  to  40,  48,  and  60  ksi  are 
presented  in  each  figure,  only  f  =  60  ksi  is 
appropriate  for  f  =  24  ksi  .  A  Toad  factor  of 
1 .9  was  used. 

The  study  of  Figures  3  and  4  indicates  that 
the  ACI  Sanitary  curve  for  f  =  60  ksi  is 
within  the  fQ  =  0.45  f  '  curve  at  nearly  all 
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locations  when  the  appropriate  <j)  value  is 
considered.  A  similar  comparison  for  the 
ETL  1 1 10-2-312  criteria  is  made  using 
Figures  5  and  6. 

Conclusions 

The  current  trend  is  toward  the  elimination 
of  Grade  40  reinforcement  in  practice.  Grade 
40  steel  in  bar  sizes  No  7  through  No.  1 1  may 
not  be  available  now  in  many  locations. 

The  two  most  important  parameters  affect¬ 
ing  the  computation  of  section  strength  are 
ecmax  an<*  fy  •  A  comparison  of  the  nominal 
strengths  (neglecting  effects  of  load  and 
strength-reduction  factors)  as  computed  using 
the  ETL  1 1 10-2-312  and  ACI  318  criteria  in¬ 
dicates  that  the  ETL  1 1 10-2-312  criteria  are 
considerably  more  conservative  than  the 
ACI  318  in  most  of  the  region  above  the 
balance  point.  This  study  indicates  that  the 
ACI  350R-89  durability  coefficients  used  in 
combination  with  a  single  load  factor  of  1 .7  is 
appropriate  for  Grade  60  reinforcement. 

Comparisons  with  the  working  stress  de¬ 
sign  criteria  indicate  that  both  the  ETL  1110- 
2-312  and  the  ACI  350R-89  SD  criteria  are 
generally  within  the  ACI  working  stress  crite¬ 
rion  in  all  regions,  but  outside  the  EM  1 1 10-2- 
2101  working  stress  criterion  in  the  region 
just  above  the  balance  point.  Although  not 
discussed  above,  analyses  performed  on  struc¬ 
tures  subjected  to  flexure  and  axial  compres¬ 
sion  (i.e.,  box  culverts  and  powerhouse  intake 
piers)  indicate  only  a  6  percent  difference  in 
the  results  of  using  the  strength  design  (let¬ 
ting  Hf=  1.3)  and  the  working  stress  methods 
in  the  region  just  above  the  balance  point.  It 
is  obvious  that  (even  for  SD  criteria  devel¬ 
oped  to  be  equivalent  to  working  stress  cri¬ 
teria)  the  SD  criteria  do  not  perfectly  match 
the  working  stress  criteria.  However,  the 
match  is  generally  good  from  the  point  of 
zero  moment  up  to  the  balance  point  and  at 
zero  axial  load. 
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Condition  Assessment  and  Maintenance  Management 
Decision  Support  for  Navigation  Lock  Structures 

by 

David  T.  McKay 1  and  Anthony  M.  Kao 1 


Abstract 

The  US  Army  Construction  Engineering  Research  Laboratory  ( USACERL )  has 
been  tasked  under  the  Repair,  Evaluation,  Maintenance,  and  Rehabilitation  (REMR) 
Research  Program  to  develop  an  automated  REMR  Management  System  for  Civil 
Works  structures.  A  REMR  Management  System  combines  technologies,  condition 
assessment,  economic  analyses,  and  data  base  management  to  yield  a  decision-sup¬ 
port  tool  for  planning  and  budgeting  maintenance  activities  of  Civil  Works  struc¬ 
tures.  Systems  that  have  been  completed  and  field  tested  include  procedures  for 
miter  lock  gates,  steel  sheet  pile,  and  concrete  lock  wall  monoliths  in  navigation 
lock  structures.  Current  efforts  address  other  structures  and  equipment  such  as 
training  dikes,  breakwaters,  jetties,  sector  and  tainter  gates,  filling  and  emptying 
valves,  and  operating  machinery.  A  description  of  the  REMR  Management  System 
for  navigation  lock  structures  is  presented. 


Introduction 

As  the  United  States  moves  into  the  21st 
century,  we  find  ourselves  facing  an  aging 
infrastructure.  Bridges  and  highways  crumble 
beneath  us  as  we  try  to  use  funds  available  for 
maintenance  and  repair  (M&R)  efficiently. 
One  role  played  by  the  US  Army  Corps  of  En¬ 
gineers  is  the  design,  construction,  and  main¬ 
tenance  of  Civil  Works  structures.  Of  the 
Corps’  Civil  Works  structures  for  purposes 
such  as  flood  control,  coastal  protection, 
water  supply,  hydroelectric  power  generation, 
and  inland  waterways  navigation,  70  percent 
are  at  least  20  years  old.  The  Corps  operates 
nearly  600  locks  and  dams:  60  percent  of 
these  are  more  than  20  years  old,  40  percent 
are  more  than  30  years  old,  and  50  percent 
will  have  reached  their  design  life  by  the  year 


2000  (McDonald  and  Campbell  1985).  As 
such,  the  Corps  is  shifting  the  focus  of  its  mis¬ 
sion  in  Civil  Works  from  new  construction  to 
repair,  maintenance,  and  rehabilitation  of 
Civil  Works. 

The  Corps'  REMR 
Research  Program 

The  goal  of  the  Corps’  REMR  Research 
Program  is  to  identify  and  develop  cost-saving 
technologies  for  maintaining  and  extending 
the  service  life  of  Civil  Works  structures. 

Part  I  of  the  program  was  funded  with  $35 
million  from  1983  to  1989.  REMR  11  is  now 
underway  with  another  $35  million  for  1991 
through  1997.  Seven  problem  areas  are  ad¬ 
dressed  by  REMR  research:  concrete  and 
steel  structures,  geotechnical,  hydraulics. 


1  Engineering  and  Materials  Division,  US  Army  Construction  Engineering  Research  Laboratory. 
Champaign,  IL. 
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coastal  protection,  electrical  and  mechanical, 
environmental  impact,  and  operations  man¬ 
agement. 

Emerging  Technologies 
in  Operations  Management 

Computerized  systems  lending  decision 
support  to  maintenance  managers  are  now  re¬ 
ceiving  much  attention.  The  fundamental  ele¬ 
ments  of  a  maintenance  management  system 
are  inventory,  objective  condition  inspection 
and  assessment  procedures,  a  library  of  main¬ 
tenance  and  repair  alternatives,  and  life-cycle 
cost  analyses.  The  primary  goal  of  such  a  sys¬ 
tem  is  to  provide  assistance  in  spending  limited 
resources  more  wisely.  An  additional  benefit 
of  the  system  is  that  it  removes  many  purely 
subjective  elements  from  the  decision-making 
process. 

The  planning  and  budgeting  of  M&R 
activities  for  any  facility  requires  a  working 
knowledge  of  the  following  factors:  current 
condition,  future  condition,  operating  environ¬ 
ment,  available  M&R  alternatives,  available 
funds,  and  life-cycle  cost  analyses  of  various 
applied  M&R  policies.  Any  M&R  strategy 
should  include  a  means  to  prioritize  required 
work. 

One  of  the  developing  technologies  in 
operations  management  focuses  on  refined 
concepts  in  condition  assessment.  The  key 
word  in  discussing  any  M&R-related  topic  is 
“condition.”  Satisfactory  descriptions  of  con¬ 
dition  must  be  developed  and  adhered  to  in 
the  attempt  to  remove  subjectivity  and  ensure 
objectivity.  How  good  is  “good”?  What  is 
“fair”?  How  “bad”  is  “severe”?  A  definition 
of  condition  that  ensures  uniformity  and  is 
consistently  meaningful  provides  a  measure 
to  compare  the  condition  of  similar  facilities. 

With  a  firm  definition  of  condition  in 
place,  it  becomes  possible  to  establish  guide¬ 
lines  for  consistent  condition  inspection  proce¬ 
dures.  Uniform  inspection  procedures  yield 
results,  or  data,  that  are  repeatable.  Repeat- 
able  results  can  then  produce  objective  inter¬ 
pretations  of  condition. 


Quantifying  Condition: 

The  Condition  index 

The  Condition  Index  (Cl)  is  a  numerical  in¬ 
dicator  of  facility  condition  and  function 
level.  The  Cl  is  a  number  between  0  and  100, 
with  0  representing  complete  failure  and  100 
the  as-built  condition.  As  a  numeric  quantity, 
the  Cl  is  certainly  objective  and  obviously 
can  be  stored  in  a  computer.  Because  it  is  a 
number,  it  can  also  be  used  in  mathematical 
expressions.  By  providing  a  quantitative  and 
consistent  scale  for  describing  condition,  the 
Cl  allows  the  condition  of  facilities  to  be  com¬ 
pared  and  monitored  over  time. 

Table  1  shows  the  REMR  Condition  Index 
Scale.  Common  terms  are  defined  to  constitute 
a  basis  for  the  discussion  of  condition.  The 
scale  is  first  divided  into  three  general  zones, 
where  each  zone  is  indicative  of  the  immediate 
M&R  attention  required  by  the  facility.  Facili¬ 
ties  falling  into  zone  3  (Cl  less  than  40)  require 
immediate  M&R  action  because  the  facility’s 
safety  is  in  question.  Facilities  falling  in  zone  1 
(Cl  greater  than  69)  are  generally  in  good  repair 
and  no  immediate  action  outside  of  routine 
maintenance  is  called  for.  Zone  2  facilities  (Cl 
from  40  to  69)  require  judicious  planning  and 
budgeting  of  M&R  activities. 

The  REMR  Condition  Index  Scale  is  the 
same  for  ail  facilities.  The  rating  process  for 
each  facility  is  different.  Each  rating  process 
is  designed  to  produce  condition  indices 
conforming  to  condition  and  function  levels 
set  forth  in  the  REMR  Condition  Index  Scale. 
Generally  the  more  complicated  a  facility’s 
M&R  requirements  are,  the  more  detailed  the 
condition  rating  process  will  be. 

Condition  index  inspection 
Procedures  and  Algorithms 

The  inspection  procedures  and  Cl  algorithms 
are  developed  with  the  assistance  of  experts.  In 
most  cases  these  people  are  Corps  personnel 
who  are  responsible  for  the  M&R  of  the  given 
facility.  Subcomponents  of  the  facility  are  de¬ 
termined  and  possible  defects,  flaws,  or  dis¬ 
tresses  for  each  are  identified.  In  the  simplest 
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Table 

Thefi 

1 

EMR  Condition  Index  Scale 

Zone 

Condition 

Index 

Condition  Description 

Recommended  Action 

t 

85  to  100 

Excellent:  No  noticeable  defects.  Some  aging  or  wear  may 
be  visible. 

Immediate  action  is  not  required. 

70  to  84 

Very  Good:  Only  minor  deterioration  or  defects  are  evident. 

2 

55  to  69 

Good:  Some  deterioration  or  defects  are  evident,  but  function 
is  not  significantly  affected. 

Economic  analysis  of  repair 
alternatives  is  recommended  to 
determine  appropriate  action. 

40  to  54 

Fair.  Moderate  deterioration.  Function  is  still  adequate. 

3 

25  to  39 

Poor.  Serious  deterioration  in  at  least  some  portions  of  the 
structure.  Function  is  inadequate. 

Detailed  evaluation  is  required 
to  determine  the  need  for  repair, 
rehabilitation,  or  reconstruction. 
Safety  evaluation  is  recommended. 

10  to  24 

Very  Poor.  Extensive  deterioration.  Barely  functional. 

0to9 

Failed:  No  longer  functions.  General  failure  or  complete 
failure  of  a  major  structural  component. 

instances,  point  values  are  assigned  to  each  dis¬ 
tress,  with  the  magnitude  of  the  point  value  re¬ 
flecting  the  distress  severity.  These  points,  or 
Deduct  Values,  are  then  subtracted  from  100  to 
yield  a  Cl  for  the  subcomponent.  More  com¬ 
plicated  equations  have  also  been  developed 
that  produce  Cl’s  with  field  data  as  input. 

The  field  observations  and  measurements 
used  are  nondestructive,  direct,  and  simple — 
usually  visual  inspection.  These  observations 
are  related  to  the  physical  condition  and 
functionality  of  the  facility.  To  get  as  pure  a 
picture  of  condition  as  possible,  effort  is 
made  to  avoid  introducing  age  as  a  parameter 
affecting  the  Cl.  In  cases  where  the  safety  of 
the  structure  is  in  question,  an  expanded  inves¬ 
tigation,  including  engineering  evaluations, 
should  be  initiated. 

The  measurements  must  be  easily  repeat- 
able,  It  is  desirable  to  be  able  to  perform  the 
measurements  on  in-service  facilities  with  a 
minimum  of  downtime.  The  Cl’s  produced 
must  conform  to  the  REMR  Condition  Index 
Scale,  and  certainly  must  be  meaningful  to 
those  responsible  for  managing  the  facility. 

The  Usefulness  of  the 
Condition  index 

The  Cl  captures  a  “snapshot”  of  current 
condition.  Immediately  this  affords  a  means 
to  compare  the  condition  of  like  facilities  at 


both  the  project  (local)  level  and  the  network 
(global)  level.  For  the  Corps  this  equates  to 
comparing  facilities  at  local  sites,  within  Dis¬ 
tricts,  or  even  within  and  between  Divisions. 

With  the  collection  of  data  over  time,  it 
may  become  possible  to  predict  a  facility’s 
condition  level.  Figure  1  shows  a  hypotheti¬ 
cal  curve  of  Cl  versus  time.  Once  a  minimum 
allowable  condition  level  has  been  estab¬ 
lished,  various  “what  if?”  games  can  be 
played  with  the  Cl.  Through  life-cycle  cost 
analyses  one  could  determine  whether  it  is 
economically  wiser  to  perform  a  full  rehabili¬ 
tation  (Policy  1),  or  a  series  of  repetitive 
minor  fixes  (Policy  2),  or  do  nothing  at  all. 


Demonstration:  a  REMR 
Management  System 
for  Navigation  Locks 

A  REMR  Management  System  for  naviga¬ 
tion  locks  is  near  completion.  Completed 
component  systems  address  concrete  lock 
walls,  steel  sheet  piles,  and  miter  lock  gates. 
A  Cl  is  not  generated  for  the  entire  structure 
as  a  whole,  but  is  produced  for  the  walls  and 
gates  separately.  The  condition  rating  pro¬ 
cesses  for  miter  lock  gates,  steel  sheet  piles, 
and  concrete  lock  walls  are  briefly  described 
in  the  following  paragraphs.  For  a  complete 
description  of  these  systems,  see  McKay  and 
Kao  (1990);  Greimann  and  Stecker  (1990); 
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Time  (Years) 


Figure  1 .  Example  application  for  comparing  different  maintenance  policies 


and  Greimann,  Stecker,  and  Rens  (1990)  in 
References. 

The  component  systems  completed  so  far 
have  been  field  tested  with  a  high  degree  of 
success.  The  systems  have  been  tested  or 
demonstrated  in  the  US  Army  Engineer  Dis¬ 
tricts  of  Rock  Island,  Nashville,  and  Tulsa. 

The  inspections  proceeded  smoothly  and  with¬ 
out  difficulty.  The  Cl’s  produced  have  been 
deemed  to  accurately  reflect  the  current  condi¬ 
tions  and  functional  levels.  The  same  crew 
performs  the  inspections  for  each  component 
of  a  system.  A  trained  crew  can  complete  an 
entire  inspection,  including  data  entry,  in  2 
days  or  less. 

Condition  Rating 
for  Miter  Lock  Gates 

A  series  of  critical  measurements  to  be 
made  on  miter  lock  gates  has  been  identified. 
For  the  purpose  of  discussion,  these  quantities 
are  referred  to  as  distresses,  and  are  listed  in 
Table  2. 


Experts  were  asked  to  interpret  each  of 
these  measurements  in  terms  of  the  service¬ 
ability  and  safety  of  the  gate,  and  assign  limit¬ 
ing  values  to  each  of  them.  These 
measurements  may  or  may  not  represent  seri¬ 
ous  problems  at  any  given  time;  but  when  the 
upper  limit  is  exceeded,  there  is  indeed  a  need 
for  further  engineering  investigation.  By  con¬ 
sidering  each  distress  in  its  own  right,  as  if  it 
were  the  only  measurable  distress  on  the  gate, 
an  upper  limit  was  agreed  upon.  For  each  dis¬ 
tress  magnitude  X  ,  there  is  a  maximum  al¬ 
lowable  Xmax  ,  as  determined  by  expert 
opinion. 

A  com>  onent  Cl  for  each  distress  is  deter¬ 
mined  by  Equation  1. 

Cl;  =  lOOtfM)***— >  (1) 

Note  that  for  a  given  distress  measurement 
X  =  Xmax  ,  the  component  Cl  for  that  distress 
becomes  40.  According  to  the  REMR  Condi¬ 
tion  Index  Scale  (Table  I),  this  is  the  cutoff 
point  where  the  condition  is  rated  as  poor, 
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Table  2 

Distress  In  Miter  Lock  Gates 

Distress  Code 

Distress 

Brief  Description 

1 

Top  anchorage  movement 

Motion  of  upper  anchorage  system  during  gate  operation 

2 

Elevation  change 

Vertical  displacement  of  gate  during  operation 

3 

Miter  offset 

Misalignment  of  bearing  blocks  at  miter  point 

4 

Bearing  gaps 

Gaps  between  bearing  blocks  at  quoin  and  miter 

5 

Downstream  movement 

Downstream  movement  of  miter  point  as  head  is  applied 

6 

Cracks 

breaks  in  siiuuiuioi  Steel 

7 

Leaks/boits 

Water  passing  through  or  around  gate 

8 

Dents 

Distortion  of  steel  components 

9 

Noise/vibration 

Abnormal  noise,  vibration,  or  jumping  during  gate  operation 

10 

Corrosion 

Loss  of  steel  due  to  interaction  with  environment 

and  where  more  detailed  engineering  evalu¬ 
ations  are  warranted. 

The  gates  are  tested  during  opening  and 
closing,  at  the  fully  recessed  and  near  miter 
positions,  and  under  three  stages  of  static  head: 
low  pool,  1-ft  head,  and  full  head.  Distress 
measurements  are  made  during  each  of  these 
steps.  Thus  for  many  of  the  distresses  listed 
in  Table  2,  multiple  measurements  are  made. 
Rules  have  been  established  that  determine  a 
final  resultant  component  CL  for  each  of  the 
distress  categories. 

When  multiple  distresses  are  present  on  the 
gate,  a  composite  Cl  is  calculated.  The  func¬ 
tional  Cl  for  the  gate  is  given  by  Equation  2. 

Cl  =  X  WiCIi  (2) 

W.  represents  a  normalized  weighting  factor. 
Such  weighting  factors  are  again  determined 
by  expert  opinion,  and  are  listed  in  Table  3. 

During  the  preliminary  field  test  of  the  rat¬ 
ing  procedure,  it  became  apparent  that,  as  a 
distress  becomes  more  severe,  its  relative  im¬ 
portance  grows.  To  account  for  this,  an  Ad¬ 
justment  Factor  (AF)  was  introduced  to  scale 
the  weighting  factor  wi ,  accordingly.  The 
normalized  W^s  were  then  recalculated. 

The  AF  is  given  in  Equation  3. 


AFj  =  1 


(70  >  Cl;  >  100) 


CL  -  40 

AF'  =  8  ~  7  ^30 


(40  >  CI;  >  69) 


AF;  =  8 

(0  >  CIj  >  39) 


(3) 


Rating  systems  for  other  types  of  gates  are 
also  being  developed.  A  rating  system  for 
sector  gates  is  currently  being  tested.  Plans 
for  development  of  a  rating  system  for  verti¬ 
cal  lift  gates  will  be  realized  within  the  next  2 
years. 


Condition  Rating  for 
Steel  Sheet  Pile  Structures 

Steel  sheet  pile  in  navigation  locks  is  gen¬ 
erally  found  in  lock  walls  and  mooring  cells. 
The  general  approach  to  the  rating  system  for 
steel  sheet  pile  structures  is  the  same  as  for 
miter  gates.  A  series  of  critical  measurements, 
or  distresses,  is  identified.  An  upper  limit  for 
the  magnitude  of  each  distress  is  agreed  upon. 
A  formula  for  the  component  CI/s  is  de¬ 
signed  to  produce  results  conforming  to  the 
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Table  3 

Unadjusted  Weighting  Factors  for  Distresses  in  Miter  bock  Gates 

Distress  Code 

Distress 

Wl 

Normalized  Wi(%)  =  wi/lwi 

1 

Top  anchorage  movement 

11 

18 

2 

1 

Elevation  change 

9 

14 

Miter  offset 


Bearing  gaps 


Downstream  movement 


Cracks 


Leaks/boils 

3 

Dents 

1 

Noise/vibration 

7 

Corrosion 

5 

REMR  Condition  Index  Scale  (Table  1). 

Where  multiple  distresses  occur,  a  composite 
Cl  using  normalized  weighted  averages  is  em¬ 
ployed.  Where  conditions  are  severe,  the 
component  weighting  factors  are  scaled  up  ac¬ 
cordingly.  The  equations  used  for  condition 


rating  of  steel  sheet  pile  are  the  same  as  those 
used  for  miter  lock  gates,  namely.  Equations  1, 
2,  and  3.  The  critical  distress  measurements 
and  the  distress  weighting  factors  for  steel 
sheet  pile  structures  are  listed  in  Tables  4 
and  5,  respectively. 


Table  4 

Distress  in  Steel  Sheet  Pile  Structures 


Distress  Code 


1 


2 


3 


Distress 


Misalignment 


Corrosion 


Settlement 


Cavities 


Interlock  separation 


Holes 


Dents 


Cracks 


Brief  Description 


Geometric  deviation  of  sheet  pile  from  design  alignment 


Loss  of  material  due  to  interaction  with  environment 
Vertical  movement  of  soil  behind  sheet  pile 


Loss  of  fill  material 


Openings  in  steel  sheet  pile 


Openings  in  steel  sheet  pile 


Openings  in  steel  sheet  pile 


Openings  in  steel  sheet  pile 


Table  5 

Unadjusted  Weighting  Factors  for  Distresses  in  Steel  Sheet  Pile 

Distress  Code 

Distress 

W| 

Normalized  Wi(%)  =  wi/lwi 

1 

Misalignment 

8 

23 

2 

Corrosion 

5 

14 

Settlement 


Cavities 


Interlock  separation 


Holes _ 

Dents 


Cracks 
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Condition  Rating  for  Concrete 
Navigation  Lock  Monoliths 

The  rating  system  for  concrete  in  naviga¬ 
tion  lock  monoliths  produces  a  Cl  for  each 
monolith  inspected.  The  rating  process  differs 
somewhat  from  the  procedure  for  miter  lock 
gates  and  steel  sheet  pile.  A  series  of  critical 
measurements  is  identified,  but  rather  than  as¬ 
sign  a  component  CL  to  each,  a  deduct  value 
(DV)  is  assigned.  The  DV  is  then  subtracted 
from  100  to  obtain  a  Cl  for  the  monolith.  In 
case  of  multiple  occurrences  of  distress,  rules 
are  in  place  to  determine  a  composite  Cl . 

The  Cl  procedure  was  developed  by  as¬ 
signing  specific  DV’s  to  defects  defined  in 
“Guide  for  Making  a  Condition  Survey  of 
Concrete  in  Service”  (American  Concrete  In¬ 
stitute  1980).  A  “very  fine”  crack  category — 
cracks  less  than  0.01  in.  wide — was  added. 
The  procedure  assumes  that  in  most  cases,  but 
not  all,  the  ability  of  a  monolith  containing  a 
crack  to  transfer  shear  is  reduced  in  propor¬ 
tion  to  crack  width.  The  procedure  also  as¬ 
sumes  that  a  monolith’s  tendency  to  overturn 
is  increased  with  loss  of  material  due  to 
deterioration.  The  DV’s  are  subtracted  from 
100  to  establish  the  Cl .  Primary  DV’s 
were  determined  with  the  intent  of  obtaining 
a  Cl  of  zero  when  deterioration  of  a  concrete 
monolith  caused  a  critical  threat  to  the  safety 
of  that  monolith.  Nominal  DV’s  were  as¬ 
signed  for  defects  in  serviceability.  The 
resulting  Cl  is  indicative  of  those  conditions 
described  by  the  REMR  Condition  Index  Scale 
(Table  1). 

The  distress  categories  to  be  considered  in 
a  condition  rating  inspection  for  concrete 
monoliths  are  listed  in  Table  6. 

Crack  width,  location,  and  configuration 
are  measured.  Volume  loss  and  other  loss  of 
section  are  determined.  Exposed  steel  and 
damaged  or  missing  armor  are  accounted  for. 
Leaks,  stains,  and  deposits  are  accounted  for. 
Although  alignment  problems  are  not  directly 
addressed  by  the  current  version  of  the  system, 
the  inspection  procedure  calls  for  any  such 
problems  to  be  reported  immediately.  Align- 


Table  6 

Distress  Categories 

In  Concrete  Nav- 

Lock  Monoliths 
'■  —  —  '■  - . . 

Alignment 

Cracking 

Checking 

D-cracking 

Pattern 

Horizontal 

Vertical  and  transverse 
Vertical  and  longitudinal 
Diagonal 
Random 

Longitudinal  floor 

Volume  Loss 

Abrasion 

Cavitation 

Honeycomb 

Popouts 

Scaling 

Spalling 

Disintegration 

Steel  Deterioration 

Corrosion  stains 
Reinforcing 
Prestress 
Armor 

Leakage  and  Deposits 

Leakage 

Deposits 


merit  will  be  ad¬ 
dressed  in  later 
versions  of  the 
program.  For  a  de¬ 
tailed  description 
of  the  current  rat¬ 
ing  system,  see 
Bullock  (1989). 

The  inspection 
procedure  relies 
on  visual  measure¬ 
ments.  It  is  de¬ 
signed  to  be 
performed  on  in- 
service  locks.  It 
has  been  demon¬ 
strated  success¬ 
fully  on  high-lift 
and  dewatered 
locks.  A  small 
delay  in  river  traf¬ 
fic  may  be  re¬ 
quired  to  tour  the 
lock  by  boat  at 
high  and  low  pool. 
Should  severe  con¬ 


ditions  exist  within  the  concrete,  a  more  de¬ 


tailed  engineering  evaluation  is  called  for. 


REMR  Management 
System  Software 


All  developed  REMR  systems  have  been 
original  applications  written  in  C,  Fortran,  or 
compiled  dBase-compatible  languages.  They 
run  in  a  Disk  Operating  System  (DOS)  envi¬ 
ronment  on  Intel  80286-based  microcomput¬ 
ers.  The  programs  are  menu  driven  and  user 
friendly.  The  programs  are  available  for  dis¬ 
tribution  on  diskette.  For  more  information 
contact  US  Army  Construction  Engineering 
Research  Laboratory,  ATTN:  CECER-EM/ 
David  T.  McKay,  PO  Box  9005,  Champaign, 
IL  61826-9005. 


Conclusion 


The  US  Army  Corps  of  Engineers  has  de¬ 
veloped  a  series  of  condition  inspection  proce¬ 
dures  for  Civil  Works  structures  that  yield 
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uniform  and  repeatable  collections  of  field  data. 
Such  uniformity  and  repeatability,  blended  with 
numeric  condition  indicators,  allov.  rhe  compar¬ 
ison  of  condition  of  similar  structu.es  on  a 
global  basis.  The  storage  of  these  data  allows  a 
more  efficient  monitoring  of  facility  conditions. 
Over  time,  trends  can  be  monitored  and  predic¬ 
tions  of  future  condition  can  be  made.  Various 
M&R  alternatives,  based  on  knowledge  of  cur¬ 
rent  condition  and  life  cycle  costs,  can  be  laid 
out.  The  REMR  Management  System  helps 
managers  obtain  the  best  facility  condition  pos¬ 
sible  for  a  given  budget  level,  and  it  removes 
many  purely  subjective  elements  of  the  deci¬ 
sion-making  process. 
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Performance  of  Microprocessor-Based  Steel  Detector 
for  Reinforced  Concrete  Structures 


by 

W.  E.  McDonald 1  and  A.  M.  Alexander 1 


Abstract 

This  paper  describes  the  performance  of  the  Profometer  3  as  a  nondestructive 
instrument  for  locating  reinforcing  steel  embedded  in  concrete.  Successful  evalua¬ 
tions  included  tests  conducted  in  the  laboratory  using  prototype  specimens  as  well 
as  field  structures  located  at  US  Army  Yuma  Proving  Grounds  near  Yuma,  AZ.  The 
evaluation  of  this  device  was  conducted  by  US  Army  Engineer  Waterways  Experi¬ 
ment  Station  (USAEWES),  Structures  Laboratory  (SL),  Concrete  Technology  Divi¬ 
sion  ( CTD ),  on  behalf  of  Picatinny  Arsenal. 

Picatinny  Arsenal  sponsored  a  military  testing  program  which  involved  the 
construction  of  reinforced  concrete  structures.  Knowledge  of  the  exact  position  of 
the  reinforcing  steel  was  critical  in  the  overall  evaluation  process  of  the  test 
program.  Also,  a  related  aspect  of  the  test  program  involved  the  development  of  a 
device  capable  of  providing  the  exact  position  of  the  reinforcing  steel  within 
specified  tolerances,  and  therefore,  an  independent  calibration  source  was  needed 
to  initially  locate  the  bars. 

Laboratory  tests  performed  with  the  Profometer  3  reinforcing  steel  detection 
device  indicated  the  capability  of  the  device  to  meet  the  specification  requirements. 
Subsequently,  successful  onsite  demonstration  of  the  capabilities  resulted  in  the 
request  for  full-scale  field  evaluation  of  the  structures. 

The  Profometer  3  satisfactorily  located  the  positions  of  the  reinforcing  steel 
within  the  specified  tolerances  and  was  subsequently  accepted  as  a  verification 
source. 


Introduction 

The  design  of  reinforced  concrete  structures 
specifies  the  inclusion  of  a  predetermined  per¬ 
centage  of  embedded  steel  reinforcing  to  satisfy 
tensile  and/or  flexural  strength  requirements. 
The  design  specifications  indicate  the  location, 
size,  spacing  pattern,  and  depth  for  the  required 
reinforcement.  Instrumentation  devices  for 


providing  information  on  the  embedded 
characteristics  of  the  steel  in  concrete  is, 
therefore,  potentially  applicable  to  all  such 
structures.  Recently,  microprocessors  have 
been  incorporated  into  steel  detectors  resulting 
in  devices  much  improved  over  past  systems. 
Listings  of  some  of  the  manufacturers,  features, 
and  costs  of  various  systems  are  provided  by 
REMR  Technical  Note  CS-ES-1.9  (McDonald 


*  Structures  Laboratory,  US  Army  Engineer  Waterways  Experiment  Station,  Vicksburg,  MS, 
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1990).  For  quality  control  purposes,  verifica¬ 
tion  of  compliance  with  design  specifications 
may  be  required  tc  assure  proper  positioning  of 
the  reinforcing  steel  throughout  construction. 
Quality  control  parameters  of  concern  could 
include  depth  of  cover,  size,  location,  and 
spacing.  Given  that  reinforcing  steel  performs 
a  specific  function  in  concrete  structures,  im¬ 
proper  positioning  of  these  members  could 
compromise  the  integrity  of  the  structure  and 
subsequently  result  in  failure.  The  availabil¬ 
ity  of  detection  devices  to  verify  compliance 
with  the  design  parameters  for  positioning  of 
the  reinforcing  steel  could  prove  to  be  a  valu¬ 
able  tool. 

In  view  of  the  current  trend  towards  reha¬ 
bilitating  rather  than  replacing  existing  dis¬ 
tressed  concrete  structures,  the  need  for 
capabilities  in  nondestructively  obtaining  in¬ 
formation  about  embedded  reinforcing  steel  is 
now  more  prevalent  than  before.  Before  im¬ 
plementation  of  a  rehabilitation  program,  an 
evaluation  process  should  be  accomplished  as 
a  guide  for  establishing  the  scope  of  rehabili¬ 
tation  requirements.  Evaluation  and/or  reha¬ 
bilitation  of  existing  concrete  structures  may 
require  coring,  grinding,  resurfacing,  anchor 
insertion,  etc.  Prior  to  conducting  such  work, 
it  may  be  necessary  to  delineate  areas  free  of 
embedded  steel.  Often  times,  as-built  con¬ 
struction  drawings  detailing  information  for 
the  embedded  reinforcing  steel  may  not  be 
available.  Therefore,  reinforcing  steel  detec¬ 
tion  devices  could  likewise  prove  advanta¬ 
geous  for  in  situ  assessments. 

Background  and  Scope 

Picatinny  Arsenal,  sponsors  of  a  military  test 
program  involving  reinforced  concrete  struc¬ 
tures,  had  concerns  about  the  specified  position 
of  the  reinforcing  steel  in  several  of  these  struc¬ 
tures.  The  nature  of  this  concern  was  twofold. 
First,  knowledge  of  the  exact  position  of  the 
reinforcing  steel  within  specified  limits  (ap¬ 
proximately  0.125  in.)  represented  one  of  the 
critical  elements  in  the  overall  test  program. 
Secondly,  a  related  aspect  of  the  test  program 
involved  the  critical  examination  of  a  detection 
device  being  developed  under  an  existing  gov¬ 


ernment  contract  by  a  private  contractor.  The 
detection  device  was  to  be  capable  of  locating 
the  exact  position  of  the  reinforcing  steel  with¬ 
in  the  specified  tolerance.  Therefore,  an  inde¬ 
pendent  and  qualified  nondestructive  testing 
(NDT)  organization  possessing  an  accurate 
locating  device  for  verifying  the  performance 
of  the  detection  device  developed  under  this 
contract  was  desired.  However,  it  was  not 
necessary  that  the  reference  locating  device 
possess  all  the  military  specifications  of  shock, 
humidity,  color,  and  other  requirements  neces¬ 
sary  for  the  contract  device.  It  had  to,  how¬ 
ever,  serve  as  an  accurate  primary  standard 
for  locating  the  steel. 

Enlarging  the  spectrum  of  and  improving  the 
efficiency  of  NDT  and  evaluation  techniques 
for  determining  the  physical  and  material  prop¬ 
erties  of  concrete  structures  represents  one  facet 
of  research  efforts  within  the  Concrete  Tech¬ 
nology  Division  (CTD),  Structures  Laboratory 
(SL),  US  Army  Engineer  Waterways  Experi¬ 
ment  Station  (USAEWES)  (Thornton  and 
Alexander  1987).  Consequently,  CTD  was 
contacted  by  Picatinny  Arsenal  to  provide  as¬ 
sistance  in  conducting  NDT  evaluations  for 
the  structures  of  concern.  The  scope  of  the  re¬ 
quested  assistance  included:  (1)  constructing 
physical  models  having  steel  at  known  posi¬ 
tions  for  providing  confirmation  of  the  capabili¬ 
ties  of  CTD’s  in-house  laboratory  detection 
device  to  serve  as  a  legitimate  standard  for  lo¬ 
cating  the  steel  within  the  prescribed  accuracy, 
(2)  conducting  field  demonstrations  of  the  per¬ 
formance  of  the  device,  (3)  performing  onsite 
evaluation  of  the  actual  concrete  structures 
with  destructive  verification  of  actual  steel 
location,  and  (4)  providing. staff  knowledgeable 
in  the  physics  of  NDT  devices  for  follow-up 
assistance  as  a  consultant  for  communicating 
with  contract  representatives  and  advising  the 
Army  in  the  evaluation  of  the  contract  device. 

State-of-art  of  detection  devices 

There  are  a  variety  of  commercially  avail¬ 
able  steel-reinforcing  detection  devices  on  the 
market.  Generically.  such  devices  are  known 
as  “cover’-  meters  which  denotes  the  capabil¬ 
ity  for  measuring  the  thickness  of  a  concrete 
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cover  overlaying  the  embedded  reinforcing 
steel  (Lauer  1991)  or  pachometers.  The  tech¬ 
nology  of  steel-reinforcing  detection  devices 
has  evolved  in  sophistication  over  the  years  to 
presently  include  state-of-the-art  circuits,  re¬ 
corders,  digital  readouts,  microprocessors,  etc. 
Previous  state-of-the  art  equipment  generally 
used  a  coil  movement  with  pointer  and  scale  for 
reading.  The  new  detector  devices  now  offer 
improved  features  of  speed,  low  weight,  and 
ease  of  interpretation,  which  have  removed 
some  of  the  impediments  that  may  have  hin¬ 
dered  routine  usage  of  the  devices  in  the  past. 

The  general  principle  of  most  detection  de¬ 
vices  is  the  transmission  of  magnetic  flux 
lines  into  the  concrete  through  a  probe  mecha¬ 
nism.  Upon  encountering  steel  material,  an 
increased  amount  of  the  magnetic  flux  lines 
traverses  the  steel  rather  than  the  concrete  as 
a  short  cut.  This  is  detected  by  a  sensoring 
circuit  in  the  device  which  senses  an  increase 
in  the  field  strength  due  to  a  lower  resistance 
path  for  the  magnetic  flux  lines.  For  a  given 
size  bar  of  reinforcing  steel,  a  stronger  signal 
will  be  transmitted  through  the  steel  for  a  thin¬ 
ner  cover  than  for  a  thicker  cover.  Also,  for  a 
given  thickness  of  cover,  a  stronger  signal 
will  be  transmitted  as  the  diameter  increases 
in  the  reinforcing  steel  bar.  The  transmitted 
signal  is  then  received,  processed,  and  dis¬ 
played  or  recorded  by  a  digital  readout,  audi¬ 
ble  beep,  meter  pointer,  or  a  change  in  pen 
movement  on  a  chart  recorder. 

The  steel-reinforcing  detection  device  used 
to  conduct  this  investigation  is  manufactured 
under  the  brand  name  of  Profometer  3  (Fig¬ 
ure  l).  This  device  incorporates  a  micropro¬ 
cessor  system  which  includes  such  features  as 
the  elimination  of  induced  errors  in  measure¬ 
ments  by  controlling  the  time  of  the  beep  sig¬ 
nal  response  to  correspond  with  the  time  of 
actual  location  of  the  reinforcing  steel. 

Therefore,  the  signal  response  is  not  depen¬ 
dent  upon  the  particular  user  having  different 
velocities  of  probe  movement  (SDS  1988). 

A  variety  of  probes  are  attachable  to  the  device 
to  provide  various  measuring  capabilities  in¬ 
cluding  determination  of  the  depth,  diameter. 


and  positioning  of  the  reinforcing  steel.  Other 
features  of  this  device  are  fast  scanning  with 
beep  response  (for  ascertaining  quick,  general 
locations),  compensation  for  magnetic  aggre¬ 
gates,  audible  or  digitized  visual  indicators, 
easy  alternation  between  operating  modes  for 
different  functions  via  a  toggle  switch,  com¬ 
pact  and  lightweight  construction  (4.4  lb)  for 
easy  handling,  and  operational  simplicity 
which  does  not  require  any  specialized  train¬ 
ing  or  skill  for  one  to  become  a  competent 
user  after  a  few  trial  practice  sessions. 


Figure  1 .  Profometer  3  detection  device 


Field  structures 

The  field  structures  evaluated  in  the  full- 
scale  military  test  program  consisted  of  two 
typical  types  of  structures,  geometrically 
square  and  cylindrical.  The  structures  are  lo¬ 
cated  at  the  US  Army  Yuma  Proving  Grounds 
near  Yuma,  AZ.  There  are  eleven  rectangular 
structures,  5  ft  long  by  7  ft  wide  by  15  ft 
high;  and  four  circular  structures,  two  with 
5-ft  diam  and  two  with  6-ft  diam.  All  four 
structures  are  15  ft  in  height. 

Design  specifications  required  positioning 
of  #1  1  vertical  bars  at  5-3/16-in. -centcr-to- 
center  spacings  and  #4  horizontal  bars  at  12-in.- 
center-to-center  spacings.  The  center  of  the 
#1 1  bars  were  located  at  a  depth  of  3  in.  with 
the  #4  bars  directly  under  the  #1  1  \s.  After 


CESEC91 


McDonald  S  Alexander 


705 


construction  of  these  structures,  there  was  con¬ 
cern  that  improper  positioning  of  the  reinforc¬ 
ing  steel  in  some  of  the  structures  may  have 
occurred.  As  mentioned,  the  location  of  the 
reinforcing  steel  in  the  structures  represented 
one  of  the  critical  aspects  of  the  overall  test 
program.  As  a  result,  any  uncertainties  had  to 
be  verified  and  resolved  prior  to  eventual 
testing  by  the  Army. 


designed  to  provide  identical  parameters  to 
the  design  of  the  field  structures.  Figure  2 
illustrates  prototype  laboratory  specimens. 

In  addition  to  the  prototype  specimens, 
scaled  down  models  of  the  field  structures 
were  fabricated  and  included  as  part  of  the 
laboratory  evaluation  process. 


Investigation 
Laboratory  evaluation 


Laboratory  prototype  specimens 


Two  prototype  laboratory  speci- 
mens  containing  steel  with  known 
characteristics  were  fabricated  to  p? 

simulate  the  parameters  of  the  R| -y  - 

field  concrete  structures.  Ofpartic-  ■  Jt 
ular  interest  was  the  simulation  of  lyf 

depth,  spacing,  and  diameter  of  the 
embedded  reinforcing  bars  similiar 
to  the  field  structures.  Also,  there 
was  concern  that  the  presence  of  Fiaure  2 
miscellaneous  metallic  materials  9 

(i.e.  snap  form  ties  and  tie  wire 
used  to 

secure  positioning  of  reinforcing  bars  at  inter¬ 
sections)  could  adversely  influence  the  accu¬ 
racy  of  detection  capabilities.  Therefore,  the 
prototype  specimens  included  embedded  metal 
materials  for  testing  the  influence  of  supplemen¬ 
tal,  yet,  incidental  components  that  had  the  po¬ 
tential  to  produce  readings  that  would  result  in 
false  interpretations  of  the  actual  steel  embed¬ 
ded  characteristics  in  the  concrete. 

The  two  prototype  specimens  were  labeled 
“A”  and  “B”.  Specimen  A  measured  36  by  6 
by  6  in.  (1  x  w  x  d).  Specimen  B  measured  24 
by  24  by  9-1/2  in.  (1  x  w  x  d).  Specimen  A 
contained  No.  1 1  bars  placed  horizontally  and 
embedded  at  depth  variations  of  3-3/4,  3-1/2, 

3,  and  2-1/2  in.  Center-to-center  spacings  were 
7  in.  for  Specimen  B.  Both  No.  1 1  and  No.  4 
bars  were  placed  horizontally  and  embedded  at 
3-in.  depths  and  5-1 /2-in.  center-to-center  spac¬ 
ings.  The  No.  4  bars  were  tied  on  top  of  the 
No.  1 1  bars.  Four  No.  2  bars  were  embedded 
vertically  at  random  locations  to  simulate  the 
presence  of  form  snap  ties.  Specimen  B  was 


Laboratory  results 

Initial  cursory  efforts  were  made  to  detect 
the  parameters  of  the  reinforcing  steel  in  the 
laboratory  prototype  specimens  using  detection 
devices  with  and  without  a  microprocessor- 
based  system  .  The  device  without  a  micro¬ 
processor-based  system  included  coil  move¬ 
ment,  a  needle,  and  scale  for  reading  and 
generally  performed  satisfactorily  in  most 
situations.  However,  it  was  not  capable  of 
resolving  the  position  of  the  center  axes  of 
the  reinforcing  steel  within  a  specified  toler¬ 
ance  for  this  application.  On  the  other  hand, 
evaluations  conducted  with  the  Profometer  3 
detection  device  (a  microprocessor-based 
system)  yielded  positive  results,  and  there¬ 
fore,  was  used  throughout  the  remainder  of 
the  laboratory  evaluation  process. 

To  evaluate  the  accuracy  and  repeatability 
of  the  Profometer  3  detection  device,  refer¬ 
ence  marks  indicating  the  center  axes  of  the 
embedded  reinforcing  steel  axes  were  placed 
on  the  top  surface  of  the  prototype  specimens. 
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The  Profometer  3  was  then  used  to  locate  the 
center  axes.  Repeatability  refers  to  the  ability 
of  the  detection  device  to  consistently  indi¬ 
cate  the  position  of  the  reinforcing  steel  axes. 
Thirty  (30)  measurements  were  taken,  and  the 
offset  distances  from  the  reference  marks 
were  measured  and  recorded.  Table  1  gives 
typical  data  results.  The  mean  offset  from  the 
actual  center  line  in  this  particular  evaluation 
was  0.081  in.  as  determined  by  Equation  1. 
The  standard  deviation  as  calculated  by  Equa¬ 
tion  2  was  0.047  in. 


V-  = 


V  = 


2.43 

30 


\l  =  0.081 
where 


p.  =  mean 

x  =  individual  observations 
n  =  number  of  observations 


n 


y  0.2592 
30 


a  =  0.047 


(1) 


(2) 


Table  1 

Measurement  Data  on  Accuracy  and 
Repeatability 

Measurement 

Observation 

Deviation  from  Center  Line,  In. 

1 

0.03 

2 

0.02 

3 

0.09 

4 

0.07 

S 

0.05 

6 

0.08 

7 

0.06 

8 

0.06 

9 

0.05 

10 

0,11 

11 

0.17 

12 

0.01 

13 

0.09 

14 

0.06 

15 

0.05 

16 

0.06 

17 

0.08 

18 

0.08 

19 

0.08 

20 

012 

21 

0.09 

22 

0.05 

23 

0.11 

24 

0.17 

25 

0.06 

26 

0.23 

27 

0.00 

28 

0.11 

29 

0.08 

30 

0.11 

where  %  =  standard  deviation.  These  re¬ 
sults  are  also  typical  of  other  analyses  con¬ 
ducted  to  measure  accuracy  and  repeatability. 
The  lower  and  upper  limits  of  offset  values 
obtained  in  Table  1  are  0.00  and  0.2300  in., 
respectively.  The  0.08-in.  average  offset 
value  is  just  at  the  required  specified  accu¬ 
racy  limit  of  0.125  in.  since  there  is  a  67-per¬ 
cent  probability  that  each  reading  will  fall 
below  the  sum  of  the  mean  and  the  standard 
deviation.  The  value  would  be  0.128  in. 


Another  phase  of  the  laboratory  evaluation 
included  locating  the  center  axes  of  the  rein¬ 
forcing  steel  in  the  scaled-down  models  of  the 
actual  structures.  The  results  from  this  evalu¬ 
ation  proved  consistent  with  the  results  ob¬ 
tained  for  the  evaluations  conducted  with  the 
prototype  specimens.  The  reinforcing  steel 
axes  were  determined  within  the  accuracy 
constraints  even  when  measurements  were  re¬ 
peated  days  apart.  The  success  of  the  labora¬ 
tory  evaluations  provided  ample  confidence 
to  proceed  with  the  field  demonstration  phase 
of  the  NDT  investigation. 
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Field  demonstrations 


Follow-up  structural  evaluation 


The  process  of  performing  field  demonstra¬ 
tions  of  the  reinforcing  steel  detection  device 
included  determining  the  location  of  embedded 
reinforcing  steel  in  several  randomly  selected 
structures.  Some  of  these  structures  suffered 
deterioration  to  the  extent  that  the  reinforcing 
steel  could  be  observed  visibly  to  verify  the 
accuracy  of  the  locations  determined.  For  the 
other  structures  selected,  construction  drawings 
were  available  for  verifications.  In  all  in¬ 
stances,  the  detection  device  again  proved  its 
capability  for  consistently  pinpointing  the 
center  axes  of  the  reinforcing  steel  measured. 

Field  structural  evaluation 

The  field  evaluations  involved  locating  the 
position  of  the  embedded  reinforcing  steel  in 
the  structures  as  well  as  verifying  the  perfor¬ 
mance  of  the  reinforcing  steel-locating- 
sensoring  device  developed  under  contract. 
The  initial  evaluation  conducted  with  the 
Profometer  3  device  involved  constructing  a 
grid  of  the  measured  position  of  the  reinforcing 
steel  in  an  area  of  one  of  the  rectangular  struc¬ 
tures.  The  grid  was  drawn  on  mylar  material 
taped  to  the  structure.  To  determine  the  accu¬ 
racy  of  the  measurements,  the  concrete  cover 
was  destructively  removed  from  a  section  of 
the  structure  within  the  grid  area.  The  removal 
of  the  cover  was  accomplished  so  that  the  outer 
portions  of  the  grid  lines  remained  visible  and 
intact.  After  removing  the  cover  and  exposing 
the  reinforcing  steel,  it  could  be  seen  that  the 
grid  lines  drawn  using  the  Profometer  3 
indicated  the  correct  positions  of  the  center 
axes  of  the  embedded  reinforcing  steel.  The 
Profometer  3  indicated  the  center  axes  of  the 
reinforcing  steel  with  only  a  few  deviations. 
However,  the  deviations  were  still  within  the 
limits  of  accuracy  acceptable,  ±0.125  in.  The 
Profometer  3  was  then  used  to  map  the  rein¬ 
forcing  steel  positions  for  the  remainder  of 
the  structures.  Upton  review  of  the  performance 
of  the  device  by  Picatinny  staff  and  subsequent 
destructive  verification,  it  was  decided  that 
the  Profometer  3  satisfied  the  desired  require¬ 
ments  to  function  as  an  independent  quality 
assurance  device. 


The  field  performance  of  the  Profometer  3 
convinced  the  Picatinny  staff  that  the  device 
was  capable  of  serving  as  a  reference  device  for 
locating  the  reinforcing  steel  within  the  specifi¬ 
cations  desired  of  the  contract  detection  device. 
The  follow-up  phase  of  this  investigation  in¬ 
volved  sending  into  the  field  a  CTD  consul¬ 
tant,  knowledgeable  in  the  physics  of  NDT 
instrumentation  and  in  the  area  of  concrete  ma¬ 
terials.  The  role  of  the  CTD  consultant  was  to 
use  his  experience  as  an  NDT  expert  and  at¬ 
tempt  to  satisfy  the  contract  representative  that 
the  Profometer  would  serve  as  a  proper  stan¬ 
dard  for  evaluating  their  prototype  device.  In 
addition,  he  was  to  evaluate  the  contract  device, 
advise  the  Pictinny  staff  of  its  performance,  and 
provide  secondary  verification  of  the  grid  lines 
laid  out  by  the  previous  operator.  In  terms  of 
the  latter,  follow-up  evaluations  of  the  struc¬ 
tures  using  the  Profometer  3  were  performed  by 
the  CTD  consultant,  Picatinny  staff,  and  con¬ 
tract  representatives. 

Once  the  grid  lines  were  verified,  members 
of  the  contract  staff  were  convinced  of  the 
Profometer’ s  capability  to  locate  the  embed¬ 
ded  reinforcing  steel  within  the  specifications 
desired.  The  contract  device  was  then  tested 
against  the  reference  lines  to  determine  its 
performance. 


Conclusion 

The  Profometer  3  satisfied  the  specified  re¬ 
quirements  for  serving  as  an  independent  cali¬ 
bration  source  for  locating  the  steel  precisely 
and  permitting  a  proper  evaluation  of  the  per¬ 
formance  of  the  prototype  contract  detection 
device.  The  Profometer  was  capable  of  locat¬ 
ing  the  horizontal  surface  position  of  #1 1  rein¬ 
forcing  steel  within  1/8  in.  when  the  steel 
was  at  a  depth  of  3  in.  with  a  center-to-center 
separation  of  12  in.  The  #4  bars,  at  a  depth  of 
3-3/4  in.  with  a  center-to-center  spacing  of 
12  in.,  were  also  located  horizontally  within 
1/8  in.  The  various  features  of  low  weight, 
battery  power  (days  of  operation  without  re¬ 
placing  batteries),  digital  readout  (accurate 
pinpointing  of  steel)  and  auditory  response 


708 


McDonald  &  Alexander 


CESEC  91 


(for  quick  overview  and  low  lighting),  and 
ease  of  operation  make  for  an  attractive  de¬ 
vice  for  use  and  should  promote  its  routine 
use  for  diagnosing  concrete  structures.  A  dis¬ 
advantage  is  that  the  microprocessor-based 
systems  are  more  costly  than  previous  systems. 
The  device  was  about  three  times  the  price  of 
the  nonmicroprocessor-based  systems.  How¬ 
ever,  they  are  likely  to  be  used  on  jobs  more 
frequently  than  in  the  past  due  to  the  various 
features  noted  which  will  increase  the  benefit- 
to-cost  ratio  of  the  device. 
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Strength  Development  of  Concrete  Cured 
at  Low  Temperature 


by 

Charles  J.  Korhonen,  PE , 1  EdelR.  Cortez, 1  and  Brian  A.  C ha  rest 1 


Abstract 

Long  winters,  emergency  repairs,  or  simply  a  tight  schedule  may  force  an 
engineer  to  look  for  ways  to  cast  concrete  for  structural  applications  during  cold 
weather.  Under  adverse  conditions  such  as  these,  concreting  has  most  always 
entailed  expensive  and  time-consuming  methods  of  protecting  the  fresh  concrete 
from  freezing  temperatures.  A  newer  approach  is  the  use  of  chemical  admixtures 
that  depress  the  freezing  point  of  water  and  allow  concrete  to  gain  strength  at 
temperatures  that  are  damaging  to  normal  concrete.  This  paper  discusses  a  study 
of  a  series  of  chemicals  that  were  tested  for  their  effect  on  strength  gain  in  concrete 
cured  at  various  low  temperatures.  The  results  show  that  appreciable  strength  can 
be  promoted  in  concrete  cured  at  temperatures  below  freezing  when  these  chemicals 
are  used. 


Introduction 

The  hydration  of  portiand  cement  is  an  exo¬ 
thermic  reaction  between  cement  and  water; 
hydration  begins  immediately  upon  mixing 
with  water  and  can  continue  for  years.  Thus, 
during  the  strength  development  process,  the 
concrete  is  being  continually  warmed  by  inter¬ 
nally  generated  heat.  The  extent  of  this  warm¬ 
ing  depends  on  how  quickly  heat  is  evolved 
and  how  quickly  it  is  lost  from  the  concrete  to 
the  outside  environment. 

As  in  most  chemical  reactions,  the  rate  of 
hydration  is  a  function  of  temperature.  At  tem¬ 
peratures  lower  than  20  °C,  hydration  and  its 
resulting  strength  gain  in  concrete  decreases. 


For  practical  purposes,  hydration  occurs  down 
to  about  -5  °C  (Carino  1984).  Though  some 
hydration  still  occurs  below  this  temperature, 
very  little  water  is  available  to  react  with  the 
cement  due  to  freezing.  Specifically,  less  than 
5  percent  of  the  mix  water  remains  unfrozen 
in  fresh  concrete  at  -5  °C  (Mironov  1977). 
Once  ice  develops,  fresh  concrete  can  lose 
about  one-half  of  its  potential  design  strength. 

During  cold  weather,  the  concern,  there¬ 
fore,  is  to  conserve  the  internally  generated 
heat  and  to  maintain  a  temperature  that  will 
give  adequate  strength  and  prevent  freezing. 

If  the  ambient  temperature  is  not  too  low,  in¬ 
sulating  the  formwork  and  exposed  surfaces 
should  suffice.  At  lower  temperatures,  the 
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concrete  usually  must  be  heated  by  an  external 
source.  This  can  be  accomplished  by  heating 
the  forms  or  by  building  a  heated  enclosure. 
When  properly  applied,  these  protective  mea¬ 
sures  can  produce  good  results.  However,  they 
can  also  be  expensive. 

This  paper  discusses  an  alternative  approach 
to  winter  concreting,  one  whereby  conventional 
protection  is  eliminated.  In  this  study,  a  series 
of  chemicals  were  evaluated  for  their  effect  on 
strength  development  in  concrete  cured  at  low 
temperature.  The  chemicals,  termed  antifreeze 
admixtures,  were  selected  based  on  their  poten¬ 
tial  to  depress  the  freezing  point  of  mix  water 
and  speed  up  cement  hydration  at  temperatures 
below  freezing. 


Background 

Work  at  the  Cold  Regions  Research  and 
Engineering  Laboratory  (CRREL)  on  evalu¬ 
ating  these  materials  began  in  1989,  progress¬ 
ing  from  a  literature  review  of  foreign  and 
domestic  technology  (Korhonen  1990),  to  a 
laboratory  screening  (Phase  I)  of  admixtures 
(Korhonen,  Cortez,  and  Smith  1991),  to  their 
low-temperature  evaluation  (Phase  II)  in  this 
paper. 

The  literature  report  showed  that  antifreeze 
admixtures  were  used  in  the  early  1950’s  in 
the  Soviet  Union,  and  numerous  antifreeze 
admixtures  had  been  reported  in  international 
literature  by  the  mid-1980’s.  Domestic  litera¬ 
ture  was  quiet  on  this  topic.  However,  a  re¬ 
newed  interest  in  this  field  has  spurred  new 
work  resulting  in  extremely  encouraging  re¬ 
sults.  The  laboratory  screening  test  was  car¬ 
ried  out  to  verify  that  these  chemicals  would 
perform  as  described  in  the  literature.  Prelim¬ 
inary  results  showed  that  some  did.  This  study 
was  conducted  to  evaluate  in  detail  the  low- 
temperature  performance  of  a  few  of  the  most 
promising  admixtures. 

Although  past  tests  indicate  that  antifreeze 
admixtures  can  be  beneficial,  little  consider¬ 
ation  has  been  given  to  these  materials  in  the 
US.  This  indifference  is  changing  as  future 
research  projects  are  being  planned  as  part  of 


the  Corps  of  Engineers  Construction  Produc¬ 
tivity  Advancement  Research  (CPAR)  Pro¬ 
gram,  a  cost-sharing  partnership  between  the 
Corps  and  industry.  The  goal  of  this  particu¬ 
lar  partnership  is  to  develop  a  commercial 
antifreeze  admixture  that  will  be  competitive 
with  foreign-produced  admixtures.  Since  the 
Federal  Government  is  the  biggest  buyer  of 
construction  services,  CPAR  efforts,  such  as 
these  being  planned,  are  expected  to  benefit 
the  Government  and  the  US  economy. 

Test  Procedure 

Four  admixtures  were  chosen  for  evaluation 
of  their  effect  on  low-temperature  strength  gain 
of  concrete.  Three  admixtures  were  selected 
from  the  screening  test  mentioned  above  and 
one  was  selected  from  the  literature  based  on 
favorable  reports. 

Materials 

Table  1  gives  the  admixtures  used  in  this 
investigation.  A  range  of  dosages  was  chosen 
for  mixes  2,  3,  and  4  to  optimize  them  for  tem¬ 
peratures  typical  to  winter  concreting.  Mix  5 
was  chosen  based  on  recommendations  given 
in  the  literature.  The  mix  water  was  appropri¬ 
ately  adjusted  to  account  for  the  free  water 
contained  in  a  given  admixture.  No  adjust¬ 
ments  were  made  to  the  mix  design  for  the 
solid  portion  of  any  admixture. 


Table  1 

Chemicals  Used 

Mix 

No. 

Chemical 

Percent  by 

Cement 

Weight 

1 

Control 

None 

2a 

Sodium  nitrate+calcium  nitrite 

d  +  2 

2b 

Sodium  nitrite+potassium  carbonate 

6  +  0.06 

3a 

Sodium  nitrite 

3 

3b 

Sodium  nitrite 

6 

3c 

Sodium  nitrite 

9 

4a 

Calcium  nitrite 

3 

4b 

Calcium  nitrite 

9 

5 

Urea 

6 
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The  basic  mix  design  is  shown  in  Table  2. 
The  cement  used  was  Iron  Clad  type  I  portland 
cement  made  by  the  Glens  Falls  Cement  Co., 
Glens  Falls,  NY.  The  coarse  aggregate  was 
crushed  ledge  from  Lebanon,  NH,  classified  as 
a  metamorphic  amphibolite  rock.  Its  average 
gradation  fit  American  Society  for  Testing  and 
Materials  (ASTM)  size  no.  6.  It  had  a  bulk  spe¬ 
cific  gravity  (ssd)  of  2.89  and  an  absorption  of 
0.5  percent.  The  fine  aggregate  was  a  natural 
sand  with  a  bulk  specific  gravity  (ssd)  of  2.71, 
an  absorption  of  1.1  percent,  and  a  fineness 
modulus  of  2.83.  Potable  water  having  a  pH  of 
7.0  was  used  for  the  mix  water. 


Table  2 

Mix  Design 

Ingredient 

Kg/m3 

Cement 

363 

Water 

163 

W/c 

0.45 

Fine  aggregate 

856 

Coarse  aggregate 

1071 

Chemical  admixture 

(Tablel) 

Mixing,  casting,  and  curing 

Mixing  took  place  at  room  temperature. 
Each  mix  was  made  separately  in  a  0. !  -m3 
rotary  mixer.  The  coarse  aggregate  and  some 
water  were  briefly  mixed  to  dampen  the  aggre¬ 
gate.  The  mixer  was  stopped,  charged  with 
fine  aggregate,  and  the  two  materials  were 
mixed  until  they  were  well  blended.  Cement 
was  added  with  the  mixer  stopped.  Mixing  re¬ 
sumed  and  the  rest  of  the  water  containing  the 
dissolved  admixture  was  added.  The  cumula¬ 
tive  mixing  time  was  8  minutes. 

Specimen  preparation  consisted  of  rodding 
three  layers  of  concrete  into  10-  x  20-cm  plastic 
cylinder  molds.  Plastic  caps  were  sealed  over 
the  top  of  each  mold  to  prevent  evaporation. 

The  specimens  were  stored  in  20,  -5,-10 
and  -20  °C  rooms  within  45  minutes  of  the 
time  water  was  added  to  the  mix.  Thermocou¬ 
ples,  embedded  in  the  center  of  an  extra  sam¬ 
ple  from  each  mix  and  placed  in  the  room  air, 
recorded  temperatures  at  15-minute  intervals. 


Test  methods 

Three  samples  of  each  mix  were  removed 
from  each  room  for  uniaxial  compression  test¬ 
ing  at  7,  28,  and  56  days.  They  wer.1;  allowed 
to  completely  thaw  before  loading  to  failure. 
Testing  was  not  done  on  frozen  samples  to 
avo.  d  strength  changes  caused  by  ice.  Samples 
were  considered  to  be  thawed  when  the  center 
of  an  instrumented  sample  reached  5  °C.  At 
56  days,  a  final  set  of  three  samples  from  each 
mix  was  stored  at  room  temperature  for  an 
additional  28  days  before  being  compression 
tested  at  84  days.  The  latter  procedure  was 
used  to  document  the  recovery  of  strength  upon 
returning  the  concrete  to  room  temperature. 

Results 


Strength 

As  previously  mentioned,  four  admixtures 
were  selected  for  strength  testing  in  concrete 
cured  at  low  temperature.  In  the  following 
discussions,  reference  should  be  made  to  Fig¬ 
ures  1  through  5  for  strength  results  at  room 
temperature,  -5,  -10,  and  -20  °C.  Each  data 
point  in  the  figures  represents  the  average 
from  three  strength  tests. 

Mix  1.  This  mix  contained  no  admixture. 
The  20  °C  curing  temperature  results  are  desig¬ 
nated  as  the  “control”  for  reference  purposes  in 
Figures  2  through  5.  Although  20  °C  is  a 
benchmark  often  cited  in  literature,  it  is  in¬ 
structive  to  note  that  the  allowable  minimum 
concrete  placement  and  maintenance  tempera¬ 
ture  under  field  conditions  is  5  °C,  according  to 
the  American  Concrete  Institute  (ACI)  (1988). 

A  dashed  line  denotes  the  expected  strength 
of  mix  1 ,  as  if  it  were  cured  at  5  °C  (Figure  1 ). 
The  expected  strength  is  based  on  guidance 
given  by  ACI  (1988).  Obviously,  acceptable 
strengths  for  winter  concrete  could  be  signifi¬ 
cantly  lower  than  the  reference  strengths  used 
in  this  study.  Figure  1  also  shows  that  the  rate 
of  strength  gain  is  dramatically  reduced  at  tem¬ 
peratures  below  freezing.  Near  -20  °C,  hydra¬ 
tion  virtually  stops.  Therefore,  if  concrete  must 
be  cast  and  cured  at  low  temperatures,  some¬ 
thing  must  be  done  for  it  to  achieve  strength 
for  structural  application. 
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Figure  1 .  Strength  gain  of  mix  1  concrete  at 
various  temperatures.  The  dashed  line,  the 
expected  strength  of  mix  1  cured  at  5  °C,  is 
based  on  ACI  guidance  (1 988) 


Figure  2.  Strength  gain  at  room  temperature 


Figure  3.  Strength  gain  at  -5  °C 


Figure  4.  Strength  gain  at  -1 0  °C 


Day* 


Figure  5.  Strength  gain  at  -20  °C 

Mix  2a, b.  The  Phase  I  tests  showed  that 
sodium  nitrite,  when  combined  with  an  accel¬ 
erator,  performed  reasonably  well  at  tempera¬ 
tures  down  to  -10  °C.  Thus,  there  existed  the 
potential  for  strength  gain  at  even  lower  tem¬ 
peratures  and  a  need  for  further  testing.  In 
this  study  both  mixes  again  performed  quite 
well,  though  this  time  a  distinction  is  drawn 
between  their  performances.  In  general,  mix 
2a,  which  contained  a  calcium  nitrite  accelera¬ 
tor,  performed  better  than  mix  2b,  which  con¬ 
tained  potassium  carbonate  as  the  accelerator. 

When  cured  at  room  temperature,  mix  2a 
matched  the  control  mix  in  strength  age-for¬ 
age,  while  mix  2b  showed  a  10  to  20  percent 
loss  in  strength  at  all  ages.  At  -5  °C,  both 
mixes  were  initially  weaker  than  the  control 
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mix,  but  by  day  28  they  had  both  become 
slightly  stronger.  Thereafter,  mixes  2a  and  2b 
continued  to  increase  in  strength  relative  to 
the  control.  At  -10  °C,  both  mixes  once  again 
started  out  weaker  than  the  control.  This  time 
mix  2b  remained  about  10  percent  weaker 
through  day  56,  at  which  time  the  curing  tem¬ 
perature  was  raised  to  20  °C,  and  then  recovered 
full  strength  at  day  84.  Mix  2a,  meanwhile, 
continued  to  increase  in  strength  past  that  of  the 
control  at  day  28  as  happened  at  -5  °C  .  By 
day  84,  mix  2a  had  become  30  percent  stronger 
than  the  control.  At  -20  °C,  neither  mix  devel¬ 
oped  much  strength. 

Mix  3a,b,c.  This  mix  was  selected  to 
evaluate  sodium  nitrite  by  itself  as  opposed  to 
with  an  accelerator  as  in  mix  2.  Three  dosages, 
one  below,  one  above,  and  one  at  the  same 
level  as  mix  2,  were  studied.  In  general, 
sodium  nitrite  did  not  perform  as  well  as  it 
did  when  an  accelerator  was  used,  though  it 
still  produced  concrete  of  acceptable  strength 
down  to  -10  °C.  Without  an  accelerator,  so¬ 
dium  nitrite  is  most  useful  as  a  freeze  point 
depressant. 

At  room  temperature,  the  low  dosage  mix 
did  not  seem  to  interfere  with  strength  gain, 
as  mix  3a  was  close  to  the  control  mix  in 
strength  at  all  ages.  The  middle  and  high 
dosages,  however,  showed  a  tendency  toward 
permanent  strength  loss.  Mixes  3b  and  3c 
produced  concrete  that  was  initially  weaker 
than  the  control  mix  and  that  settled  in  at  a 
10  to  15  percent  loss  at  a  late  age. 

At  -5  °C,  mixes  3a  and  3  b  produced 
strengths  that  initially  were  lower  than  that  of 
the  control  mix  but,  past  28  days,  became  su¬ 
perior  to  that  of  the  control  mix.  An  interest¬ 
ing  result  was  that  the  low  dosage  was  better 
at  promoting  strength  than  was  the  middle 
dosage.  The  high  dosage  produced  the  weak¬ 
est  concrete  in  this  test  series.  Nevertheless, 
all  three  dosages  produced  concrete  that  even¬ 
tually  became  stronger  than  control  concrete 
by  day  84. 

At  -10  °C,  the  low  dosage  mix  produced 
the  weakest  concrete;  mix  3a  developed  only 


one-half  its  potential  strength  at  day  56.  When 
the  curing  temperature  was  increased  to  20  °C, 
it  recovered  only  up  to  two-thirds  of  its  poten¬ 
tial  strength  by  day  84.  The  two  higher  dosages 
yielded  better  results,  producing  concrete  that 
initially  was  weaker  than  the  control  mix  but 
that  eventually  became  stronger.  Mix  3c, 
instead  of  producing  the  weakest  concrete  of 
the  three  dosages,  as  was  the  case  at  -5  °C, 
produced  the  strongest  concrete. 

At  -20  °C,  mixes  3a,  3b,  and  3c  gained 
very  little  strength. 

Mix  4a, b.  Calcium  nitrite  was  tested  in 
Phase  I  and  performed  well  at  temperatures 
down  to  -5  °C.  Aside  from  this,  calcium  nitrite 
also  has  a  eutectic  temperature  around  -20  °C 
and  is  a  key  ingredient  in  a  commercial  ad¬ 
mixture.  Thus,  it  was  included  for  further 
study.  Two  dosages  were  chosen;  one  below 
and  one  above  the  dosage  tested  in  Phase  I. 

In  general,  regardless  of  the  dosage  used, 
calcium  nitrite  seems  incapable  of  promoting 
strength  below  -5  °C.  It  is  an  excellent  accel¬ 
erator  at  -5  °C  and  above. 

At  room  temperature,  both  dosages  pro¬ 
duced  concrete  of  exceptional  strength.  Mix 
4b  (high  dosage)  produced  the  strongest  con¬ 
crete.  The  same  was  true  at  -5  °C  where  both 
dosages  again  produced  very  strong  concrete, 
with  4b  being  the  best.  However,  at  -10  °C, 
strengths  dropped  off  significantly,  though 
mix  4b  nearly  recovered  its  full  potential 
strength  by  day  84.  At  -20  °C,  no  detectable 
strength  gain  occurred;  hydration  was  essen¬ 
tially  stopped. 

Mix  5.  Urea  was  not  tested  in  Phase  I  but 
the  literature  suggested  that  a  6-percent  dos¬ 
age  rate  worked  best.  In  this  study,  this  dos¬ 
age  rate  was  able  to  protect  concrete  down  to 
-5  °C  only. 

At  room  temperature,  urea  reduced  concrete 
strength  by  about  10  percent  at  each  age  com¬ 
pared  to  the  control.  At  -5  °C,  mix  5  initially 
started  out  weaker  than  the  control  but  eventu¬ 
ally  became  stronger  by  day  84.  At  -10  °C, 
mix  5  gained  less  than  half  its  potential 
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strength.  At  -20  °C,  hydration  was  practically 
stopped,  as  strength  was  immeasurable. 

Temperature  history 

Strength  gain  of  concrete  is  the  result  of 
chemical  and  physical  reactions  between  ce¬ 
ment  and  water.  At  room  temperature,  the  re¬ 
action  process  is  most  easily  observed  as  a 
change  in  the  temperature  of  curing  concrete 
where  the  evolution  of  heat  is  proportional  to 
the  rate  of  reaction.  When  first  mixed  with 
water,  heat  is  released  very  rapidly  for  about 
15  minutes.  There  follows  a  1-  to  2-hour 
period  of  little  heat  release  before  a  second 
period  of  rapid  heat  release  is  started.  There¬ 
after,  heat  release  reduces  to  a  low  value. 

Figure  6  represents  a  typical  heat  of  hydra¬ 
tion  curve  from  each  mix  cured  at  temperatures 
between  about  19  and  23  °C.  The  recordings 
began  approximately  1  hour  after  water  was 
first  added  to  the  cement,  and  continued  well 
past  the  second  heat-release  period.  As  can 
be  seen,  each  mix  warmed  very  rapidly  dur¬ 
ing  the  first  S  to  12  hours  before  cooling  off 
to  a  steady  value  at  20  to  24  hours.  In  particu¬ 
lar,  mixes  2  and  4  accelerate  the  early  rate  of 
hydration,  mix  3  has  minor  effect  on  hydration, 
and  mix  5  seems  to  delay  hydration  when  com¬ 
parison  is  made  to  the  control  curve.  This 
supports  the  strength  results  in  that  mixes  2 
and  4  provide  excellent  strengths  at  an  early 
age,  while  those  of  mixes  3  and  5  were  some¬ 
what  delayed.  Mix  5  exhibited  the  least  activ¬ 
ity  of  all  mixes  at  low  temperature. 


Since  strength  gain  of  concrete  is  a  function 
of  temperature,  the  rate  decreasing  with  temper¬ 
ature,  it  is  important  to  know  the  temperature 
of  the  concrete  throughout  its  curing  history. 
Figure  7  represents  a  typical  cooling  curve  for 
concrete  cured  at  each  low  temperature  used 
in  this  study.  Mix  4c  was  chosen  as  the  ex¬ 
ample.  As  can  be  seen,  the  concrete  quickly 
cooled  to  below  freezing  in  1  to  3  hours,  de¬ 
pending  on  the  curing  temperature,  reaching 
room  (curing)  temperature  in  as  little  as  5  to 
7  hours.  Cooling  times  were  similar  for  the 
other  mixes. 


Figure  7.  Temperature  history  of  concrete  made 
from  mix  4c  and  cured  at  low  temperatures 

From  these  results,  it  is  obvious  that  essen¬ 
tially  all  strength  gain  in  this  investigation  oc¬ 
curred  at  the  temperature  of  the  curing  room. 
In  other  words,  the  curing  room  temperature 
can  be  thought  of  as  the  concrete  temperature 
in  all  cases. 


r 
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Figure  6.  Temperature  history  of  concrete  cured  at 
room  temperature 


Workability 

Workability  in  Phase  I  was  observed  as  the 
relative  ease  with  which  various  mixes  were 
molded.  When  compared  to  the  control  mix, 
sodium  nitrite  had  a  slight  plasticizing  effect 
while  calcium  nitrite  produced  somewhat  suf¬ 
fer  mixes.  In  this  phase  the  slump  test,  as  de¬ 
scribed  in  ASTM  C  143-90  (ASTM  1990), 
was  used  as  a  more  quantitative  method  of  in¬ 
dicating  workability.  Table  3  shows  the 
slumps  measured  for  each  mix. 


716 


Korhonen,  Cortez  &  Charest 


CESEC 91 


Table  3 

Slumps 

Mix 

Slump  (cm) 

1 

2.5 

2a 

7.6 

2b 

8.9 

3a 

5.1 

3b 

10.2 

3c 

12.1 

4a 

3.2 

4b 

2.5 

5 

5.7 

As  can  be  seen,  all  admixtures  except  for 
that  with  the  high  dosage  of  calcium  nitrite  (4b) 
increased  slump.  Sodium  nitrite  increases 
slump,  as  discovered  in  Phase  I,  but  there  is 
tittle  improvement  by  adding  the  highest  dos¬ 
age  (3c).  Slump  loss  is  a  concern  on  the  con¬ 
struction  site  also.  For  mix  4b,  slump  loss 
was  quite  rapid.  Within  20  minutes,  this  mix 
became  unworkable.  For  this  reason,  calcium 
nitrite  at  the  9-percent  dosage  rate  is  not  con¬ 
sidered  practical  for  field  applications.  The 
other  mixes  maintained  their  slump  through¬ 
out  the  molding  period. 

Corrosion  potential 

Any  chemical  added  to  the  concrete  should 
not  promote  corrosion  of  steel  reinforcement. 
The  corrosive  potential  of  each  admixture 
tested  in  this  study  was  evaluated  by  immers¬ 
ing  a  small,  sandblasted  rebar  into  an  aqueous 
solution  containing  the  admixture  at  an  equiv¬ 
alent  dosage  to  that  used  in  the  concrete 
mixes.  The  rebar  pieces  were  kept  in  the  solu¬ 
tion  for  100  days,  and  then  visually  examined 
for  signs  of  rust.  An  additional  rebar  was  im¬ 
mersed  in  a  water  and  cement  solution  as  a 
reference.  Table  4  shows  the  results.  As  can 
be  seen,  calcium  nitrite  and  sodium  nitrite 
showed  no  signs  of  rust.  Urea  showed  more 
potential  to  rust  than  did  the  reference.  More 
study  is  needed  to  verify  these  performances 
in  concrete. 


Table  4 

Relative  Corrosion 

Mix 

Observation 

1 

Light  corrosion  film 

2 

No  corrosion  observed 

3 

No  corrosion  observed 

4 

No  corrosion  observed 

5 

Slightly  more  corrosion  than  mix  t  (control) 

Discussion 

Each  admixture  tested  improved  the 
low-temperature  strength  gain  of  concrete. 
Improvement,  however,  can  be  a  matter  of 
definition.  For  example,  if  one  requires  that 
low-temperature  concrete  gain  strength  at  the 
same  rate  as  that  of  room-temperature  concrete, 
then  none  of  the  admixtures  would  qualify  as  an 
antifreeze  admixture  even  though  they  clearly 
can  produce  concrete  of  superior  strength  at 
late  age.  They  fail  primarily  because  all  lack 
early-age  strength  to  varying  degrees. 

Perhaps  a  more  realistic  criterion  forjudging 
antifreeze  admixtures  might  be  to  requtre  con¬ 
crete  made  with  an  antifreeze  admixture  and 
cured  at  low  temperature  to  gain  strength  at 
least  as  fast  as  the  minimum  rate  currently  per¬ 
missible  for  normal  concrete  in  cold  weather 
concreting  standards.  The  dashed  line  in  Fig¬ 
ure  1  represents  the  minimum  strength  gain 
permissible  for  normal  concrete  used  in  struc¬ 
tural  applications  (ACI  1988).  Accordingly, 
that  translates  into  strengths  that  are  much 
easier  to  meet.  For  example,  antifreeze  con¬ 
crete  cured  at  low  temperature  should  become 
at  least  40,  80,  and  100  percent  as  strong  as 
normal  concrete  cured  at  room  temperature 
by  7,  28,  and  56  days,  respectively. 

Table  5  shows  the  mixes  that  would  qual¬ 
ify  as  antifreeze  admixtures  according  to  the 
above  criteria  in  the  previous  paragraph. 

From  this  it  can  be  seen  that  using  admixtures 
to  enable  concrete  to  gain  adequate  strength 
at  temperatures  considerably  lower  than  al¬ 
lowed  by  today’s  standards  is  not  impossible. 
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It  should  also  be  noted  that  low-temperature 
curing  can  result  in  a  higher  late-age  strength, 
even  though  initial  strength  gain  is  slow. 


Table  5 
Mixes  Prodi 
of  Qualifyin 

icing  Concrete 
g  Strength 

Concrete 

Temperature, 

«c 

Strength  Gain 
at  Same  Rate  as 

20  °C  Concrete 

Strength  Gain 
at  Same  Rate  as 

5  °C  Concrete 

20 

4a, 4b 

all 

-5 

none 

all 

-10 

none 

2a, 2b, 3b, 3c 

-20 

none 

none 

other  chemicals  to  ottset  their  weaknesses.  For 
example,  the  low-temperature  range  of  calcium 
nitrite  may  be  extended  by  combining  it  with  a 
more  efficient  freezing  point  depressant.  In  this 
manner,  its  strength-promoting  capacity  would 
be  useful  at  even  lower  temperatures  than 
currently  possible  when  used  alone.  Sodium 
nitrite  and  urea  both  seem  to  provide  freeze  pro¬ 
tection  but  not  rapid  strength  gain  at  low  tem¬ 
perature.  In  this  instance,  a  low-temperature 
accelerator  may  be  helpful.  Perhaps  with  these 
additions,  strength  gain  at  -20  °C  or  lower  may 
be  achievable.  The  literature  indicates  that 
strength  gain  at  -25  °C  is  possible. 


If  time  of  cure  is  not  critical,  then  another 
criterion  by  which  to  judge  antifreeze  admix¬ 
tures  might  be  based  on  late-age  strength  alone. 
That  is,  how  cold  can  concrete  get  without 
sacrificing  late-age  strength?  Indications  are 
that  several  of  the  -20  °C  mixes  show  promise 
of  eventually  recovering  their  full  strength 
when  brought  back  to  room  temperature.  In 
one  study,  concrete  made  with  an  antifreeze 
admixture  and  cured  at  low  temperature  for 
up  to  1-1/2  years  gained  nearly  as  much 
strength  as  control  concrete  cured  at  room 
temperature  (Low  Temperature  Building  Sci¬ 
ences  Institute  1979).  Though  long-term  tests 
are  needed  to  verify  this,  mix  4b,  cured  at 
-10  °C,  almost  achieved  that  goal  within  the 
time  of  this  study.  Applying  this  criterion 
would  permit  concrete  to  be  placed  at  lower 
temperature  or  admixtures  to  be  used  in 
smaller  dosages  or  both. 

Regardless  of  the  criteria  used  to  qualify 
antifreeze  admixtures,  it  is  apparent  from  the 
results  that  each  mix  had  its  own  strengths  and 
weaknesses.  Calcium  nitrite  produced  con¬ 
crete  of  exceptional  strength  at  temperatures 
at  or  above  -5  °C.  Sodium  nitrite,  though  not 
as  efficient  as  calcium  nitrite  in  promoting 
strength,  produced  significant  strengths  down 
to  -10  °C.  Urea  protected  concrete  down  to 
-5  °C,  but  reduced  the  late-age  strength  of 
room-temperature  concrete. 

The  performance  of  these  three  chemicals 
may  be  improved  by  combining  them  with 


Conclusion 

Cement  hydration  will  continue  at  low  tem¬ 
peratures  provided  water  is  available.  The 
rate  of  hydration  is  dependent  on  the  presence 
of  an  admixture  with  the  ability  to  facilitate 
hydration  at  those  temperatures.  These  con¬ 
clusions  are  supported  by  the  test  results  in 
that  concrete  made  with  chemical  admixtures 
gained  appreciable  strength  at  temperatures 
significantly  below  freezing.  It  is  important 
to  realize  that  the  concrete  reached  these  low 
temperatures  within  a  few  hours  after  w  ater 
was  added  to  the  cement.  Thus,  strength  gain 
occurred  at  temperatures  damaging  to  normal, 
unprotected  concrete. 

When  one  considers  that  concrete  can  now 
be  “placed  and  maintained”  at  least  at  -10  °C 
instead  of  at  the  more  restrictive  current  limit, 
the  world  of  winter  concreting  becomes  a  bit 
more  friendly.  For  example,  repairs  to  locks 
and  dams  that  typically  have  been  done  in 
0  to  -5  °C  air  temperatures  can  now  be  made 
without  heated  enclosures.  What’s  more,  re¬ 
duced  cracking  may  well  be  an  added  benefit 
from  the  lower  placing  and  curing  tempera¬ 
tures  possible  with  antifreeze  admixtures. 

The  main  drawback  to  using  antifreeze 
admixtures  today  is  that  they  are  not  commer¬ 
cially  available.  Fortunately,  that  should  be 
remedied  soon  as  CRREL  is  working  with 
industry  to  develop  an  antifreeze  admixture 
that  will  meet  approved  standards. 
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Underwater  Repair  of  Concrete 
Using  REMR  Technical  Information 


by 

Bruce  N.  Harris,  PE1 


Abstract 

Many  Corps  of  Engineers  structures  are  reaching  an  age  at  which  rehabilitation 
is  necessary.  The  Corps  was  aware  of  the  need  to  develop  technical  information  on 
materials  and  construction  techniques  in  the  mid-1980‘s  when  the  Repair,  Evalua¬ 
tion,  Maintenance,  and  Rehabilitation  (REMR)  Research  Program  was  started. 
Today  many  REMR  Bulletins  and  Technical  Reports  are  available  to  assist  the 
engineer  with  development  of  plans  and  specifications  for  rehabilitation  of  these 
structures. 

The  rehabilitation  of  concrete  spalls  at  the  draft  tube  portals  of  Gavins  Point 
Dam  on  the  Missouri  River  used  several  REMR  Bulletins  and  Technical  Reports  to 
provide  a  durable  and  cost-effective  concrete  repair.  REMR  information  gave 
valuable  information  on  concrete  placement  technique,  installation  of  anchors,  and 
stay-in-place  forms,  all  of  which  would  be  accomplished  under  water.  The  avail¬ 
ability  of  the  REMR  information  allowed  the  underwater  repair  work  to  be  done 
quickly  and  economically  since  expensive  cofferdams  for  dewatering  and  loss  of 
power  generation  revenue  due  to  construction  of  the  cofferdams  were  not  required. 


Introduction 

Gavins  Point  Dam  is  located  on  the  Missouri 
River  near  Yankton,  South  Dakota  (Figure  1). 

It  is  the  smallest  of  the  six  Missouri  River 
main  stem  dams.  The  powerhouse  contains 
three  Kaplan  turbines  with  a  generator  rating 
of  33,333  kw  each  and  a  plant  capacity  of 
100,000  kw.  The  average  gross  head  is  45  ft. 
The  power  facilities  were  built  in  the  late 
1950’s. 

Diving  inspections  had  identified  concrete 
spalling  at  the  top  of  the  powerhouse  founda¬ 
tion  just  downstream  of  the  draft  tube  portals  at 
the  interface  with  the  tailrace  slab  (Figure  2). 


The  inspection  also  identified  concrete  spalling 
of  the  south  retaining  wall  foundation  down¬ 
stream  of  the  powerhouse  at  its  interface 
with  the  tailrace  slab  (Figure  3).  Several  void 
areas  existed  where  water  had  eroded  the  shale 
under  the  tailrace  slab  along  the  length  of  the 
retaining  wall. 

It  was  decided  to  fund  a  concrete  repair  of 
the  spalled  areas  when  inspections  indicated  the 
spalling  damage  was  increasing  in  area  and 
depth.  Another  concern  was  the  undermining 
of  the  tailrace  slab  along  the  south  retaining  wall. 

The  plans  and  specifications  would  have 
to  address  the  concrete  repair  technique 
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Figure  3.  Spall  at  south  retaining  wall 


complicated  by  the  fact  that  the  repair  would 
be  done  underwater  at  a  depth  of  approximately 
50  ft. 

Reason  for  spalling 

The  true  reason  for  the  spalling  may  not  be 
understood  completely,  but  the  following  de¬ 
scription  is  the  author’s  best  scenario.  Figure  2 
shows  the  interface  between  the  draft  tube 
portal  and  the  tailrace  slab.  The  powerhouse 
and  tailrace  slab  are  supported  on  excavated 
Niobrara  chalk  and  Carlisle  shale.  The  draft 
tube  portal  is  part  of  a  massive  monolithic 
concrete  placement  which  is  part  of  the  power¬ 
house  foundation.  The  tailrace  slab  is  a  1-ft- 
thick  free-floating  slab.  The  chalk  and  shale 
have  rebounded  over  the  years  since  the  exca¬ 
vation  for  the  powerhouse.  The  draft  tube 
portal,  being  part  of  the  heavy  powerhouse 
foundation,  has  not  rebounded  at  the  same  rate 
as  the  tailrace  slab.  The  offset  between  the 
draft  tube  portal  and  slab  varies  from  1/2-in.  to 
1-1/2  in.  (Figure  2).  It  is  interesting  to  note 
that  the  thinner  tailrace  slab  did  not  crack  and 
spall;  however,  it  is  fully  supported  by  the  re¬ 
bounding  shale.  In  time  the  water  entered  the 
cracks  of  the  concrete  causing  the  top  rein¬ 
forcement  to  rust,  and  abrasive  effects  of  rocks 
and  debris  caused  spalling  of  the  concrete  (Fig¬ 
ure  3).  Over  time  the  spalled  areas  have  in¬ 
creased  in  depth  due  to  the  continuing  abrasive 
effects  of  rocks  and  debris  over  the  concrete 
surfaces  during  plant  operation.  The  cause  of 


the  spalling  along  the  south  retaining  wall  is 
similar. 

Reason  for  repair 

For  those  who  participate  in  annual  or  peri¬ 
odic  inspections,  seeing  spalled  concrete  is  not 
always  that  much  of  a  concern.  However,  in 
this  case,  the  spalled  areas  have  been  monitored 
over  the  years  by  diving  and/or  underwater  cam¬ 
era  inspections  and  have  recently  accelerated 
in  depth  and  width.  The  major  concern  was 
undermining  the  tailrace  slab  since  the  depth 
of  spalling  was  getting  to  be  the  same  as  the 
slab  thickness.  The  tailrace  slab  along  the 
south  retaining  wall  had  several  areas  where 
the  chalk  and  shale  had  been  eroded  by  the 
water  discharged  through  the  draft  tube  portals, 
causing  a  void  under  the  slab. 

Proposed  repair 

The  US  Army  Engineer  District,  Omaha, 
Foundation  and  Materials  Section  contacted  the 
US  Army  Engineer  Waterways  Experiment  Sta¬ 
tion  (WES)  to  discuss  the  spalling  problem  and 
methods  of  repair.  The  REMR  Bulletins  and 
Technical  Reports  referenced  at  the  end  of  this 
paper  were  helpful  in  preparing  the  construction 
documents  of  die  selected  repair  method. 

The  main  goals  of  repairing  the  concrete 
spalled  areas  and  filling  the  void  areas  were  ob¬ 
vious.  However,  the  construction  techniques 
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and  material  selections  based  on  that  construe-  anchored  for  the  grouting,  it  was  decided  to 

tion  were  another  story.  The  two  basic  con-  keep  the  steel  plates  as  an  added  assurance  to 

struction  techniques  applicable  to  this  repair  prevent  future  abrasion  of  the  draft  tube  portal 

were  constructing  it  in  the  dry  or  under  water.  concrete  repair. 

It  was  felt  that  the  repair  done  in  the  dry  The  precast  concrete  units  were  used  as  a 

would  be  the  best.  To  accomplish  the  repair  form  similar  to  the  steel  plates  along  the  south 

in  the  dry,  a  cofferdam  attached  to  the  power-  retaining  wall  (Berger/Abam  Engineers  1989). 

house  wall  and  south  retaining  wall  would  be  The  reason  for  the  precast  units  instead  of  the 
required.  The  cofferdam  would  have  to  be  steel  plates  was  that  the  offset  between  the  re- 

approximately  55  ft  high  since  the  water  in  taming  wall  foundation  and  the  tailrace  slab 

the  tailrace  area  is  approximately  50  ft  deep.  was  nearly  1  ft.  To  make  up  for  the  large  off- 

Even  though  this  method  was  felt  to  provide  set  and  allow  for  some  future  tailrace  slab  re- 

the  best  repair,  the  cost  of  the  cofferdam  and  bound,  15-in.-thick  precast  concrete  units  were 

powerplant  outage  for  this  construction  tech-  used  (Figure  5).  The  tailrace  slab  downstream 

nique  were  too  great.  Therefore,  underwater  of  the  powerhouse  was  rebounding  over  ten 
repair  was  selected.  times  more  than  the  area  adjacent  to  the  draft 

tube  portal.  This  could  be  attributed  to  the  pow- 

The  underwater  repair  consisted  of  cleaning  erhouse  weight  reducing  the  tailrace  slab  re- 
the  spalled  concrete  surfaces  free  from  drummy  bound  near  the  draft  tube  portal  and  permitting 
rock  and  loose  semidetached  or  unsound  frag-  more  rebound  downstream  of  the  powerhouse 

ments,  positioning  underwater  preplaced  aggre-  where  its  weight  has  less  downward  effect, 
gate  covered  by  anchored  steel  or  precast 

concrete  units,  and  injecting  grout  through  in-  Another  special  feature  of  this  repair  for 

jection  pipes  through  the  steel  plates  or  precast  which  the  REMR  information  gave  good  in¬ 
concrete  units  to  fill  all  voids  in  the  aggregate  sight  was  in  the  anchoring  of  the  steel  plates 

(Figures  4  and  5).  The  voids  under  the  tailrace  and  precast  concrete  units.  The  selection  of 

slab  were  also  filled  in  the  same  manner  as  the  anchors  was  important  if  the  plates  were 

spalls.  All  the  work  could  be  done  by  divers  going  to  stay  in  place  when  the  powerplant 

under  water.  was  placed  back  in  operation.  Expansion  an¬ 

chors  were  not  used  since  the  hydrodynamic 

The  steel  plate  was  used  as  the  form  for  forces  on  the  plates  would  be  vibratory;  there- 

the  top  surface  of  the  preplaced  aggregate  fore,  adhesive  anchors  were  selected  for  use. 

concrete  repair.  The 
plate  was  anchored  to  the 
sound  concrete  around 
and  below  the  spalled  area 
to  act  as  a  rigid  form, 
since  the  grout  would  be 
placed  under  pressure  to 
displace  the  water  in  the 
aggregate  voids.  It  was 
felt  that  the  concrete  re¬ 
pair  would  bond  well  with 
the  cleaned  existing  con¬ 
crete  and  would  be  dura¬ 
ble  in  the  abrasive 
environment  without  any 
metal  armoring.  How¬ 
ever,  since  a  form  was 

needed  and  had  to  be  Figure  4.  Repaired  spall  of  draft  tube  portal 
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Figure  5.  Repaired  spall  at  south  retaining  wall 


REMR  information  stated  that  adhesive  an¬ 
chors  installed  under  submerged  conditions 
had  an  average  tensile  capacity  75  percent 
less  than  anchors  installed  in  the  dry  (Best 
and  McDonald  1990).  The  reason  for  the  re¬ 
duced  tensile  strength  for  submerged  condi¬ 
tions  is  the  mixing  of  the  resin  and  water  in 
the  drill  hole  (McDonald  1988).  The  contrac¬ 
tor  on  this  project  worked  with  Hilti,  Inc., 
who  in  turn  had  worked  with  WES  to  develop 
a  procedure  to  solve  the  problem  of  the  water 


mixing  with  the  resin.  The  procedure  basi¬ 
cally  uses  a  doweling  adhesive  called  C-100 
in  bulk  that  fills  the  hole  approximately  half 
full.  A  vinylestcr  resin  capsule  is  inserted  into 
the  hole  allowing  the  C-100  to  displace  the 
water.  Now  the  two-part  capsule  can  be  broken 
by  the  threaded  anchor  rod  and  mixed  without 
water  being  present  (Figure  6)  (McDonald 
1990).  Tests  on  tensile  strengths  using  this  pro¬ 
cedure  have  yielded  nearly  the  same  capacities 
as  those  tested  after  installation  in  dry  conditions. 
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.  J  CONCRETE 


VJNY1.ESTGR  RESIN 
(C  100) 


□ 


V1NYVE5TER  RES* 
(C  100) 

VWYTLESTER  RESIN 
(CAPSULE) 


a.  Stepl 


b.  Step  2 


Figure  6.  Anchor  installation  procedure  (from  McDonald  1990) 

Material  for  repair 

The  following  materials  were  used  in  the 
repair: 


Steel  Plate 
Precast  Concrete 

Preplaced  Aggregate 


Seive  Size 


No.  8 
No.  16 
No.  30 
No.  50 
No.  100 
No.  200 


Sieve  Size,  in. 


Cement  Grout  Portland  Cement 

Pozzolan 

Fluidifier 

Preplaced  Aggregate  Concrete 
Maximum  Water-Cement  Ratio 
Air  Content 

Cement  Grout  Flow  Consistency 
Adhesive  Anchor 


ASTM  A-36  (ASTM  1989d) 

Compressive  Strength  (28  days)  5,000  psi 
Reinforcing  Bars  ASTM  A-615,  Grade  60  (ASTM  1989a) 
ASTM  C-33  (ASTM  1990) 


Fine  Aggregate* 


Percent  by  Weight,  Passing 


100 
95-100 
55-  80 
30-  55 
10-  30 
0-  10 


Coarse  Aggregates 


Cumulative 


100 
90-100 
20-55 
0-10 
0-  1 


ASTM  C-150,  Type  I  or  II  (ASTM  1989c) 

ASTM  C-618,  Class  C  or  F  (ASTM  1989b) 

CRD-C-619  (WES  1985) 

Compressive  Strength  (28  days)  4,000  psi 
0.50 

ASTM  C-231  (ASTM  1989e)  within  15  minutes  after  mixing  9.0  ±  1 .0  percen 
18.0  ±  2.0  seconds  when  tested  in  accordance  with  CRD-C-611  (WES  1989, 
1-1/4-in. -diameter  4140  threaded  rods  set  in  1-1/4  by  15-in.  HEA  capsules 
and  C-100  vinylester  adhesive. 
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Completion  of  work 

Repair  work  of  the  type  discussed  in  this 
paper  requires  close  coordination  with  regula¬ 
tory,  environmental,  and  power  administra¬ 
tions.  These  groups  are  normally  affected  by 
the  total  shutdown  of  all  power  units. 

In  this  repair  the  power  units  were  shut 
down  for  a  period  of  14  consecutive  days,  dur¬ 
ing  which  time  the  contractor  could  schedule 
and  accomplish  all  of  the  underwater  construc¬ 
tion  activities.  No  time  extensions  to  the  shut¬ 
down  period  were  granted  due  to  adverse 
weather  conditions. 

If  the  contractor  failed  to  complete  the 
underwater  construction  activities  within  the 
14-day  power  unit  shutdown,  resulting  in  an 
extension  of  the  shutdown  period,  the  contrac¬ 
tor  would  have  to  pay  the  Government  $36,000 
for  each  additional  day  as  liquidated  damages. 
Conversely,  the  contractor  was  given  an  in¬ 
centive  for  completing  the  underwater  con¬ 
struction  activities  in  a  satisfactory  manner  in 
less  than  14  days.  The  contractor  could  re¬ 
ceive  $18,000  per  day  (1/4-day  increments) 
up  to  a  maximum  of  4  days  for  completing 
the  project  earlier  than  the  14  days. 

The  contractor  was  very  conscientious  and 
completed  the  project  3-1/2  days  early.  To  ac¬ 
complish  this  the  contractor  went  through  every 
procedural  step  with  his  crews  on  land  so  that  the 
only  variable  would  be  the  underwater  aspects. 
Cement  grout  was  prepackaged  to  assure  proper 
proportioning.  The  Contractor  had  several  div¬ 
ing  crews  that  allowed  him  to  work  24  hours  a 
day.  The  Corps  monitored  the  materia!  quanti 
ties  to  assure  all  spalls  and  voids  were  being 
filled.  An  independent  diving  company  was 
used  to  assure  work  was  completed  satisfactorily. 

Conclusion 

Materials  and  procedures  have  been  devel¬ 
oped  to  repair  concrete  under  water  with  good 
results.  Repair  of  concrete  under  water  is 
very  attractive  given  the  cost  of  cofferdams 
that  allow  the  repair  to  be  done  in  the  dry. 

The  installation  of  adhesive  anchors  under 


submerged  conditions  must  follow  a  proce¬ 
dure  where  water  is  removed  from  the  hole  so 
mixing  of  water  and  resin  will  not  occur. 
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CORPS/CASE/GCASE  Program  Demos 


by 

H.  Wayne  Jones 1 


The  Conversationally  Oriented  Real-Time 
Programming  System  (CORPS)  library  con¬ 
tains  approximately  200  design/analysis  pro¬ 
grams  in  hydraulics,  soils,  structures,  and 
other  areas  of  civil  engineering.  The  CORPS, 
which  uses  existing  field-developed  applica¬ 
tion  programs,  is  operated  by  the  Scientific  and 
Engineering  Applications  Center,  Computer- 
Aided  Engineering  Division,  Information 
Technology  Laboratory,  US  Army  Engineer 
Waterways  Experiment  Station,  under  the  di¬ 
rection  of  the  Engineering  and  Construction 
Directorate,  Headquarters,  US  Army  Corps  of 
Engineers. 


CADD  workstations,  and  the  commercial  ven¬ 
dor  Power  Computing. 

The  CORPS  library  programs  have  uni¬ 
form  execution,  input,  and  output  procedures. 
They  are  well  documented  and  technically 
supported.  The  CORPS  has  proven  to  be  a 
valuable  asset  to  Corps  engineers  in  their  de¬ 
sign  and  analysis  functions.  All  CASE  and 
GCASE  programs  become  part  of  the  CORPS 
library  when  completed. 

Demos  will  be  available  for  the  following 
CASE/GCASE  programs: 


The  mission  of  CORPS  is  to  provide  the 
noncomputer-oriented  engineering  with  a  set 
of  proven  engineering  application  programs, 
which  are  available  Corps-wide  on  a  variety 
of  computer  hardware.  The  CORPS  is  avail¬ 
able  on  Division  Honeywell,  District  Harris, 
the  CEAP  computers,  IBM  PC/XT/AT  and 
compatible  microcomputers,  Intergraph 


3DSTAB 

CTWALL 

ARCHDAM 

CPGA 

CASM 

CWALSHT 

CFRAME 


CBEAR 

CSETT 

CSLIDE 

CSANDSET 

UTEXAS2 

FE/SEEPAGE 


1  Civil  Engineer,  Information  Technology  Laboratory,  US  Army  Engineer  Waterways  Experiment 
Station,  Vicksburg,  MS. 
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CASE  Arch  Dam  Workstation  Workshop 

by 

I  *7 

H.  Wayne  Jones  and  William  Wigner 


Abstract 

The  Jacksonville  District  is  currently  completing  the  design  of  Portugues  Dam, 
the  first  arch  dam  to  be  designed  by  the  Corps  of  Engineers.  In  order  to  capture  the 
expertise  developed  during  this  design  effort,  the  CASE  Special  Task  Group  on  Arch 
Dams  was  formed  to  assimilate  the  knowledge  gained  and  to  develop  a  set  of  tools 
that  can  be  easily  used  by  other  Corps  offices.  It  was  decided  that  this  could  be  best 
accomplished  by  developing  an  Arch  Dam  Workstation.  To  do  this  an  integrated 
software  system  is  being  developed  which  automates  ( 1)  the  initial  geometry  layout 
and  static  design  of  the  arch  dam  using  the  trail-load  method,  (2)  the  final  static 
and  dynamic  analysis  of  the  dam,  reservoir,  and  the  foundation  system  using  the 
finite  element  method,  and  (3)  the  graphical  display  of  the  results.  This  workstation 
is  a  new  approach  to  engineering  design  and  analysis  by  the  CASE  project  and  will 
only  be  used  under  a  select  set  of  circumstances.  This  workshop  follows  the  use  of 
the  workstation  to  perform  layout  and  analysis  of  a  simple  arch  dam. 


1  Civil  Engineer,  Information  Technology  Laboratory,  US  Army  Engineer  Waterways  Experiment 
Station,  Vicksburg,  MS. 

2  Civil  Engineer,  US  Army  Engineer  District,  Jacksonville;  Jacksonville,  FL. 
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Computer-Aided  Structural  Modeling  (CASM) 


by 

Mike  Pace' 


Abstract 

The  Computer-Aided  Structural  Modeling  (CASM)  computer  program  is  de¬ 
signed  to  aid  the  structural  engineer  in  the  preliminary  design  and  evaluation  of 
structural  building  systems  by  the  use  of  3-D  interactive  graphics.  CASM  allows  the 
structural  engineer  to  quickly  evaluate  various  framing  alternatives  in  order  to  make 
more  informed  decisions  in  the  initial  structural  evaluation  process.  The  program 
was  developed  by  the  Information  Technology  Laboratory  under  the  Computer- 
Aided  Structural  Engineering  (CASE)  project  in  conjunction  with  the  Building 
Systems  Task  Group. 

The  demonstration  will  be  partly  automated  (either  using  GRASP  or  Windows 
macro  recorder  feature)  and  partly  live.  The  main  functions  of  the  program  to  be 
covered  (to  give  the  potential  user  a  broad  idea  of  what  the  program  does)  are: 

•  Basic  Design  Criteria.  The  user  can  enter  information  directly  or  retrieve 
information  from  a  user  definable  database.  The  design  criteria  include 
information  about  the  project,  regional  design  information,  and  site-specific 
design  information. 

•  Building  Geometry.  The  user  can  assemble  the  building  shape  using  3D 
primitives  (cubes,  prisms,  spheres,  cylinders,  etc.)  in  an  easy  manner  using 
pull-down  menus,  icons,  and  a  mouse. 

•  Dead  and  Live  Loads.  The  user  can  select  and  construct  dead  and  live  loads 
from  several  user  definable  menus  of  building  materials  and  load  conditions. 
These  loads  can  then  be  applied  to  any  desired  area  of  the  building  volume. 

•  Snow  and  Wind  Loads.  These  loads  are  automatically  calculated  in  3D 
using  information  from  the  Basic  Design  Criteria  database.  Wind  loads  are 
also  calculated  for  components  and  cladding  and  open  roof  structures. 

•  Structural  Layout.  The  engineer  can  easily  and  rapidly  experiment  with 
various  framing  schemes  inside  the  defined  building  volume.  Beams,  girders, 
joists,  girts,  columns,  and  walls  are  some  of  the  structural  elements  that  can 
be  modeled. 

•  Member  Analysis  and  Preliminary  Sizing.  The  user  can  apply  loads  to  the 
building  geometry  from  a  list  of  user-defined  load  cases.  The  shear,  moment, 
and  deflection  of  selected  members  may  be  calculated  for  various  loading 


1  Civil  Engineer,  Information  Technology  Laboratory,  US  Army  Engineer  Waterways  Experiment 
Station,  Vicksburg,  MS. 
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conditions  (including  pattern  loads)  and  connectivity  ( including  continuous 
beams).  The  design  of  a  member  is  performed  using  a  spreadsheet. 

The  above  functions  will  be  demonstrated  by  taking  a  typical  building  example 
and  progressing  through  the  building  system  selection. 
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SAS  Software  System 


by 

Dr.  Mary  Ann  Leggett 1 


SAS  System  is  a  fully  integrated  data  man¬ 
agement  tool  for  analyzing  data  and  generat¬ 
ing  reports.  The  software  consists  of  the 
following  separate  modules: 

•  BASE:  used  to  store,  retrieve,  and  modify 
data;  compute  simple  statistics;  and  cre¬ 
ate  reports.  DIF(Lotus)  and  DBF(dBase) 
files  can  be  used  as  input. 

•  STAT:  comprehensive  statistical  package. 

•  GRAPH:  high-resolution  graphical 
package  capable  of  producing  charts, 
plots,  contour  plots,  slides,  maps,  and  fonts. 

•  ETS:  time  series  and  econometric  pack¬ 
age. 

•  OR:  project  management  package 
which  includes  linear  programming  and 
operations  research  functions. 

•  QC:  experimental  design  and  quality 
control  package. 

•  IML:  interactive  matrix  language  package. 


•  FSP:  full-screen  information  processing 
package  whichincludes  menu  building 
routines  for  data  entry,  editing,  ietter  writ¬ 
ing,  and  spreadsheets. 

•  AF:  interactive  menu  building  package 
for  applications  developers  to  build  custo¬ 
mized  packages. 

•  RTERM:  terminal  emulator  package. 

•  ASSIST:  menu-driven,  multifunction  in¬ 
terface  to  SAS’s  most  widely  used  capa¬ 
bilities.  SAS  program  is  automatically 
built  as  one  chooses  from  the  menus;  this 
file  can  be  viewed,  stored,  and  edited  for 
later  use. 

PC  demonstration  will  present  examples 
using  each  of  these  modules  applied  to  engi¬ 
neering  problems  with  emphasis  on  structural 
applications.  Handouts  for  each  module  will 
be  provided,  along  with  information  on  avail¬ 
ability  of  the  SAS  software  system  through 
the  COE  site  license. 


) 


Information  Technology  Laboratory,  US  Army  Engineer  Waterways  Experiment  Station,  Vicksburg, 
MS. 


CESEC91 


Leggett 


735 


Expected  Stresses  in  Dolos  Armor  Units 

by 

Tommy  L.  Bevins 1 


Abstract 

As  part  of  the  Crescent  Dolos  Study  conducted  by  the  US  Army  Engineer 
Waterways  Experiment  Station,  a  design  guideline  is  being  developed  for  dolosse. 
The  work  in  this  report  estimates  the  static  stress  levels  and  gives  recommendations 
for  the  maximum  size  of  armor  unit  that  can  be  used.  An  engineer  can  use  this 
information  in  the  preliminary  design  phase  of  a  breakwater. 

Static  stress  levels  for  dolosse  are  calculated  using  finite  element  analyses.  These 
stresses  are  then  used  to  establish  the  maximum  size  that  can  be  used  for  an 
unreinforced  dolos.  The  maximum,  or  critical,  size  for  static  stresses  is  when  the 
static  stresses  exceed  an  acceptable  level.  This  level  must  leave  sufficient  strength 
for  the  dolos  to  resist  the  pulsating  forces  generated  by  wave  action. 

The  analysis  is  a  pseudo  Monte  Carlo  simulation.  Several  support  conditions 
and  orientations  of  an  individual  dolos  are  used  in  the  calculations.  The  support 
conditions  were  preselected  to  represent  typical  support  conditions  seen  on  a 
breakwater  and  to  represent  extreme  support  conditions. 

The  final  result  from  this  work  is  critical  size  plots  with  an  associated  confidence 
level.  These  plots  would  allow  the  engineer  to  estimate  the  static  stresses  for  the 
dolos  size  being  used  and  determine  if  dolosse  are  a  practical  design  for  this 
breakwater. 
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Airblast  Prediction  for  Enclosed  Spaces 


by 

Timothy  Knight 1 


Abstract 

Accurate  airblast  prediction  is  a  particularly  difficult  problem  in  enclosed  spaces 
such  as  rooms  and  ducts  because  of  the  complex  interaction  of  multiple  waves.  Two 
computer  programs  that  have  been  developed  to  help  in  this  area  are  the  SPIDS  and 
BLASTX. 

The  Shock  Propagation  in  Ducting  Systems  (SPIDS)  program  is  a  first  principles 
hydrodynamic  code  that  can  trace  the  one-dimensional  propagation  of  airshock 
throughout  a  multibranched  duct  system.  The  program  is  applicable  to  a  wide 
variety  of  problems  from  small  air  pipes  to  large  tunnels.  The  program  can  model 
real  gas  behavior  at  high  pressures  and  temperatures  and  can  accurately  account 
for  multiple  wave  interactions  within  a  duct.  The  program  is  IBM  PC  compatible, 
has  interactive  pre-  and  post-processors,  and  can  give  a  wide  variety  of  graphical 
outputs  to  the  screen  or  plotter. 

The  BLASTX  computer  program  predicts  internal  airblast  effects  for  a  single 
room  or  series  of  interconnected  rooms  due  to  either  external  or  internal  explosions. 
The  combined  effects  of  the  multiple  reflected  and  diffracted  shock  waves  as  well  as 
the  detonation  product  gas  pressure  environment  are  predicted.  The  code  is  IBM 
PC  compatible,  uses  “ Key  word"  file  input,  and  outputs  the  pressure  history  at  any 
selected  target  point  as  well  as  the  average  pressure  history  over  a  grid  of  target 
points. 
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Nonlinear  Analysis  Technology 


by 

Bruce  Walton 1 


Abstract 

The  design  of  structures  subjected  to  loads  from  weapons  and  accidental  explo¬ 
sions  usually  involves  a  nonlinear  dynamic  analysis.  This  paper  will  discuss  non¬ 
linear  analysis  using  the  general  purpose  ADINA  computer  code.  Both  geometric 
and  material  nonlinearities  will  be  discussed.  The  paper  will  focus  on  the  nonlinear 
analysis  of  reinforced  concrete  structures  and  will  illustrate  the  modeling  of  tension 
cracking  and  compression  crushing  of  concrete  and  plastic  behavior  of  reinforcing 
steel.  Example  problems  will  be  presented  that  cover  both  model  development  and 
calculation  results. 
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A  Personal  Perspective  to  the  Corps’  Modernization 
of  Civil  Works  Guidance  Criteria 


by 

Thomas  J.  Mudd,  PE1 


A  Personal  Perspective 

Personal  Reminiscences 
Using  Corps  Guidance 

During  my  assignment  to  the  St.  Louis  Dis¬ 
trict,  in  1969,  very  early  in  my  professional 
career,  Richard  Armstrong  took  the  initiative 
to  create  and  teach  a  graduate  level  course 
called  CE435  “Design  of  Hydraulic  Struc¬ 
tures.”  I  remember  that  Dick  assigned  me  the 
task  of  carrying  about  30  copies  of  all  the 
Corps’  structural  engineering  manuals  (EM’s) 
to  be  used  by  the  students  as  the  “textbook” 
for  the  course.  From  the  US  Army  Engineer 
Waterways  Experiment  Station  (WES)  to 
St.  Louis,  that  suitcase  split  at  the  seams  and 
was  never  the  same  again.  Of  course,  all  the 
structural  engineers  that  worked  with  Dick  in 
St.  Louis  were  expected  to  sign  up  for  this 
course.  This  was  a  very  enlightening  semester, 
as  most  of  us  young,  but  know-it-all,  structural 
engineers  had  not  thoroughly  studied  the 
Corps’  EM’s  unless  we  were  obliged  to  use  one 
during  a  particular  design  assignment.  I  re¬ 
member  some  very  spirited  discussions,  both 
in  the  class  and  afterwards  at  the  local  water¬ 
ing  holes,  concerning  the  state  of  the  guid¬ 
ance  contained  in  these  manuals.  Although 
the  guidance  was  mandated  for  our  specialties 
in  designing  hydraulic  structures  such  as 
flood  walls,  pump  stations,  gravity  dams,  con¬ 
duits,  tunnels,  and  navigation  structures,  it 
did  not  address  some  of  the  computerized 
technology  just  entering  the  design  environ¬ 
ment,  such  as  Finite  element  analysis,  nonlin¬ 
ear  analysis,  soil -structure  interaction,  pile 


foundation  analysis,  and  design  of  cofferdams. 
Considering  the  state  of  the  technology,  we 
believed  that  the  Corps’  guidance  was  the 
best  available  at  that  time  and  allowed  safe, 
conservative  designs  based  on  precedent  de¬ 
veloped  from  accumulated  knowledge  and 
experience.  Most  of  the  current  industry 
structural  codes,  textbooks,  and  guidance  were 
orientated  towards  building,  highway,  and  rail¬ 
road-type  work.  That  was  fine  for  bridges  and 
buildings,  but  if  you  needed  to  design  a  dam,  a 
tainter  gate  (named  after  Captain  Taintor),  or 
navigation  lock,  we  had  to  use  the  Corps’ 
criteria.  The  St.  Louis  District  (SLD)  hired 
a  Professor,  Dr.  Joseph  E.  Bowles,  who 
worked  the  summer  of  1968,  and  he  used  his 
time  with  us  rather  productively  to  gather  ev¬ 
erything  he  could  about  Corps  criteria  and  de¬ 
sign  procedures.  He  later  used  much  of  the 
Corps’  examples  to  publish  a  very  popular 
textbook,  Foundation  Analysis  and  Design, 
using  and  embellishing  on  this  Corps  mate¬ 
rial.  Dr.  Bowles’  book  entered  our  design  rep¬ 
ertoire  as  some  state -of-the-practice  guidance 
for  soil-structure  interaction  analysis  and  de¬ 
sign.  Much  of  that  same  Corps  guidance  is 
still  with  us  today,  some  20  years  later,  as  evi¬ 
denced  by  the  average  age  of  the  civil  works 
structural  documents  being  over  20  years  old. 
New  guidance  has  evolved  on  an  ad  hoc  basis 
for  specific  use  on  projects  such  as  the  Locks 
and  Dam  No.  26  (Replacement)  project 
which,  for  over  20  years,  I  had  a  major  role  in 
formulating.  Project  funds  of  over  $10  mil¬ 
lion  were  invested  to  develop  project-specific 
technology  and  criteria  necessary  to  validate 
the  design.  This  cutting  edge  of  technology 


1  Program  Manager,  Civil  Works  Guidance  Update  Program,  Information  Technology  Laboratory.  US 
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development  is  currently  providing  a  basis  for 
Corps-wide  use  through  implementation  into 
the  Civil  Works  Guidance  Update  Program. 

Evolution  In 

Engineering  Technology 

The  Old  Way  or  the  Moment-of-Inertia 
Method.  My  mentors,  the  late  patriarchal  en¬ 
gineers  (“Old  Fudds”),  among  them  Bill  Stehle 
(Big  Daddy  Warbucks),  were  wizards  in  using 
the  moment-of-inertia  method  to  analyze  every¬ 
thing  from  internal  stresses  in  concrete  and 
steel,  to  design  of  group  pile  foundations,  to  the 
stability  analysis  of  gravity  locks  and  dams. 

Equation  for  Moment-of-inertia  Method 
for  Stresses: 

f_P  ,MC  (1) 

A  ~  I 

In  their  younger  days  these  older  engineers 
designed  the  entire  Upper  Mississippi  River 
Navigation  System  (during  the  1930’s  some 
28  locks  and  dams)  using  this  simple  little 
equation,  although  the  numbers  crunched 
were  monumental.  I  also  used  this  method  to 
analyze  and  design  the  soil  founded  U-frame 
Kaskaskia  Lock  during  the  1960’s. 

Our  Unworldly  World  of  Engineering. 

During  our  younger  days,  structures  were  as¬ 
sumed  as  rigid  hunks  or  bodies  that  did  not  in¬ 
teract  with  surrounding  media  such  as  soil  or 
water  other  than  as  supporting  assumed  or  fic¬ 
titious  soil,  fluid,  or  gravity  loads  acting  on 
these  rigid  bodies.  These  unworldly  structures 
magically  appeared  at  the  end  of  construction 
for  the  loads  to  be  instantly  turned  on.  I  think 
we  were  suffering  from  a  severe  case  of  real¬ 
ity  denial  in  this  simplified  linear  elastic 
world,  but  we  believed  at  that  time  that  we 
were  truly  applying  science  to  solve  technologi¬ 
cal  problems  and  were  real  hotshot  engineers 
(we  were  known  as  the  “young  studs”).  In  re¬ 
ality  we  were  dealing  with  a  world  that  creeped 
and  flowed,  that  behaved  nonelastically  and 
noniinearly,  whose  material  properties  changed 
with  time  and  temperature,  and  which  was 


constructed  in  little  increments  over  periods 
of  time.  Since  most  structures  for  design  pur¬ 
poses  were  assumed  simply  supported,  rigid,  or 
elastic,  we  did  not  have  to  worry  about  mate¬ 
rial  properties  or  deformations  nor  follow  real- 
world  rules.  Analysis  calculations  were  both 
long  and  tedious  to  perform  with  slide  rules, 
and  if  you  were  lucky,  you  might  have  had  ac¬ 
cess  to  a  rotary  calculator  with  a  back  transfer 
to  perform  chain  multiplication.  To  analyze  a 
simple  frame  with  sidesway-by-moment  distri¬ 
bution  took  a  few  days,  and  to  analyze  and  de¬ 
sign  a  three-dimensional  (3-D)  gravity  dam 
abutment  overflow  monolith  for  sliding  and 
overturning  took  months  and  filled  several 
notebooks  with  calculations.  Does  anyone  re¬ 
member  the  “relaxation  method”  for  solving 
many  degree-of-freedom  redundant  structural 
systems?  What  saved  us  from  calamity  was 
that  our  predecessors  had  used  the  same  meth¬ 
ods  for  decades  and,  in  the  main,  produced  safe 
but  maybe  conservative  designs.  When  there 
were  failures,  the  authorities  made  rectifications 
to  either  the  codes,  guidance,  criteria,  standards, 
or  procedures  to  preclude  future  predicaments. 
Thus,  in  those  days,  we  were  the  beneficiary  of 
these  previous  decades  of  accumulated  experi¬ 
ence,  mistakes,  and  modification,  and  increas¬ 
ingly  larger  safety  factors  to  deal  with  our 
uncertainty.  We  learned  these  valuable  lessons 
from  our  mentors,  the  older  engineers,  during 
these  days.  I  feel  an  obligation  to  pass  our  accu¬ 
mulated  knowledge  on  to  the  next  generation  as 
they  did  for  us,  and  the  Guidance  Update  Pro¬ 
gram  is  a  golden  opportunity  to  do  so. 

The  Revolutionary  World  of  Technology. 

Most  of  my  contemporaries  at  that  time  had 
graduated  from  college  without  hearing  the 
word  computer  mentioned  or  technology 
associated  with  automated  analysis  and  design 
procedures.  I  remember  that  my  Professor  at 
St.  Louis  University  (and  later  to  become  my 
boss.  Chief  of  the  Structural  Section,  SLD, 

Dr.  James  Cronin)  who  taught  our  undergradu¬ 
ate  class  on  structural  analysis  derived  a  set 
of  slope  stability  equations  using  matrix  meth¬ 
ods.  We  did  not  comprehend  and  lost  interest 
in  these  concepts  then.  Dr.  Cronin  had  cau¬ 
tioned  us  that  these  techniques  were  impractical 
to  solve  by  hand  and  would  require  a  computer. 
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This  being  the  1950’s,  these  computers  had 
not  yet  been  invented.  However,  we  were  for¬ 
tunate  that  the  University  of  Missouri  at  Rolla 
in  the  1960’s  started  a  night  school  Civil  En¬ 
gineering  Graduate  Program  in  St.  Louis 
about  the  same  time  as  the  District  acquired  a 
RCA  301  computer  (6,000  words  of  memory 
and  six  tape  drives).  This  became  available 
to  the  structural  designers.  I  once  solved  a 
49-degree-of-freedom  stiffness  matrix  for  de¬ 
flections,  modeling  a  guide  wail,  nine-member 
steel  grillage,  in  about  26  hours  on  this  RCA 
301.  From  these  professors  that  traveled  to 
St.  Louis  from  Rolla,  MO,  we  learned  to  solve 
complex  plate,  frame,  grid,  and  truss  systems 
with  many  degrees  of  freedom  using  compu¬ 
terized  stiffness  matrix  and  finite  difference 
methods.  Finite  element  analysis  and  soil- 
structure  interaction  were  taught  along  with 
the  numerical  algorithms  and  programming 
skills  to  use  computers  to  solve  these  prob¬ 
lems.  We  started  using  and  writing  programs 
to  automate  our  work.  Those  were  exciting  pi¬ 
oneering  times  for  a  young  structural  engineer, 
as  we  relearned  and  reinvented  our  structural 
engineering  trade.  In  1970, 1  wrote  a  pile  foun¬ 
dation  analysis  program  using  matrix  stiffness 
methods,  which  is  still  being  used,  although  it 
has  since  evolved  into  the  CASE  program 
CPGA.  The  example  equations  shown  in 
Equations  2  through  5  embody  stiffness  matrix 
methods,  finite  difference  solutions,  and  soil- 
structure  interaction.  These  were  revolution¬ 
ary  ideas,  not  incorporated  into  our  official 
guidance,  which  in  turn  presented  difficulties 
to  our  review  authorities  when  we  submitted 
designs  based  on  these  concepts.  These  older, 
wiser,  more  experienced  engineers  were  natu¬ 
rally  skeptical  of  these  new-fangled,  unproven 
notions,  since  through  their  experience,  they 
were  more  comfortable  with  the  old  tried  and 
true  moment-of-inertia  or  graphical  methods. 

Pile-soil  interaction  stiffness  constant: 


Relative  stiffness  factor  -  pile-soil  interaction: 


(3) 


Pile-group  stiffness  matrix: 
n 

[SW  =  I  iciiHiby.^cf 

i=! 


(4) 


Pile-group  deflections: 
[A]  =  [Sf'lQ] 


Experiences  in  the  Use 
of  Corps  Guidance 

Pile  foundations.  We  needed  realistic  pile 
group  foundation  design  methodology  and  guid¬ 
ance  because  we  were  charged  with  the  design 
of  a  billion  dollar  (current  costs)  Lock  and 
Dam  (L&D)  No.  26  (Replacement)  across  the 
Mississippi  River,  now  called  Melvin  T.  Price 
Locks  and  Dam.  Nowhere  in  the  EM  on  pile 
foundations  (EM  1 1 10-2-2906,  “Design  of 
Pile  Structures  and  Foundations,”  1958L 
could  we  find  useful  guidance  for  the  analysis 
and  design  of  groups  of  vertical  and  battered 
piles  supporting  rigid  and  flexible  structures. 
This  guidance  was  necessary  to  design  the 
30,000  steel  H-piles  for  the  foundations  for 
this  structure  across  the  Mississippi  River.  A 
major  program  of  site-specific,  experimental, 
theoretical,  and  load  testing  had  been  done  on 
the  pile  foundations  for  the  Arkansas  River 
Project  on  L&D  No.  4.  After  construction  of 
these  L&D's,  the  engineers,  based  on  their  ex¬ 
periences,  drafted  a  new  EM  for  the  analysis 
and  design  of  pile  foundations.  However,  be¬ 
fore  it  was  made  final,  this  excellent  design 
group  in  the  Southwest  Division  was  dis¬ 
banded  and  the  draft  was  never  finished.  As  a 
consequence,  we  in  SLD  had  to  recreate  the 
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IDEALIZATION  OF  ELASTIC  PILE  •  STRUCTURE  RESPONSE 
BY  REPLACEMENT  WITH  EQUIVALENT  ELASTIC  SPRINGS 


Figure  1.  Pile-structure  interaction  model 


guidance  for  L&D  No. 

26(R),  then  propose  and 
educate  our  higher  author¬ 
ity  on  the  relevance  of 
this  proposed  criteria  and 
procedures  that  incorpo¬ 
rated  soil-pile-structure  in¬ 
teraction  (SSI)  (Figures  1 
and  2).  We  received  com¬ 
ments  to  the  effect  that 
considering  soil-pile  inter¬ 
action  was  too  uncertain, 
and  that  the  soil  around 
the  piles  should  be  ig¬ 
nored  (nh  =  0  in  the  anal¬ 
ysis).  Not  only  being 
theoretically  incorrect  (a 
foundation  of  vertical  fric¬ 
tion  piles  would  be  unsta¬ 
ble),  it  would  also  require 
significantly  more  pile  to 
satisfy  this  simplified,  over-conservative  pile 
stress  design  criteria  and  cost  several  million 
dollars  more.  After  much  debate,  we  did  con¬ 
vince  our  higher  authority  to  follow  our  ways 
and  the  proposed  SSI  criteria  and  procedures 
were  accepted.  Through  literature  searches 
and  our  previous  attendance  at  specialty  con¬ 
ferences,  we  discovered  that  the  University  of 


Texas  group  under  Dr.  Lymon  Reese  were  the 
experts  in  the  field  of  pile  foundation  analysis 
and  design.  In  1969  we  traveled  to  the  Uni¬ 
versity  of  Texas  for  a  3-day  presentation  con¬ 
ducted  for  SLD  by  Dr.  Reese  and  his  research 
associates.  They  presented  what  they  knew 
about  piles  from  their  research  and  experience 
from  the  mostly  proprietary  R&D  they  per¬ 
formed  on  offshore  oil 
platform  pile  foundations. 
We  had  in  mind  to  propose 
a  joint,  elaborate  research 
program  to  develop  analy¬ 
sis  procedures  and  design 
criteria  for  the  founda¬ 
tions  for  L&D  No.  26(R), 
but  since  costs  were  pro¬ 
jected  to  be  over  a  million 
dollars,  this  was  not  ap¬ 
proved.  I  think  this  was  a 
mistake,  because  I  believe 
without  having  certainty  in 
the  design  criteria,  much 
over-conservatism  was  built 
into  the  design  for  L&D 
No.  26(R).  If  we  could 
have  justified  raising  the  al¬ 
lowable  pile  stresses  from 
the  10,000  psi  allowed 
then  to  the  12,000  psi  we 


ASSUMPTION  1 


SGft.  MODULUS  VARYING 
LWEARLY  WITH  DEPTH 


ASSUMPTION  2 

SOIL  MOUOULUS  VARYING 
EXPONENTIALLY  WITH  DEPTH 


ASSUMPTION  3 

SOIL  MOUOLUS  CONSTANT  WITH 
DEPTH  (LAYERED  SOH> 


SOIL  -  PILE  INTERACTION  MODELS 


Figure  2.  Soil-pile  Winkler  Spring  interaction  model 
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proposed  (not  approved),  .his  would  have  paid 
for  the  research  program  many  times  over.  At 
this  time.  Dr.  N.  Radhakrishnan,  presently 
Chief,  Information  Technology  Laboratory, 
WES,  was  a  graduate  student  finishing  up  his 
Doctoral  Thesis  on  Pile  Foundations  under 
Dr.  Reese.  Dr.  Radha  tells  the  story  that  this 
particular  meeting  with  the  Corps  is  what  con¬ 
vinced  him  that  he  should  work  for  the  Corps 
since  we  had  such  gigantic,  interesting,  and 
challenging  problems.  Although  we  lost  this 
tactical  issue,  I  believe  we  won  the  global  con¬ 
test  by  securing  Dr.  Radha  for  the  Corps.  He 
changed  the  attitude  in  the  Corps  about  invest¬ 
ing  in  research  which  has  paid  many  more  div¬ 
idends  in  our  present  engineering  knowledge. 
After  Dr.  Radha  came  to  WES,  he  began  as¬ 
sisting  SLD  in  developing  procedures  for  pile 
foundations  analysis.  At  Dr.  Radha’ s  encour¬ 
agement,  SLD  funded  the  development  of  a 
pile  element  in  the  structural  analysis  pro¬ 
gram  (SAP)  finite  element  method  (FEM)  by 
Wayne  Jones.  This  was  our  initial  modifica¬ 
tion  of  an  FEM  coded  to  include  pile  element 
with  an  elastic  plate  analysis.  To  perform  the 
design  of  the  pile  foundations  for  both  John  H. 
Overton  L&D  and  L&D  No.  26(R),  we  also  cre¬ 
ated  other  rigid  base  and  flexible  base  pile  anal¬ 
ysis  programs.  The  pile  element  that  was 
developed  for  these  in-house  programs  was  in¬ 
corporated  into  BOEING  SAP,  GT-STRUDL, 
and  McAUTO-STRUDL.  These  programs 
were  used  successfully  to  design  the  30,000  H- 
piles  used  on  L&D  No.  26(R)  and  6,000  H- 
piles  used  on  the  John  H.  Overton  L&D. 

Sheet-Pile  Cofferdams.  The  design  of 
sheet-pile  cellular  cofferdams  is  another  in¬ 
stance  where  the  Corps  offered  little  guidance 
to  the  designers  because,  in  general,  cofferdams 
prior  to  1970  were  contractor  designed  and 
constructed.  After  several  major  cofferdam 
failures  on  the  Ohio  River  Navigation  Modern¬ 
ization  Project,  where  the  Government  ulti¬ 
mately  had  to  assume  the  costs  associated  with 
failures  of  these  con'mctor-designed-and- 
constructed  cofferdams,  in  August  1972  the 
Corps  published  a  new  engineering  regulation, 
ER  1 110-2-2901,  “Construction  of  Cofferdams.” 
The  new  policy  required  that  cofferdams  of  sig¬ 
nificant  magnitude  would  be  Corps  designed. 


thereby  the  Government  would  assume  the 
risks  associated  with  these  temporary'  structures 
placed  in  treacherous  major  rivers.  Since  the 
Government  would  assume  the  risks  for  these 
Corps-designed,  contractor-constructed  coffer¬ 
dams,  the  design  of  these  structures  would  go 
through  the  same  review  and  approval  process  as 
permanent  structures.  We,  in  SLD,  had  no  expe¬ 
rience  in  this  area,  and  we  were  charged  with  the 
task  of  designing  major  cofferdams  in  the  Missis¬ 
sippi  River  for  the  L&D  No.  26(R)  Project.  At 
this  time,  Lehigh  University  sponsored  an  indus¬ 
try-wide  symposium  on  the  design  of  pile  foun¬ 
dations  and  sheet-pile  cofferdams.  I  thought  this 
would  be  invaluable  knowledge,  necessary  to  dis¬ 
charge  our  design  responsibility,  and  I  requested 
attendance  at  this  conference.  I  was  informed  by 
management  that  we  do  not  sponsor  these  “boon¬ 
doggles.”  After  I  got  over  this  initial  rejection 
and  my  hurt  feelings,  1  made  a  stronger  case  for 
our  attendance  at  this  meeting  and  even  threat¬ 
ened  to  take  annual  leave  and  attend  on  my  own 
time.  I  probably  took  things  too  seriously  in 
those  days.  They  relented,  we  attended,  and  we 
picked  up  invaluable  experiences,  technical  data, 
criteria,  and  guidance  to  be  used  in  the  analysis 
and  design  of  $100  million  worth  of  cofferdams 
for  L&D  No.  26(R).  At  the  Lehigh  conference, 
we  met  all  the  design  and  construction  experts  in 
this  specialized  field,  including  Paul  Swatek,  and 
he  continues  still  as  a  consultant  on  the  L&D 
No.  26(R)  and  Olmsted  cofferdams.  The  pa¬ 
pers  presented  at  this  conference  and  published 
in  “Design  and  Installation  Pile  Foundations 
and  Cellular  Structures,”  along  with  the  expe¬ 
rience  gained  in  the  Ohio  River  Division  on 
the  Ohio  River  Navigation  Project  and  the  re¬ 
search  and  prototype  instrumentation  program 
SLD  sponsored  on  L&D  No.  26(R)  have  all 
served  as  a  basis  for  the  development  of 
EM  1 1 10-2-2901 ,  “Design  of  Sheet  Pile  Cellu¬ 
lar  Structures,”  published  30  Sep  89.  Over  the 
years,  we  improved  our  knowledge  of  the  non¬ 
linear  soil-structure  interaction  and  behavior 
of  these  complex  structures  with  a  major  pro¬ 
totype  instrumentation  and  research  program 
performed  for  the  L&D  No.  26  cofferdams 
(Figure  3).  Th;s  program  will  culminate  in  a 
doctoral  thesis  being  prepared  by  Read 
Mosher  on  the  three-dimensional  nonlinear 
SSI  behavior  of  cellular  sheet-pile  cofferdams. 
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Figure  3.  L&D  No.  26{R)  cofferdam 


Reed  is  now  our  resident  expert  on  the  behav¬ 
ior  of  sheet-pile  walls  and  cofferdams.  I  be¬ 
lieve,  through  our  efforts  using  L&D  No. 
26(R)  project  funds,  we  have  benefitted  the 
Corps  and  the  engineering  profession  in  the  de¬ 
sign  of  cellular  cofferdams  to  the  point  that 
today’s  structural  engineer  can  design  these 
structures  with  confidence  in  the  ability  to 
predict  the  behavior  and  performance  for  the 
construction  of  major  future  cofferdams,  such 
as  those  being  designed  for  the  Olmsted  Proj¬ 
ect  by  Louisville  District.  This  project-driven 
need  for  realistic  state-of-the-practice  criteria 
to  analyze  and  design  cofferdams  has  contrib¬ 
uted  immeasurably  to  the  official  guidance 
now  available  for  today’s  designer. 

Finite  Element  Analysis  and  Design.  Fi¬ 
nite  element  analysis  and  design  includes  elas¬ 
tic  analysis  and  nonlinear  incremental 
structural  analysis. 

(1)  Elastic  analysis.  The  first  design 
we  submitted  for  review  on  John  H.  Overton 


L&D  on  the  Red  River,  around 
1976,  for  the  U-frame,  lock  gate  bay 
monolith,  pile  founded,  base  slab 
generated  comments  from  the  re¬ 
viewing  authority  to  the  effect  that 
this  is  an  interesting  exercise,  but 
they  would  like  to  see  the  hand 
computations  for  review  of  this  de¬ 
sign.  Since  we  were  solving  some 
30,000  simultaneous  equations  uti¬ 
lizing  3-D  plate  finite  elements,  per¬ 
forming  hand  calculations  would  be 
totally  impractical  without  introduc¬ 
ing  severe  simplifying  assumptions 
to  reduce  the  problem  to  a  simple 
determinate  structure.  This  was 
done  on  a  previous  project  where 
all  the  traverse  loads  were  assumed 
to  be  carried  by  the  thicker  sill  sec¬ 
tion  of  the  monolith.  This  assump¬ 
tion  resulted  in  six  rows  of  #18  bars 
at  9-in.  centers.  The  FEM  analysis, 
utilizing  the  strength  contained  in 
the  full  width  of  the  thick  and  thin 
portions  of  the  base  slab,  resulted 
in  three  rows  of  #18  bars  at  12-in. 
centers,  a  much  more  economical 
and  constructable  design.  Of  course,  we  per¬ 
formed  many  parametric  studies  and  other  veri¬ 
fications  such  as  using  the  program  C-Frame 
with  pile  element  to  validate  the  final  design 
analysis.  This  convinced  our  reviewing  au¬ 
thority  that  our  approach  was  valid,  and  the 
design  was  approved  with  a  comment  to  the 
effect  that  we  were  to  be  commended  for  pion¬ 
eering  new  concepts  in  design  procedures. 

These  concepts  and  procedures  developed  by 
SLD  were  used  first  on  the  smaller  John  H. 
Overton  L&D  on  the  Red  River  (Figure  4). 
From  this  pioneering  work  led  by  Roger 
Hoell,  along  with  Tom  Leicht,  Joe  Hartman, 
Rich  Sovar,  and  others  of  that  excellent  SLD 
Structural  Design  group,  we  were  able  to  suc¬ 
cessfully  transfer  this  methodology  to  the  de¬ 
sign  of  the  much  larger  L&D  No.  26(R). 

(2)  Nonlinear  incremental  structural 
analysis  (NISA).  However,  we  were  not 
satisfied  that  these  elastic,  gravity-turn-on 
analysis  assumptions  accurately  described  the 
behavior  of  these  structures  in  our  real  world 
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SECTION 

PILE  FOUNDED  U-FRAME  LOCK 


Figure  4.  John  H.  Overton  L&D  pile  founded  U-Frame  lock 


of  nonlinear,  time-dependent  temperature  ef¬ 
fects,  plastic  concrete  material  properties,  and 
incremental  construction  and  loadings.  Using 
L&D  No.  26(R)  project  funds,  SLD  developed 
a  scope  of  work  and  funded  development  of 
theory,  procedures,  and  analysis  methods  which 
were  implemented  in  a  joint  effort  between 
SLD  (Barry  Fehl),  WES  (Wayne  Jones,  Tony 
Bombieh,  Sharon  Gamer,  Dean  Norman),  and 
Washington  University  (Dr.  Kevin  Truman). 
The  objective  of  these  studies  was  to  determine 
if  a  potential  for  cracking  strains  existed  in  the 
concrete,  to  maximize  lift  heights,  and  to  better 
predict  the  interaction  with  the  pile  foundation. 
The  results  of  this  project-financed  study  have 
resulted  in  publication  of  ETL  1 1 10-2-324, 
“Special  Design  Provisions  for  Massive  Con¬ 
crete  Structures,”  published  in  1990.  Since 
design  funds  from  L&D  No.  26(R)  no  longer 
exist,  the  Corps  needs  to  extend  this  work  with 
additional  funding  for  model  testing,  parame¬ 
tric  studies,  and  prototype  instrumentation  and 
verification  to  make  these  concepts  with  sim¬ 
plified  design  guidance  available  for  use  by  the 
design  engineer  in  the  field  offices.  Work  is  on¬ 
going  in  this  area  and  is  described  in  the  paper 
presented  at  this  conference  by  Barry  Fehl. 


The  Computer-Aided 
Structural  Engineering 
(CASE)  Experience.  One 
of  the  most  satisfying  experi¬ 
ences  of  my  professional 
career  was  being  a  charter 
member  of  the  CASE  project. 
This  project  was  conceived  in 
1975  by  Don  Dressier  while 
working  at  the  Lower  Mis¬ 
sissippi  Valley  Division 
(LMVD).  Previous  to  this 
time,  Don  had  worked  in 
SLD.  1  remember  during  the 
early  1970’s,  while  1  was  try¬ 
ing  to  find  a  easier,  softer 
way,  by  automating  our  struc¬ 
tural  design  with  computers, 
Don  would  come  in  at  6  in 
the  morning  and  derive  basic 
structural  theory  and  proce¬ 
dures  from  first  principles. 

He  was  and  still  is  a  wizard  with  pencil  and 
paper.  Don  discovered  $50,000  set  aside  for 
computer  development  in  the  Division  that  no 
one  was  using.  He  invited  several  of  us  from 
each  of  the  LMVD  Districts  to  meet  in  the  base¬ 
ment  of  the  Mississippi  River  Commission 
Headquarters  and  figure  out  how  we  could  use 
this  money  to  better  utilize  computers  to  do 
our  structural  engineering  work.  Out  of  this 
basement  we  formed  the  LMVD  CASD  Com¬ 
mittee  (Computer-Aided  Structural  Design). 

Our  first  project  was  to  automate  the  design 
of  tainter  gates.  LMVD  funded  WES  and 
Dr.  Radha  to  assist  in  this  work,  but  Dr.  Radha 
did  not  have  a  structural  engineer  available.  As 
a  result,  we  recruited  Bill  Price.  After  a  pain¬ 
ful  learning  experience,  as  wc  were  plowing 
some  very  new  ground  trying  to  develop  a 
black  box  combined  analysis  and  design  pack¬ 
age,  Bill  produced  the  program  TGDA  for  the 
analysis  and  design  of  tainter  gates.  This  pro¬ 
gram  was  used  successfully  by  Milan  Homak 
to  design  the  tainter  gates  for  L&D  No.  26(R). 
Another  project,  not  so  successful,  was  the 
PILEOPT  (Optimization  of  Pile  Foundations). 
We  had  two  excellent  researchers  from  the 
University  of  Alabama,  who  spent  blood  and 
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tears  for  a  couple  of  years  on  this  project,  but 
the  technology  and  computer  power  were  just 
not  there  to  optimize  this  problem  which  con¬ 
tained  100’s  of  piles  and  more  than  six  inde¬ 
pendent  variables.  However,  we  learned  what 
our  limits  were,  and  if  we  resurrect  this  proj¬ 
ect  I  think  we  can  solve  this  problem  with  the 
theory  and  supercomputers  available  now. 

Richard  Armstrong,  another  SLD  graduate, 
was  at  that  time  the  Chief  of  the  LMVD  Tech¬ 
nical  Branch.  Since  he  thought  what  was  good 
for  LMVD  would  be  good  for  the  Corps,  he, 
along  with  Dr.  Radha  and  Don  Dressier,  or¬ 
ganized  a  Corps-wide  structural  computer  con¬ 
ference  in  New  Orleans  during  September 
1975.  Over  200  structural  engineers  were  in¬ 
vited  to  present  the  computer  programs  being 
used  in  their  design  offices.  At  this  CADSE 
conference,  we  discovered  a  world  of  private 
structural  computer  stock  in  their  desk  draw¬ 
ers,  a  lot  of  efforts  duplicated,  and  a  lot  that 
was  unique,  but  it  was  all  shared,  champions 
identified,  and  communications  between  like 
interests  developed.  From  this  conference, 
needs  were  identified  and  the  CASE  project 
was  initiated.  Don  Dressier  moved  on  to  the 
Chief  of  Engineers  Office  and  found  more 
R&D  money  to  fund  this  project.  The  project 
was  organized  by  committees  in  major  areas 
(i.e.  3-D  stability,  bridges,  T-walls,  steel  struc¬ 
tures,  buildings,  sheet-pile  structures,  etc.) 
with  engineers  from  the  Districts,  Divisions, 
Laboratories,  and  OCE  serving  as  committee 
members.  They  were  tasked  with  identifying 
needs,  identifying  what  was  available  in 
house  or  commercially  to  fill  those  needs,  and 
identifying  gaps  where  future  development 
was  needed.  To  develop  a  computer  program, 
a  plan  is  needed,  guidance  criteria  are  needed, 
computer  programmers  are  needed,  and  user 
manuals  are  essential.  We  quickly  realized 
that  guidance  criteria  were  sadly  lacking,  out  of 
date,  and  not  orientated  for  computerized  tech¬ 
nology.  I  was  personally  associated  with  the 
CASE  committee  for  3-D  stability.  After  many 
heated  and  loud  discussions  about  differing 
viewpoints  on  acceptable  stability  criteria  be¬ 
tween  the  3-D  stability  committee  members, 
including  Bill  Kling  and  Bill  Holthem,  Fred 
Tracey  would  distill  the  essence  and  formulate 


an  esoteric  program  which  included  all  our  op¬ 
tions.  The  CASE  committees  probably  spent 
the  first  few  years  in  developing  the  criteria 
documents  before  serious  computer  program¬ 
ming  could  be  accomplished.  These  criteria 
documents  have  served  as  a  starting  point  for 
some  of  the  guidance  that  is  presently  being 
published  in  the  Guidance  Update  Program. 

We  all  know  the  present  benefits  the 
Corps’  structural  engineers  have  derived  from 
the  CASE  project  through  improved  tools  to 
automate  the  analysis  and  design  process. 
However,  the  biggest  benefit  was  the  commu¬ 
nication  and  sharing  of  structural  engineering 
knowledge  that  has  developed  between  struc¬ 
tural  engineers  in  the  diversified  District,  Divi¬ 
sion,  Laboratoiy,  and  Chiefs  offices  along  with 
experts  from  universities,  consultants,  and  com¬ 
puter  vendors.  Structural  engineers  sitting  in 
isolation  in  remote  offices  had  an  opportunity 
to  communicate  with  their  peers  nationwide.  1 
believe  this  made  the  Corps  into  a  truly  unified 
organization  that  can  share  professional  experi¬ 
ence,  strengths,  and  hopes  with  each  other.  En¬ 
gineers  who  have  participated  in  the  CASE 
project  have  described  this  very  positive  benefit 
of  networking  with  their  peers. 

The  1988  Structural  Conference.  Recog¬ 
nizing  all  these  years  that  our  guidance  in  the 
structural  design  disciplines  was  obsolete  and 
in  great  need  of  updating,  Dr.  Radha  put  me  up 
to  asking  the  question  at  the  1988  St.  Louis 
Structural  Conference  panel  discussion  on  the 
closing  day,  “When  is  the  Corps  going  to  in¬ 
vest  in  updating  our  structural  design  guid¬ 
ance?”  Apparently  Herb  Kennon  received  the 
message  since  things  began  to  happen.  Herb 
thought  it  was  such  a  good  idea  that  he  in¬ 
cluded  all  the  other  engineering  disciplines, 
i.e.  hydraulics,  geotechnical,  electrical,  me¬ 
chanical,  and  all  the  others.  Herb  charged 
Don  Dressier  with  finding  funding  and  staff 
to  get  the  program  moving.  Don  Dressier, 

John  McPherson,  Dr.  Radha,  and  Gen.  Kelly 
approached  the  Office  of  Management  and 
Budget  for  funding  and  sold  them  to  the  tune  of 
providing  $25  million  over  5  years  to  update 
the  over  350  civil  works  guidance  documents. 
Dr.  Radha  committed  the  WES  Information 
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Technology  Laboratory  to  provide  staff,  ad¬ 
ministrative,  and  managerial  support;  thus, 
the  Civil  Works  Guidance  Update  Center  was 
organized  at  WES.  Little  did  I  suspect  when  I 
asked  that  question,  that  I  would  be  recruited 
as  the  Program  Manager  for  the  Civil  Works 
Guidance  Update  Program  at  WES.  For  a 
wiser,  mellowed  out  old  “Fudd,”  I  am  glad  I 
accepted  this  assignment.  The  challenge  has 
heightened  my  excitement  for  our  profession 
and  renewed  my  commitment  to  engineering 
excellence,  stirring  the  inquisitiveness,  impati¬ 
ence  for  change,  and  desire  of  the  young  “stud” 
to  charge  ahead  with  the  best  in  new  technol¬ 
ogy.  I  believe  the  Guidance  Update  Program 
offers  the  vehicle  to  pass  on  from  this  genera¬ 
tion  of  engineers  to  the  next  generation  our  ac¬ 
cumulated  knowledge  and  wisdom  gained 
from  our  failures  and  successes. 

Civil  Works  Guidance 
Update  Program 

Civil  Works  Guidance 
Update  Center 

The  Civil  Works  Guidance  Update  Center 
(CWGUC)  at  WES  manages  the  Corps-wide 
effort  to  bring  over  350  civil  works  design 
criteria  documents  up  to  the  state  of  the  art 
through  the  Civil  Works  Guidance  Update 
Program  (CWGUP).  This  expedited  effort 
sponsored  by  HQUSACE,  with  a  budget  of 
$25  million  over  5  years,  reduces  the  prepara¬ 
tion  cycle  to  at  most  2  years  instead  of  the  past 
6-year  average  cycle.  The  program  is  being  im¬ 
plemented  by  using  Corps  laboratories,  major 
subordinate  commands,  field  offices,  universi¬ 
ties,  and  consultants  carefully  selected  for  their 
expertise  to  transfer  technology  from  experi¬ 
enced  engineers,  research,  and  the  private 
industry  to  the  designers.  WES  has  the  re¬ 
sponsibility  for  about  one-half  of  these  docu¬ 
ments,  with  all  six  labs  involved.  The 
remaining  publications  are  being  done  by  the 
Engineering  Topographic  Laboratory,  Cold 
Regions  Research  Laboratory,  Hydrologic 
Engineering  Center,  Hydroelectric  Design 
Center,  ?nd  various  other  Corps  District  and 
Division  field  offices.  Publication  and  print¬ 
ing  services  are  provided  by  the  WES  Visual 


Production  Center.  Management  and  adminis¬ 
trative  support  for  HQ  is  provided  by  the 
CWGUC  staff  at  WES  (Tom  Mudd,  Bill 
Price,  and  Wayne  Dahl). 

importance  of  Program 

The  Water  Resource  Act  of  1988  mandated 
cost  sharing  with  the  local  partner.  Since 
local  interests  mast  fund  up  to  50  percent  of 
the  improvements  for  local  protection,  multi¬ 
purpose,  navigation  and  harbor  projects,  the 
Corps’  criteria  have  come  under  intense  scru¬ 
tiny,  as  costs  of  these  projects  are  directly  re¬ 
lated  to  the  design  criteria.  The  local  partners 
have  criticized  the  Corps  for  employing  out- 
of-date,  too  conservative  criteria  which  have 
priced  some  projects  out  of  the  local-interest 
pocket  books  or  into  unfavorable  benefit/cost 
ratios.  The  Government  Accounting  Office 
has  criticized  the  Corps  in  an  investigation  in 
the  early  1980’s  for  out-of-date,  too  costly  cri¬ 
teria,  which  were  not  in  line  with  industry 
standards  in  example  areas  of  strength  and 
load  factor  resistance  design.  Much  of  the  cri¬ 
teria  now  used  by  Corps  designers  has  been 
of  necessity  created  locally  based  on  informal 
update  enhancement  to  the  largely  out-of-date 
official  documents.  This  is  illustrated  by  Fig¬ 
ure  5  which  shows  the  average  age  of  30  per¬ 
cent  of  the  civil  works  documents  is  over 
15  years  versus  only  5  percent  of  military  pro¬ 
grams  technical  manuals  over  15  years  old. 
The  Corps’  criteria  have  been  criticized  by 
local  interests,  the  navigation  industry,  and 
the  engineering  profession  as  being  out-of- 
date,  too  costly,  and  damaging  to  our  credibil¬ 
ity  in  being  the  leader  in  water  resource 
development.  The  impact  of  the  program  is 
realized  from  the  world-wide  use  of  the 
Corps’  written  design  guidance  documents  by 
private  and  public  engineers.  As  the  quality 
of  these  documents  improves,  so  will  the 
Corps’  reputation  for  excellence. 

The  Reason  for  the  Update  Program 

Due  to  many  years  of  a  grossly  un¬ 
derfunded  civil  works  guidance  program  and 
lackadaisical  oversight  management  of  this 
limited  program,  the  civil  works  manuals 
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in  this  figure,  the  lack  of 
funding  and  management 
emphasis  has  seriously 
eroded  the  civil  works  up¬ 
date.  This  is  the  justifica¬ 
tion  that  was  presented  to 
the  Office  of  Management 
and  Budget  to  obtain  the 
S25  million  funding  to 
correct  this  deficiency. 

In  addition,  the  Director 
of  Civil  Works  has  placed 
the  highest  management 
priority  on  this  program. 

Guidance  Program 
Policy 

Driving  Force 

The  driving  motiva¬ 
tion  behind  the  CWGUP 
have  become  outdated.  In  comparison,  the  is  to  reduce  the  average  age  to  less  than  3 

military  programs  technical  manuals  have  years  over  the  5-year  program.  At  the  start  of 

enjoyed  adequate  funding  with  the  program  the  program,  the  average  age  of  all  civil 

managed  by  Huntsville  Division  in  support  works  documents  was  13  years,  with  the  struc- 

of  the  Military  Programs  Directorate.  I  have  tural  documents  over  20  years  old  (Figures  7 
had  some  personal  experience  with  the  and  8). 

amount  of  time  it  was  taking  to  prepare  an 
engineering  manual  on  pile 
foundations.  Don  Dressier  ap¬ 
pointed  several  engineers  from 
the  New  Orleans  and  St.  Louis 
Districts  to  prepare  this  man¬ 
ual,  beginning  approximately 
in  1982.  Don  had  limited 
funds,  only  enough  to  fund  a 
meeting  or  two  a  year.  We 
tried  to  bootleg  the  work  back 
in  our  respective  offices,  but 
since  we  could  not  charge  to 
this  work  item,  it  took  a  low 
priority,  and,  consequently,  the 
work  progressed  painfully 
slow.  This  EM  was  finally 
published  this  year  under 
CWGUP.  Figure  6  shows  the 
comparison  of  the  civil  works 
versus  military  program  fund¬ 
ing  over  the  5  years  previous  Figure  6.  FY84  through  FY88  funding  of  civil  works 
to  the  CWGUP.  As  can  be  seen  versus  military  documents 


Figure  5.  Average  age  of  military  program  versus  civil  works 
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CWGUP  5  YEAR  PLAN  -  AVERAGE  AGE 
EXISTING  ANO  NEW  DOCUMENTS 


DOCUMENTS  EXISTING  IN  APRIL  1989  -  161 

DOCUMENTS  UPDATED  OR  CREATED  BY  OCT  94  -  350 


Figure  7.  Schedule  to  reduce  average  age  of  civil  works 
documents 


ance  will  only  be  developed  in 
those  areas  where  industry  stan¬ 
dards  are  not  available  or  are  not 
adaptable  to  our  specialized  work 
for  the  design  of  hydraulic  struc¬ 
tures.  The  CWGUC  is  actively 
coordinating  in-house  develop¬ 
ment  activities  with  industry  and 
professional  standards  sources. 

Implementation 

The  work  will  be  accomplished 
using  one  or  all  of  the  following 
methods. 

•  Field  review  task  groups 
from  lead  Districts/Divisions 
(Similar  to  CASE  Task  com¬ 
mittees) 


Objective 

To  achieve  these  goals,  business  would  not 
be  as  usual.  It  was  mandated  that  the  products 
must  be  developed  on  time  and  funds  must  be 
expended  in  the  fiscal  year  that  they  are  re¬ 
ceived.  As  an  objective,  production  rates  were 
established  for  publications  as  follows. 


Corps  of  Engineers  laboratories  and  engi 
neering  centers 

Retired  experienced  Corps  structural 
engineers 

Consultants  from  universities,  other  agen 
cies,  &  industry 


Engineer  Manuals 

24-30  months 

Engineer  Technical 
Letters 

12-18  months 

Regulations  and 
Circulars 

6-12  months 

Coordination 

Guidance  will  be  developed 
from  established  sources  in  indus¬ 
try,  the  engineering  profession, 
established  standards,  and  build¬ 
ing  codes.  The  Corps  will  not  du¬ 
plicate  these  efforts  and  will 
adapt  these  industry  standards  in 
recognition  that  the  Corps  has 
and  will  have  cost-sharing  part¬ 
ners,  some  of  which  will  have 
their  own  guidance.  Corps  guid- 


tfR'M  OCT-89  OCT-90  OCT-91  OCT-92  OCT  93  OCT  94 


AVERAGE  AGE 


STRUCTURAL  DOCUMENTS  EXISTING  IN  APR  89-26 
DOCUMENTS  UPDATED  OR  CREATED  BY  OCT  94-86 


Figure  8.  Scheduled  reduction  in  average  age  of  structural 
documents 
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•  Civil  Engineering  Research  Foundation 
(CERF)  access  to  ASCE  technical 
committees  for  peer  review  and  expert 
consultation 


Status  of  CWGUP 


Plan 


these  documents  to  2  years  as  shown  in  Fig¬ 
ure  9.  Figure  10  illustrates  the  candidate 
guide  specifications,  engineer  manuals,  regula¬ 
tions,  technical  letters,  circulars,  pamphlets, 
and  handbooks  that  have  been  identified  for 
the  update  program  during  the  5-year  plan 
with  the  type  documents  scheduled  for  delivery 
through  30  September  1991  and  the  ones  de¬ 
livered  to  date. 


The  CWGUP  began  in  April  1989.  At  that 
time  the  HQUSACE  Civil  Works  Directorate 
was  responsible  for  161  existing  documents 
that  have  been  determined  as  candidates  for 
update.  During  the  5-year  plan,  189  new  doc¬ 
uments  will  be  created  to  exploit  new  technol¬ 
ogy,  with  41  interim  and  existing  documents 
canceled  or  rescinded  because  of  obsolescence 
or  replacement.  Thus  by  the  end  of  the  program 
in  FY94,  a  total  of  350  documents  will  be  cre¬ 
ated  or  updated  reducing  the  average  age  of 


Results 

Figure  1 1  shows  the  overall  results 
achieved  to  date.  We  are  meeting  about  80  per¬ 
cent  of  our  objectives  in  the  preparation  of 
technical  drafts.  Performance  has  been  less 
successful  for  review  and  approval  and  conse¬ 
quent  publishing  and  printing  of  the  documents 
due  to  lack  of  HQUSACE  staff  and  lack  of 
suspense  and  coordination  procedures.  These 
deficiencies  are  being  corrected  with  hiring  of 


CIVIL  WORKS  GUIDANCE  UPD  *TE  PROGRAM  -  TOTAL 
AVERAGE  AGE  AND  NUMBER  OF  DOCUMENTS 


yl  300 


AVERAGE  AGE 


NEW  DOCUMENTS  TOTAL  NO  DOCUMENTS  A' 

E3  Oct-89  H  Oct-90  □  Oct-91 


W  Oct-89  zm  Oct-90  I _ J  Oct-91 

£2  Oct-92  T2  Oct-93  ■  Oct-94 

161  DOCUMENTS  EXISTING  IN  APRIL  1989  391  DOC  WILL  BE  UPDATED  OR  CREATED  BY  OCT  94 

41  DOCUMENTS  WILL  BE  RESCINDED  OR  CANCELLED  DURING  PROGRAM  350  DOC  SCHEDULED  TO  BE  CURRENT  BY  OCT  94 


Figure  9.  Number  and  age  of  existing  and  new  documents  in  5-year  plan 
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5  YEAR  PLAN  -  TYPE  OF  DOCUMENTS 
FY89  -  FY91  FINAL  DRAFTS 
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TOTAL  TYPE  DOCUMENTS  IN  5  YEAR  PLAN 

TYPE  DOCUMENTS  DELIVERED  TO  DATE 


TYPE  OF  DOCUMENTS 

m 


TYPE  DOCU«*«TS  SCHEDULED  /IS  OF  30  SEP  91 


161  DOCS  EXISTED  IN  APRIL  1989  350  DOCUMENTS  SCHEDULED  TO  BE  CURRENT  OCT  94 
391  DOCS  CREATED  OR  UPDATED  DURING  PROGRAM  41  DOCS  WILL  BE  RESCINDED 
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Figure  10.  Type  of  documents  in  5-year  plan 


additional  staff  and  implementation  of  a  process.  Of  the  391  documents  scheduled  for 

tracking,  coordination,  and  suspense  system  the  5-year  plan,  89  final  drafts  have  been  for- 

to  push  the  documents  through  the  approval  warded  to  HQUSACE  and  46  documents  have 

been  printed  and  distributed.  Dur¬ 
ing  FY91,  137  documents  are 
being  worked  on  with  70  final 
drafts  scheduled  to  be  forwarded 
for  technical  approval. 

CWGUP  Organization 

Headquarters 

HQUSACE  has  the  authority 
and  responsibility  to  determine 
policy,  criteria,  standards,  and 
guidance  for  the  engineering 
function  throughout  the  Corps. 
This  program  falls  under  the  re¬ 
sponsibility  of  John  McPherson, 
Acting  Chief  of  the  Engineering 
Figure  1 1 .  Performance  of  the  CWGUP,  FY89  through  FY91  Division,  Civil  Works  Directorate 
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comp  iring  the  test  results  with  the  arch  with¬ 
out  Teflon.  The  first  arch  tested,  which  did 
not  have  Teflon  at  the  soil-structure  interface, 
was  designated  as  arch  S-l.  The  arch  will)  two 
Teflon  layers  at  the  soil-structure  interface  was 
designated  arch  S-2. 

Experimental  Investigation 
Arch  construction  details 

Construction  details  and  dimensions  of  the 
model  arch  structures  are  shown  in  Figure  1. 
The  inside  radius  of  the  arches  was  1  ft,  9  in., 
and  the  thickness  of  the  arch  rings  was  2  in. 
Reinforcing  steel  in  the  radial  direction  con¬ 
sisted  of  D3  wire  (area  equals  0.0295  in.2) 
spaced  at  2-1/4  in.  on  center  in  each  face, 
which  resulted  in  a  principal  reinforcing  steel 
ratio  of  approximately  0.008  in  each  face. 
Longitudinal  reinforcing  consisted  of  D3  wire 
spaced  at  8.5  deg  on  center  and  was  placed  in¬ 
side  the  radial  steel.  A  concrete  cover  of 
1/4  in.  was  maintained  over  the  principal  rein¬ 
forcing  steel.  After  concrete  placement  and 
removal  of  the  forms,  one  of  the  arches  re¬ 
ceived  a  1/32-in.  layer  of  Teflon.  The  Teflon 
was  glued  to  the  exterior  surface  and  the 
edges  of  the  arch  ring. 

Test  configuration  and  procedure 

Figure  2  shows  the  test  configuration.  The 
test  device  is  capable  of  developing  pressures 
up  to  3,000  psi.  Two  layers  of  Teflon  were 
placed  on  the  inside  face  of  the  test  chamber 
to  reduce  the  amount  of  friction  between  the 
sand  and  the  chamber.  In  each  of  the  two 
tests,  sand  was  placed  to  the  proper  height  in 
the  test  facility  in  6-in,  lifts  and  compacted  to 
provide  a  uniform  support  for  the  model  struc¬ 
ture.  The  precast  concrete  footings  were  set 
in  place  in  the  chamber,  and  a  steel  support 
for  deflection  gages  was  welded  to  embedded 
plates  in  the  footings.  The  arch  ring  was  then 
lowered  into  the  chamber  and  placed  in  the 
proper  position  on  the  footings  and  grouted  in. 
Transducers  for  measuring  structure  loading 
and  behavior  were  then  installed,  and  sand 
backfill  was  placed  around  and  over  the  arch 


to  a  height  of  7.5  in.  above  the  arch  crown. 
Steel  endplates  were  used  to  close  the  ends  of 
the  arches.  The  ends  of  the  arches  and  the  steel 
plates  were  covered  with  Teflon  to  provide  a 
Teflon-Teflon  interface  between  the  two, 
thereby  reducing  the  effects  of  end  support  as 
the  arches  were  loaded.  After  closing  up  the 
end  of  the  arch,  sand  was  placed  in  6-in.  lifts 
and  compacted  by  making  four  passes  with  a 
23-lb  hand  tamp  having  a  6-3/4-  by  1 1-in.  foot. 

In  each  test  the  data  type  recorder  was 
started  immediately  preceding  the  opening  of 
the  waterline  valve  used  to  fill  the  test  device 
with  water.  The  time  required  to  fill  the  water 
chamber  was  approximately  20  minutes.  A  re¬ 
lief  plug  at  the  top  of  the  water  chamber  indi¬ 
cated  when  the  chamber  was  full  at  which 
time  the  waterline  valve  was  closed  to  allow 
closing  of  the  relief  valve.  The  pump  was 
then  started  and  the  pressure  in  the  water 
chamber  was  increased  very  slowly  to  load 
the  soil  surface.  As  each  test  proceeded,  a 
plot  of  water  pressure  versus  arch-crown  de¬ 
flection  was  monitored  to  provide  a  means  of 
determining  when  a  terminate  the  test. 

Instrumentation 

Thirty  channels  of  data  were  recorded  on 
magnetic  tape  in  each  of  the  two  tests  on  a  32- 
channel  Sangamo  Model  III  FM  magnetic 
tape  recorder.  The  data  for  each  channel 
were  later  digitized,  processed,  and  plotted. 
The  instrumentation  layout  for  both  tests  is 
shown  in  Figure  3. 

Two  water-pressure  gages  (Kulite  Model 
HKM-375)  were  used  to  record  the  pressure 
applied  to  the  soil  surface  over  the  arches. 

Two  gages  were  used  so  that  if  one  malfunc¬ 
tioned,  data  from  the  backup  gage  could  be 
used.  One  of  the  water-pressure  gages  was 
used  as  a  reference  channel  against  which  all 
other  data  were  plotted. 

Nine  interface  pressure  (IP)  gages  (Micro- 
Gage  Model  P-302)  were  mounted  around  the 
arch  ring  at  approximately  every  22.5  deg  to 
define  the  pressure  distribution  around  the 
arch.  The  gages  had  a  range  of  1 ,000  psi. 
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publishing,  and  printing  the  guidance  docu¬ 
ments.  The  latest  technology  is  employed  by 
VPC  using  Ventura  desktop  publishing,  Inter¬ 
graph  CADD  system,  and  PostScript  printing 
capabilities.  All  documents  are  preserved 
electronically  in  the  VPC  for  retrieval  and 
reprinting.  The  VPC  has  created  a  new  two- 
column  format  to  make  the  guidance  docu¬ 
ments  more  readable.  VPC  will  furnish  all 
new  documents  in  electronic  format  for 
distribution  on  CD-ROM  as  part  of  the  Con¬ 
struction  Criteria  Base  (CCB)  subscription 
offered  by  the  National  Institute  of  Building 
Sciences  (NIBS).  Tim  Abies,  Chief  of  VPC, 
and  Jamie  Leach,  Chief,  Editorial  Section, 
CEWES-IM-MV,  are  the  points  of  contact. 
The  VPC,  under  a  Memorandum  of  Under¬ 
standing  (MOU)  between  HQUSACE  and 
WES,  provides  the  following  services  for  the 
CWGUP  on  a  cost-reimbursable  basis: 

•  Editing  and  proofreading 

•  Drafting  and  illustrations 

•  Camera-ready  copy  preparation 

•  Printing  and  distribution 

•  Editorial  and  format  coordination  between 
CWGUP  and  HQUSACE 

Civil  Engineering  Research 
Foundation  (CERF) 

Recognizing  that  the  guidance  documents 
will  enter  the  mainstream  for  standards  of  cost- 
shared  water  resource  development  criteria,  a 
contract  was  awarded  to  CERF  to  provide 
peer  review  of  selected  guidance  documents 
by  the  engineering  profession.  CERF,  which 
is  a  nonprofit  corporation  affiliated  with  the 
American  Society  of  Civil  Engineers  (ASCE), 
has  the  capability  to  provide  this  service 
through  its  access  to  the  technical  committees 
of  the  engineering  societies.  Thus,  the  Corps 
and  CERF  have  formed  a  partnership  to  reach 
out  to  the  engineering  profession  to  obtain  inde¬ 
pendent  and  objective  peer  reviews  for  Corps 
guidance  with  the  objective  of  obtaining  indus¬ 
try  acceptance  of  this  guidance.  CERF’s  mis¬ 
sion  for  the  civil  engineering  profession  is  to: 


•  Assist  in  update  of  technical  guidance 
used  by  the  civil  engineering  profession 
at  large 

•  Help  disseminate  and  implement 
CWGl  IP  results 

•  Identify  gaps  in  current  research  in  the 
design  &  construction  industry 

•  Help  identify  industry'  needs  for  future 
guidance  updates 

•  Help  facilitate  and  coordinate  efforts  for 
industry,  university,  and  professional  ac¬ 
cess  to  Corps  updated  guidance 

In  addition,  CERF  is  tasked  with  developing 
a  list  of  expert  peer  reviewers  and  consultants 
to  assist  where  needed  in  reviewing  or  devel¬ 
oping  guidance  documents.  Individuals  with 
the  needed  expertise  can  be  made  available 
from  this  matrix  of  experts  in  the  various  engi¬ 
neering  disciplines  by  CERF  upon  request  and 
execution  of  a  delivery  order.  These  expert  in¬ 
dividuals  and  reviewers  will  offer  expert  guid¬ 
ance  on  the  state  of  the  art  for  a  particular 
technology.  CERF  will  in  turn  draw  on  the 
ASCE’s  long  and  successful  history  of  devel¬ 
oping  high-quality  manuals  and  standards  to 
include  in  the  Corps'  updated  documents. 
CERF  will  work  with  ASCE’s  technical  com¬ 
mittees  to  identify  qualified  individuals  to  pro¬ 
vide  advice  and  make  reviews.  CERF  will 
also  assist  HQUSACE  in  the  coordination  and 
tracking  of  review  documents  through  the  HQ 
approval  system.  This  will  alleviate  the  bot¬ 
tleneck  that  presently  exists  in  getting  guidance 
documents  reviewed  and  approved  by 
HQUSACE  so  they  may  be  printed  and  into 
the  hands  of  the  designers.  The  Corps’  con¬ 
tract  with  CERF  (awarded  August  1990)  is 
for  5  years  at  a  maximum  of  $400,000  per 
year  with  specific  delivery  orders  written 
against  this  contract.  We  believe  that  this  is  a 
very  important  initiative  for  a  Corps-Industry 
partnership  which  will  vastly  improve  the 
Corps'  credibility  with  the  engineering 
profession  as  a  whole  and  specifically  with 
our  local  cost-sharing  customers.  Harvey 
Bernstein,  President  of  CERF  says,  “This  is 
a  wonderful  program  to  combine  the  skills 
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and  expertise  of  civil  engineers  from  acade¬ 
mia,  government,  and  private  industry  to 
work  together  on  a  common  project  to  de¬ 
velop  improved  design-construct  practices  for 
the  industry.”  Jeff  Deemie  is  the  program 
manager  for  CERF.  His  office  is  located  in  the 
CERF-ASCE  Washington,  DC,  office  and  he 
is  prepared  to  provide  quick  response  and 
support  to  HQUSACE  staff  in  facilitating  the 
CWGUP. 

Coordination  Complexity 

The  CWGUP  is  truly  a  Corps-wide  cooper¬ 
ative  effort  involving  most  of  the  laboratories, 
design  centers.  Divisions,  Districts,  and 
HQUSACE.  These  are  over  100  engineers  in¬ 
volved  as  principal  investigators,  field  review 
group  members,  and  technical  monitors. 

Also,  engineers  from  the  private  sector,  con¬ 
sultants,  universities,  and  retired  Corps  per¬ 
sonnel  are  involved.  Part  of  this  complexity 
can  be  identified  as: 

•  2  HQ  Directorates 

•  10  HQ  Branches  (7  Civil  Works,  3  Mili¬ 
tary  Programs) 

•  33  Technical  Monitors 

•  20  Laboratories  and  Major  Subordinate 
Commands 

•  88  Principal  Investigators 

•  Field  Review  Groups,  Consultants,  Uni¬ 
versities,  CERF,  Editors,  and  Printers 

•  National  Institute  of  Building  Sciences 
(CCB/CD-ROM) 

•  TOTAL — Over  155  Significant  Associa¬ 
tions 

Structural  Guidance 
Update  Program 

Statistics 

See  attachment  1  for  a  list  of  the  guidance 
documents  sponsored  by  the  HQ  Civil  Works 


Structures  Branch  in  the  5-year  plan.  As  seen 
in  Figure  12,  92  documents  are  funded  for  up¬ 
dating  or  creation  during  the  5-year  plan.  Six 
documents  are  interim  and  will  be  replaced  or 
canceled  with  86  structural  documents  current 
as  of  October  1994. 

The  types  of  documents  are  shown  in  Fig¬ 
ure  13.  The  performance  of  meeting  sched¬ 
uled  milestones  for  the  documents  completed 
to  date  is  shown  in  Figure  14. 

Of  the  documents  assigned  to  the  Struc¬ 
tures  Branch,  88  percent  of  the  milestones  for 
the  technical  preparation  have  been  met. 
However,  due  to  a  shortage  of  staff  (unfilled 
positions)  in  the  Structures  Branch,  less  than 
50  percent  of  the  milestones  have  been  met 
for  printing  and  publishing  the  documents  so 
that  they  can  be  placed  in  the  hands  of  the  de¬ 
signers.  This  is  being  rectified  at  present 
with  recent  hires  and  the  assistance  of  CERF 
to  track  the  documents  through  the  HQ  re¬ 
view  and  approval  system. 

Advantage  of  Structural 
Guidance  Updates 

You  may  ask  how  the  updated  structural 
guidance  is  going  to  benefit  the  structural  de¬ 
sign  engineer  located  in  District  structural  sec¬ 
tions  and  how  it  is  going  to  help  the  reviewers 
in  the  Division  structural  offices.  Before  guid¬ 
ance  is  made  final,  input  and  advice  will  be  ob¬ 
tained  from  the  designers  and  reviewers.  Most 
structural  guidance  that  is  being  developed  to 
introduce  new  technology  will  be  published  in 
engineer  technical  letters  and  engineer  circulars 
to  allow  field  use  and  comment  prior  to  formal¬ 
izing  into  an  engineer  manual  or  regulation.  A 
preview  of  coming  attractions  may  be  helpful 
to  describe  the  benefits  to  the  structural  de¬ 
signer  for  this  program. 

•  Final  guidance  for  strength  design  of 
hydraulic  concrete  structures  in  confor¬ 
mance  with  American  Concrete  Institute 
Building  Code 

•  Load  factor  resistance  design  for  hydrau¬ 
lic  steel  structures  in  conformance  with 
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NO  OF  DOCUMENTS 


Figure  12.  Number  of  new  and  updated  structural  documents  in  5-year  plan 


the  American  Institute  of  Steel  Construc¬ 
tion  Code 

•  Seismic  analysis  and  design,  guidance 
and  policy  for  intake  towers,  roller-com¬ 
pacted  concrete  dams,  pile  foundations, 
and  U -frame  locks 

•  Policy  and  guidance  for  life  cycle  design 
and  evaluation  of  materials 

•  Inspection  and  evaluation  of  bridges,  under¬ 
water  concrete  structures,  and  steel  gates 

•  Nonlinear  incremental  structural  analysis 
of  massive  concrete  structures 

•  Probabilistic  evaluation  methods  and  guid¬ 
ance  for  existing  navigation  structures 

•  Probabilistic  design  methods  and  criteria 
for  structures  and  pile  foundations 
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•  Fracture  analysis  of  concrete  and  steel 
structures 

•  Authority  for  structural  design  responsi¬ 
bilities  redefined  to  the  technical  engi¬ 
neer  from  the  project  management  system 

•  Analysis  and  design  of  arch  dams,  navi¬ 
gation  locks,  flood  control  channels, 
local  protection  structures,  gravity  dams, 
pile  foundations,  intake  towers,  sheet- 
pile  structures,  and  roller  compacted 
concrete  structures 


Value  of  the  Structural 
Update  Program 

Thus,  the  benefits  gained  from  firm  guid¬ 
ance  supported  by  HQUSACE  will  lead  to  a 
better  understanding  of  what  is  desired  from 


SPECS  EC  EM  ER  ETC 

TYPE  OF  STRUCTURAL  DOCUMENTS 


U  TOTAL  DOC  SYR  PLAN  Q  SCHED  AS  OF  OCT  91  |  DELIVERED  TO  DATE 

26  DOCUMENT  EXISTED  IN  APR  69 
92  DOCS  CREATED  OR  MODIFIEO  BY  OCT  94 
86  DOCUMENTS  WILL  BE  CURRENT  BY  OCT  94 


Figure  13.  Types  of  structural  documents  in  5-year  plan 


STRUCTURAL  BRANCH 

5  YEAR  PLAN  -  DOCUMENTS  DELIVERED  FY89-FY91 

30 - , 


FINAL  DRAFT  CAMERA  READY  PRINT 


DOCUMENTS  SCHEDULED  VS  DOCUMENTS  COMPLETED 
E3  FY89FY91  DOCUMENTS  SCHEDULED  TO  DATE 
H  FY89-FY91  MILESTONES  COMPLETED  TO  DATE 


Figure  14.  Structures  Branch  performance 


quired  work  efforts.  Advan¬ 
tages  of  uniform,  up-to-date 
guidance  are: 

•  Less  duplication  of  effort  - 
multiple  investments  for 
like  development  of 
project-specific  design 
criteria  not  necessary 

•  Continuity  of  institutional 
engineering  knowledge  - 
passed  on  to  next  genera¬ 
tion  of  engineers 

•  Published  guidance  can 
function  as  how-to  instruc¬ 
tions  for  analysis  and  de¬ 
sign  of  Corps  structures 


the  field  offices  in  terms  of  quality,  work  ef¬ 
fort,  design  documentation,  and  level  of  engi¬ 
neering  so  that  the  designers  can  properly 
plan,  scope,  schedule,  and  budget  for  the  re- 


Uniform  design  and  criteria  standards  be 
tween  Districts  &  Divisions  for  projects 
that  transcend  local  boundaries  (i.e.  in¬ 
land  waterway  navigation  system) 
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•  Project-specific  design  guidance  devel¬ 
oped  with  project  funds  not  lost  and  avail¬ 
able  for  use  by  Corps 

•  Consistent  criteria  for  development  of 
project  designs,  costs,  and  benefits  for 
priority  of  national  investment  of  water 
resource  funds 

•  Uniformity  in  construction  specifications 
preventing  contractor  bid  confusion  and 
potential  for  increased  claims 

•  Availability  of  valuable  project-generated 
R&D  data  and  criteria  to  the  Corps  and 
the  engineering  profession  as  a  whole 

•  Centralizing  development  of  criteria  in 
HQUSACE  is  cost  effective  as  sufficient 
resources  can  be  mobilized  to  generate 
guidance  once  rather  than  every  time  a 
new  project  is  formulated 

•  Designer  has  available  guidance  of  what 
is  expected  from  the  reviewing  authority 
with  instructions  on  procedures  for  the 
design  process 

•  Guidance  is  available  to  the  designer  be¬ 
fore  project  formulation  rather  than  gen¬ 
erated  after  project  schedules  and  costs 
have  been  committed 

Current  Issues 

Funding 

The  CWGUP  is  funded  at  $4.5  million  per 
year,  with  $2  million  from  “Bill  Back”  Re¬ 
volving  Fund  account  and  $2.5  million  from  the 
General  Expense  Civil  account.  This  money 
has  been  fenced  off,  although  there  have  been 
attempts  to  reduce  some  of  the  funding  so  we 
are  continually  having  to  justify  the  importance 
of  this  program  to  the  Corps.  These  funds  have 
been  provided,  as  promised,  for  the  previous 
fiscal  years  (1989-1991),  although  somewhat 
late  and  in  quarterly  allotments.  A  restriction 
was  imposed  on  the  CWGUP  in  that  funds 
would  have  to  be  expended  in  the  same  fiscal 
year  as  they  are  received.  This  has  made  it 
very  difficult  to  schedule  the  work  in  the  labs 


and  major  subordinate  commands,  since  most 
of  the  documents  are  planned  for  a  year-round 
effort.  With  the  funding  distribution  from 
HQUSACE  being  late,  and  then  the  funds  dis¬ 
appearing  on  September  30,  has  caused  disrup¬ 
tion  and  slippage  has  occurred  in  the  program. 
The  Director  of  Civil  Works  has  personally  ad¬ 
dressed  this  problem,  and  hopefully  funds  will 
be  allocated  from  HQUSACE  on  schedule  in 
October  FY92.  If  the  designers  feel  that  the 
funding  for  the  CWGUP  is  of  benefit  for  qual¬ 
ity  designs,  then  let  your  management  know, 
so  we  can  maintain  a  high  priority  on  this  effort. 

SPECSINTACT 

This  is  an  automated  specification  process¬ 
ing  system  developed  by  a  joint  effort  between 
NASA,  NAVFAC,  and  the  CORPS.  It  is 
available  on  the  NIBS  CCB  (National  Insti¬ 
tute  of  Building  Sciences  Construction  Cri¬ 
teria  Base)  CD-ROM  subscription.  Through 
the  SPECSINTACT  system  most  government 
and  industry  guide  specifications  can  be  refer¬ 
enced  and  updated.  The  Corps’  Military  Pro¬ 
grams  proponent  for  guide  specifications, 
Rodger  Seeman,  has  placed  all  the  Military 
Programs  guide  specifications  into  this  system 
under  the  administration  of  the  Huntsville  Di¬ 
vision.  The  civil  works  guide  specifications 
were  not  included  in  this  program  because  in 
the  reorganization  of  the  HQ  Engineering  & 
Construction  Directorate  into  separate  Civil 
Works  and  Military  Programs  Directorates  in 
1988,  the  proponent  position  for  guide  specifi¬ 
cations  remained  in  the  Military  Programs, 
and  no  comparable  position  was  created  in 
Civil  Works.  Consequently,  the  existing  and 
recently  created  guide  specifications  in  the 
CWGUP  have  not  been  entered  into  this  sys¬ 
tem.  Presently,  CECW-ED  is  drafting  an  en¬ 
gineer  regulation  to  place  this  responsibility 
under  the  Structures  Branch.  It  is  planned  to 
assign  George  Gibson  as  the  technical  propo¬ 
nent  for  civil  works  specifications.  His  im¬ 
portant  task  will  be  to  find  the  funding  to 
convert  the  civil  works  guide  specifications, 
first  into  the  three-part  CSI  (Construction  Spec¬ 
ifications  Institute)  format,  if  not  already  done, 
and  then  into  the  automated  SPECSINTACT 
format.  I  believe  that  the  specifications  are 
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among  the  most  important  tasks  and  responsibil¬ 
ities  that  should  be  defined  and  assigned  during 
the  project  formulation  stage  (Feasibility  Re¬ 
port).  This  is  as  important  as  the  design  formu¬ 
lation  and  the  cost  estimate.  SPECSINTACT 
can  allow  this  important  identification  of  speci¬ 
fications  outlines  for  planning  and  assignment 
throughout  the  design  process. 

Publishing  and  Printing 

Another  issue  that  has  created  confusion 
and  difficulty  is  the  funding  for  the  prepara¬ 
tion  of  camera-ready  copy  and  subsequent 
printing.  The  preparation  of  the  camera- 
ready  copy  was  to  be  financed  out  of  the  fund¬ 
ing  assigned  to  each  document;  however, 
when  the  CWGUP  was  initiated,  the  priorities 
were  placed  on  producing  the  technical  work 
into  a  final  approved  draft.  Carry-over  funds 
into  the  next  fiscal  year  were  not  allocated  to 
prepare  the  camera-ready  copy.  Now  that  a 
significant  number  of  documents  are  at  this 
stage  in  the  pipeline,  it  has  become  more  diffi¬ 
cult  to  find  overhead  funds  to  perform  this 
task.  Traditionally,  the  printing  of  the  docu¬ 
ments  by  HQUSACE  was  funded  out  of  a  sep¬ 
arate  overhead  printing  account.  When  the 
printing  function  was  transferred  to  WES  by 
the  MOU  in  December  1989,  it  was  assumed 
that  this  funding  arrangement  would  continue. 
The  CWGUC  requested  $100,000  per  year  of 
these  printing  funds  to  perform  the  printing  of 
the  guidance  documents.  The  CWGUP  re¬ 
ceived  $20,000  in  FY90  and  nothing  in  FY91 . 
When  pressed  on  this  issue,  HQ  decided  that 
the  printing  would  have  to  be  funded  out  of  the 
$4.5  million  provided  to  CWGUP.  This  will 
mean  the  money  available  for  technical  prepara¬ 
tion  will  be  reduced.  To  accommodate  this 
change  in  policy,  8  percent  of  the  CWGUP 
funds  will  be  reserved  for  preparation  of  the 
camera-ready  copy  and  printing,  with  this 
money  placed  in  an  overhead  account.  This 
will  mean  that  the  technical  activities  will  be 
stretched  out,  slipping  the  program  into 
FY95.  In  addition,  planning  is  being  initiated 
to  fund  maintenance  of  the  guidance  docu¬ 
ments  after  the  CWGUP  has  been  completed. 


Nation*!  Institute  of  Building 
Sciences  (NIBS)  Construction 
Criteria  Base  (CCB)  and  CD-ROM 

One  of  the  objectives  of  the  CWGUP  is  to 
make  all  the  guidance  available  to  the  design 
engineer  on  the  engineer’s  desktop  microcom¬ 
puter.  This  can  be  accomplished  by  placing 
the  guidance  documents  on  the  NIBS  CCB 
CD-ROM.  A  single  CD-ROM  disk  can  hold 
up  to  128,000  pages  of  information.  The 
NIBS  CCB  presently  consists  of  four  CD-ROM 
disks  that  contain  most  government  and  indus¬ 
try  standards  (such  as  American  Society  for 
Testing  and  Materials  standards).  Also  in¬ 
cluded  are  capabilities  for  CWGUP  guidance 
documents  with  graphics,  CADD  design  files, 
MCASES  cost  estimating  system,  SPECS¬ 
INTACT,  and  executable  CASE  programs. 

All  this  information  is  available  through  an 
$600-$800/year  subscription  to  the  CCB.  All 
the  engineer  needs  to  access  this  world  of  in¬ 
formation  is  a  microcomputer  with  a  CD-ROM 
reader.  However,  this  mass  amount  of  infor¬ 
mation  can  overwhelm  a  person  without  an 
intelligent  method  to  search  for  relevant  infor¬ 
mation.  Presently  the  system  can  perform 
word  or  phrase  searches,  but  this  is  not  very 
efficient.  Ideally,  we  need  an  intelligent  hyper¬ 
media  technology,  such  as  HYPERTEXT  or 
some  other  type  of  expert  system.  The 
CWGUC  in  partnership  with  NIBS  has  sub¬ 
mitted  a  CPAR  proposal  to  accomplish  this 
task.  The  joint  funding  requested  would  be  ap¬ 
proximately  $237,000.  It  is  estimated  that  the 
annual  savings  for  the  hypermedia  system 
would  be  on  the  order  of  $3  million  per  year 
through  increased  productivity  in  immediate 
access  by  the  engineer  to  current  design  guid¬ 
ance  and  standards.  The  proposal  is  presently 
at  HQUSACE  for  evaluation  and  approval. 

Conclusions 

Assessment  of  Program 

The  CWGUP  has  had  some  start-up  prob¬ 
lems,  and  slippages  have  occurred,  but  these 


764 


Mudd 


CESEC  91 


problems  are  being  rectified.  Presently  the 
CWGUP  is  performing  at  about  80  percent 
for  preparation  of  the  technical  drafts  and  at 
about  50  percent  for  printing  documents  so  they 
can  be  placed  in  the  hands  of  the  designer 
users.  The  poor  performance  for  pushing  the 
documents  through  the  HQUSACE  review 
and  approval  system  is  being  rectified  with  ad¬ 
ditional  hiring  or  recruiting  of  staff  and  with 
CERF  providing  assistance  in  coordinating 
the  approval  process  with  a  suspense  tracking 
system.  Some  25  to  30  individuals  have  to 
sign  off  on  an  EM  before  it  can  be  signed  by 
Col.  Herndon,  Chief  of  Staff.  Another  diffi¬ 
culty  has  been  that  since  the  start  of  the 
CWGUP,  much  of  our  institutional  knowl¬ 
edge  and  experience  has  walked  out  the  door 
due  to  retirement  of  key  engineers.  Through 
the  arrangement  with  CERF,  we  hope  to  bring 
these  elder  statesmen  back  long  enough  to  re¬ 
cord  their  knowledge,  and  experiences  to  be 
included  in  the  Corps  guidance,  and  subse¬ 
quently  to  be  passed  on  to  those  that  follow. 


Future  Technology  Enhancements 

Don  Dressier  and  the  CWGUC  are  contin¬ 
ually  searching  for  new  technology  to  make  the 
design  engineer  more  productive  and  to  relieve 
some  of  the  paperwork  burdens.  A  study  that  is 
popularly  reported  in  many  publications  esti¬ 
mates  that  a  design  engineer  devotes  only  about 
35  percent  of  available  time  for  technical  work, 
the  rest  is  preempted  by  meetings,  paperwork, 
and  all  those  other  demands  made  on  our  time 
(Figure  15).  Off  in  the  future,  we  are  thinking 
toward  providing  enhanced  tools  on  high-power 
desktop  engineer  work  stations  to  improve 
this  productivity  ratio.  New  technology  in¬ 
cludes  incorporating  on  the  CD-ROM,  auto¬ 
matic  calculations  of  design  procedures  directly 
into  the  design  documents,  CADD  design  files 
for  standard  drawings  and  details,  material 
and  specification  definitions,  and  quantity 
and  cost  estimating  links.  With  integrated 
engineering-data  base-CADD-guidance- 
graphics  visualization-hypermedia-expert 


PROFESSIONAL  ENGINEERS 
WORK  TIME  DISTRIBUTION 


PLAN/AOMIN  PAPERWORK  20% 


Figure  15.  Professional  engineer  technical  efficiency 
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systems  and  fiber  optic/networking  for  mov¬ 
ing  large  amounts  of  information  to  and  from 
remote  main  frame/supercomputer  sites,  we 
hope  to  provide  the  capability  to  improve  the 
technical  productivity  ratio  to  a  50-50  split  as 
projected  in  Figure  16. 

Challenge  for  the  Champions 

Where  this  Engineer  is  Today 

I  believe  that  “ Quality  Design  Demands 
Quality  Engineers"  ( ASCE  Magazine  1985). 
We  need  designers  who  can  couple  experience 
and  judgment  with  computer-aided  analysis 
and  design  and  other  high-technology  proce¬ 
dures  to  produce  designs  that  function  as 
planned,  are  aesthetically  pleasing,  conserve 
resources,  have  minimum  life  cycle  costs,  and 
meet  project  budgets  and  schedules.  In  the 
old  days  of  slide  rules,  the  designer  worked  in 


a  two-dimensional,  linear  elastic  world  with 
rules  of  thumb  and  engineering  judgment 
based  on  precedent.  The  engineering  manager 
probably  acquired  the  Chiefs  position  after 
many  years  in  technical  design  before  assum¬ 
ing  full  professional  responsibilities  as  an  in¬ 
dependent  senior  engineer  decisionmaker. 

Today’s  designer  works  in  a  very  different 
world.  This  world  is  real  in  space  and  time,  is 
nonlinear  and  nonelastic,  is  static  and  dynamic, 
flows,  creeps,  and  has  material  properties  that 
change  with  age  and  deformation.  With  com¬ 
puter  simulations,  it  is  possible  to  describe  and 
analyze  these  real  world  events  and  further  ob¬ 
tain  optimum  design  by  parametric  investiga¬ 
tions.  Thus,  today  the  designer  can  quickly 
gain  the  experience  in  natural  behavior  that  a 
generation  ago  he  could  only  have  acquired  in  a 
lengthy  trial-and-error  process,  with  some¬ 
times  the  errors  showing  up  after  construction. 


HOW  CAN  WE  INCREASE 
ENGINEERS  PRODUCTIVITY  ? 


OLD  WAY 


NEW  WAY 


TECHNICAL 

ENGINEERING 


NONTECHNICAL 


35% 


65% 


50% 


50% 


TECHNICAL  ENGINEERING 
DESK  TOP  AUTOMATION 


AUTOMATED  INFORMATION 
CO  ROM  WORK  STATION 


MANUAL  TECHNOLOGY 
PC  STAND  ALONE 


AUTOMATED  DESKTOP 
CD-ROM  ENGINEER 
WORKSTATION 


AUTOMATED  ENGINEERING/INFORMATION  MANAGEMENT  SYSTEMS 


•  DESK  TOP  ENGINEER  WORK  STATIONS 

•  ENGINEERING  &  CONSTRUCTION  INTEGRATED  DATA  BASE/CADD 

•  CD-ROM  DATA  BASE  HYPERTEXT/HYPERMEDIA/EXPERT  SYSTEMS 

•  FIBER  OPTIC  INFORMATION  TRANSFER/NETWORKING  REMOTE  SITES 

•  ON  LINE  MAIN  FRAMES/SUPER  COMPUTERS/SCIENTIFIC  VISULIZATION 


Figure  16.  Tools  to  improve  engineers’  productivity 
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To  effectively  model,  analyze,  and  interpret 
a  design  using  the  iatest  technology,  the  de¬ 
signer  must  think,  act,  and  work  smarter  and 
more  independently  than  ever  before.  The  tech¬ 
nical  design  decisions  are  being  made  at  lower 
levels  of  the  organization,  while  the  project 
managers  are  more  concerned  with  the  business, 
the  schedules,  and  the  budgets.  Unfortunately 
this  is  where  recognition,  advancement,  and 
compensation  are  found,  and  we  lose  many  of 
our  best  designers  to  this  end  of  the  organization. 

Thus,  the  designers  that  choose  to  remain 
need  all  the  help  they  can  get  to  perform  the 
essential  function  of  the  Corps  of  Engineers 
and  to  be  the  best  they  can  be  at  engineering. 
Today’s  designer  needs  the  best  tools,  the 
best  technology,  and  the  best  guidance  to  do 
the  best  job.  That  is  why  I  believe  the  most 
effective  civil  works  guidance  program  that 
we  can  devise  is  essential  for  the  survival  of 
our  designer  to  perform  quality  engineering. 
This  is  where  I  want  to  be,  at  least  today. 

Yesterday  is  History 
Tomorrow  is  but  a  Dream 
Only  today  is  Real 

or  stated  in  other  terms: 

It  is  very  difficult 

to  survive  in  a  world  of  meat  eaters 
when  you  are  wearing  meat 


Breakfast  of  Champions 

Since,  at  this  early  hour  you  have  foregone 
breakfast  to  listen  to  my  reminiscences,  1 
challenge  you  all,  as  professional  structural 
engineers,  with  the  opportunity  to  participate 
in  the  guidance  update  program.  Each  of  you 
is  a  champion,  as  evidenced  by  your  active 
participation  in  this  structural  conference 
which  shows  a  willingness  to  learn,  share, 
and  contribute  your  knowledge  to  the  better¬ 
ment  of  structural  engineering.  As  champi¬ 
ons,  we  need  your  advice  and  contribution  to 
this  program.  I  have  always  believed  that  the 
best  engineers  to  write  guidance  are  design¬ 
ers,  not  researchers  that  create  technology. 
The  engineers  have  experience  in  translating 
new  technology  into  the  designs  that  can  be 
constructed  and  have  been  around  long 
enough  to  experience  the  joys  and  pains 
through  the  execution  of  designs  and  have 
learned  to  do  things  differently  and  better  on 
the  next  job.  We  need  your  experiences, 
strengths,  and  hopes  in  written  guidance  to 
pass  on  to  the  next  generation.  We  can’t  keep 
it  unless  we  pass  it  on.  If  you  want  to  volun¬ 
teer  to  write  guidance,  serve  on  field  review 
groups,  or  even  offer  suggestions  where  new 
guidance  is  needed,  call  Donald  Dressier, 
CECW-ED,  202-272-0220,  or  Thomas  Mudd, 
CEWES-IM-D,  601-634-4383,  and  we  will 
get  you  involved. 
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Earthquake  Implications  for  the  Central 
and  Eastern  United  States 


by 

Helen  J.  Petersen 1 


Abstract 

The  Loma  Prieta  earthquake  of  October  1989  serves  as  a  graphic  reminder  of 
the  destructive  power  of  ground  shaking  amplified  by  soft  soils.  Communities 
severely  impacted  by  the  earthquake  are  still  in  what  promises  to  be  a  long  recovery 
process.  The  damage  caused  by  the  Loma  Prieta  earthquake  emphasizes  the 
importance  of  the  seismic  structural  design  principles  in  use  today. 

This  paper  looks  at  the  seismicity  of  the  Central  and  Eastern  United  States. 
Major  historical  seismic  events  and  earthquake  source  zones  are  identified,  and 
characteristics  of  “intraplate  ”  earthquakes  are  briefly  discussed.  Factors  placing 
the  region  at  risk  including  lack  of  understanding  of  intraplate  seismic  activity, 
uncertainty  establishing  earthquake  frequency  and  recurrence  rates,  lack  of  seismic 
provisions  in  building  codes,  failure  to  address  the  seismic  retrofit  of  existing 
buildings,  and  vulnerability  of  bridges  and  highways  are  discussed  in  general  terms. 
The  paper  concludes  that  the  Central  and  Eastern  United  States  are  at  risk  of  an 
earthquake  and  that  even  a  moderate  earthquake  depending  on  the  magnitude, 
epicenter  location,  and  focal  depth  could  cause  significant  damage. 


Introduction 

On  17  October  1989  at  5:04  P.M.  Pacific 
Daylight  Time,  an  earthquake  7. 1  M  (surface 
wave  magnitude)  occurred  along  the  San  An¬ 
dreas  Fault.  The  epicenter  of  the  earthquake 
was  located  in  the  Santa  Cruz  mountains,  ap¬ 
proximately  10  miles  east-northeast  of  the  city 
of  Santa  Cruz  and  about  60  miles  southeast  of 
San  Francisco  near  Mount  Loma  Prieta.  The  Pa¬ 
cific  Plate  moved  6.2  ft  to  the  northwest  and 
4.3  ft  upward  over  the  North  American  Plate. 
The  focal  depth  of  the  earthquake  was  about  18 
km,  which  is  much  deeper  than  the  8-  to  10-km 
range  expected  for  earthquakes  in  the  region 
(The  State/Hazard  Mitigation  Team  1990). 


There  were  62  fatalities  as  a  result  of  the 
earthquake,  and  the  property  damage  esti¬ 
mates  approach  $10  billion,  but  fortunately 
several  factors  combined  to  minimize  the  loss 
of  life  and  property  due  to  Loma  Prieta. 

•  The  epicenter  was  in  an  area  of  low  popu¬ 
lation  density. 

•  The  period  of  heavy  ground  shaking  was 
relatively  short,  less  than  15  sec.  This 
was  due  primarily  to  the  bilateral  rupture 
mechanism. 

•  The  time  of  the  earthquake  coincided 
with  the  World  Series.  Many  commuters 


1  Structures  Section,  US  Army  Engineer  District,  Kansas  City;  Kansas  City,  MO. 
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had  adjusted  their  schedules;  consequently, 
the  number  of  people  at  great  risk  was 
reduced. 

•  California  had  adopted  seismic  building 
codes  and  practiced  earthquake  resistant 
design.  While  not  all  buildings  had  been 
seismically  retrofit,  this  work  had  been 
started  with  particular  emphasis  on  those 
buildings  categorized  as  essential  facilities. 

Loma  Prieta  was  unusual  in  some  respects. 
There  was  no  surface  fault  rupture  which  is 
characteristic  of  earthquakes  in  the  region, 
and  there  was  unexpected  heavy  ground  shak¬ 
ing  at  the  Santa  Cruz  mountain  tops.  In  many 
respects,  Loma  Prieta  was  all  too  predictable. 
The  majority  of  engineered  building  failures 
occurred  due  to  soft  soil  amplification  of 
heavy  ground  shaking,  poor  maintenance,  and 
construction  deficiencies.  Unreinforced  ma¬ 
sonry  and  nonductile  concrete  construction 
performed  poorly,  as  expected. 

One  year  after  the  event,  reconstruction 
had  barely  begun  in  some  areas,  indicating 
that  the  recovery  would  be  an  extremely  pro¬ 
tracted  one.  Public  confusion  still  remained 
regarding  the  purpose  of  building  codes  and 
the  subsequent  level  of  protection  provided  by  a 
building  designed  and  constructed  to  meet  a 
specific  code.  Public-perceived  “Government 
failure”  to  adequately  protect  the  public  against 
known  seismic  dangers  has  come  under  in¬ 
creased  scrutiny.  Reconstruction  in  the  area 
has  been  delayed  by  funding  problems,  litiga¬ 
tion,  historic  preservation  interests,  and  code 
provisions  regarding  the  seismic  design  re¬ 
quirement  for  the  reconstruction  of  earthquake- 
damaged  buildings.  Loma  Prieta  serves  as  a 
stark  reminder  of  the  damage  potential  of 
earthquakes. 

The  Loma  Prieta  earthquake  fulfilled  a 
forecast  by  fhe  US  Geologic  Survey  (USGS). 
The  USGS  had  identified  the  southern  Santa 
Cruz  mountain  segment  of  the  San  Andreas 
Fault  as  the  most  likely  location  for  a  magni¬ 
tude  6.5  to  7.0  earthquake  during  the  30-year 
period  1988-2018.  While  it  is  clear  that  much 
work  still  remains  to  be  done  in  the  areas  of 
earthquake  prediction  and  seismic  studies,  the 


fact  that  specific  areas  along  faults  can  be 
identified  like  this  indicates  that  the  tectonics 
along  plate  boundaries  are  reasonably  well 
understood. 

Regional  Seismic  History 
intensity  and  magnitude 

Two  teriru  'ommonty  used  to  describe  an 
earthquake  are  '‘intensity”  and  “magnitude." 
Intensity  is  a  subjective  measure  by  observers 
of  the  earthquake’s  severity  at  a  specific  loca¬ 
tion.  The  United  States  uses  the  Modified 
Mercalli  Scale,  which  grades  observed  effects 
into  12  categories.  Magnitude  does  not  vary 
with  location,  but  rather  is  a  measure  of  the 
absolute  size  of  an  earthquake.  The  most  fre¬ 
quently  mentioned  magnitude  scale  is  the 
Richter  Scale.  While  the  earthquake  magni¬ 
tudes  arc  no  longer  computed  as  defined  by 
Richter,  the  name  is  retained  to  honor  one  of 
the  field's  early  pioneers  and  usually  refers  to 
the  larger  of  the  body-wave  magnitude  (m^) 
or  the  surface-wave  magnitude  (M  ).  It  is  im¬ 
portant  to  remember  that  while  intensity  and 
magnitude  are  interdependent,  there  is  no 
close  correlation  between  the  two. 

Central  United  States 

While  earthquakes  within  continental 
regions  are  relatively  rare,  these  intraplate 
earthquakes  have  occurred  on  almost  every 
continent.  Figure  1  shows  some  of  the  dam¬ 
aging  earthquakes  of  the  Central  and  Eastern 
United  States.  Intensities  and  magnitudes  are 
included  when  known.  The  seismicity  of  the 
Central  United  States  is  dominated  by  possibly 
the  largest  shocks  to  have  occurred  in  a  plate  in¬ 
ferior,  the  New'  Madrid  series  of  181 1  and 
1812.  Unlike  most  earthquakes,  w'hich  consist 
of  a  single  major  shock  followed  by  after¬ 
shocks,  the  1811-1812  New  Madrid  series  had 
four  distinct,  very  large  shocks  each  with  ac¬ 
companying  aftershocks.  Residents  of  the  re¬ 
gion  were  awakened  after  2  on  the  morning  of 
16  December  1811  by  what  was  to  be  the  first 
of  many  shocks  (Ms  =  3.6).  Approximately 
6  hr  later,  the  second  of  the  large  shocks 
(M^  =  8.0)  struck  the  area.  These  earthquakes 
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Figure  1.  Typical  damaging  central  and  eastern  United  States  earthquakes 


ruptured  approximately  90  miles  of  the  south¬ 
ern  segment  of  the  fault.  The  third  and  fourth 
shocks  occurred  on  23  January  and  7  February 
1812,  respectively.  The  third  shock  =  8.4 
ruptured  about  45  miles  of  the  central  seg¬ 
ment  of  the  fault.  It  was  the  fourth  and  largest 
shock  of  the  series  (M  =  8.8)  that  ruptured 
the  northern  branch  of” the  fault  and  com¬ 
pletely  destroyed  the  town  of  New  Madrid 
(Nuttli  1990).  Records  of  the  aftershocks 
were  kept  by  Jared  Brooks  of  Louisville,  KY. 
By  March  1812,  he  had  recorded  over  1,800 
aftershocks.  The  aftershocks  continued  for  at 
least  5  years,  until  1817  (Fuller  1912).  Earth¬ 
quakes  are  known  to  have  occurred  in  the 
New  Madrid  area  prior  to  the  1 8 1 1  - 1 8 1 2  se¬ 
ries;  however,  the  series  marks  the  beginning 
of  the  region’s  recorded  seismic  history.  In 
1843,  a  6.4  moment  magnitude  (M)  earth¬ 
quake  occurred  near  Marked  Tree,  AR,  near 
the  southern  end  of  the  area  affected  by  the 
1811-1812  series.  This  was  followed  in  1895 
by  a  6.8  moment  magnitude  (M)  earthquake 
near  Charleston,  MO,  near  the  northwestern 
end  of  the  area  affected  by  the  181 1-1812  se¬ 
ries  (Hamilton  and  Johnston  1990).  The 
region’s  more  recent  history  has  been  punctu¬ 
ated  by  earthquakes  of  lower  magnitude  rang¬ 
ing  from  5.0  to  5.5.  The  most  recent  area 


earthquake,  a  magnitude  4.6  with  the  epicen¬ 
ter  10  miles  west  of  the  city  of  New  Madrid, 
occurred  on  3  May  1991.  The  earthquake 
was  felt  in  six  states,  but  caused  no  signifi¬ 
cant  damage.  This  type  of  earthquake  is  ex¬ 
pected  approximately  every  5  years  in  the 
New  Madrid  Seismic  Zone. 

While  the  New  Madrid  Seismic  Zone  over¬ 
shadows  the  Central  United  States,  it  is  not 
the  only  seismically  active  area  in  the  region. 
Figure  2  shows  seismic  regions  of  the  Central 
United  States  as  defined  by  Arch  Johnston 
and  Susan  Nava  (Johnston  and  Nava  1990). 

A  12-year  study  funded  by  the  Nuclear 
Regulatory  Commission  and  the  US  Army 
Corps  of  Engineers  recently  completed  in 
Kansas  yielded  the  following  seismicity  infor¬ 
mation.  The  state  experiences  about  two 
microearthquakes  per  month.  During  the 
period  from  J987  to  mid- 1989,  the  state  expe¬ 
rienced  more  than  a  dozen  perceptible  earth¬ 
quakes.  Magnitudes  as  large  as  5.0  to  5.5  can 
be  expected  every  100  to  200  years  with  earth¬ 
quakes  as  large  as  6.0  to  6.5  possible  every 
1 ,000  years.  The  Humbolt  Fault  Zone,  a  se¬ 
ries  of  faults  running  through  eastern  Kansas 
from  Omaha.  NE,  to  Oklahoma  City,  is  the 


CESEC91 


Petersen 


773 


Figure  2.  Seismic  source  zones  (Johnston  and  Nava  1990) 


site  of  most  of  the  seismic  activity  of  eastern 
Kansas. 

Eastern  United  States 

The  Northeastern  United  States  is  a  region 
of  relatively  high  seismicity  principally  in  the 
St.  Lawrence  Valley  and  the  Laurentian 
Trough.  The  first  seismic  event  in  most  his¬ 
torical  catalogues  for  the  United  States  oc¬ 
curred  in  1534  in  the  Charlevoix  Seismic 
Zone  in  the  St.  Lawrence  Valley.  The  zone 
has  since  experienced  six  large  earthquakes  of 
magnitude  6  or  greater  with  the  latest  occur¬ 
ring  in  1925.  The  region  is  characterized  by 
small  magnitude  events  with  widespread,  but 
not  uniform,  epicentral  distribution  and  occa¬ 
sional  larger  magnitude  shocks  capable  of 
causing  damage  (Ebel  1987). 


The  Southeastern  United  States  is  charac¬ 
terized  by  low-level  seismic  activity.  There 
is  an  absence  of  exposed  seismically  active 
faults.  The  plate  stress  is  uniform  over  the  re¬ 
gion  in  an  ENE-WSW  direction  due  to  the 
pi  ate- tec  tonic  forces.  The  region  is  dominated 
by  the  Charleston  earthquake  (Ms  =  7.7)  of 
31  August  1886.  The  epicenter  of  the  earth¬ 
quake  was  15  miles  northwest  of  Charleston, 
SC.  The  affected  area  was  5.2  million  sq  km 
with  damage  estimated  at  $5  million.  Damage 
in  Charleston  was  greater  since  it  was  built  on 
man-made  land  which  amplified  ground  mo¬ 
tion.  Paleoseismology  techniques  have  been 
successfully  used  in  the  South  Carolina  area. 
These  techniques  which  include  radiometric- 
age  dating  of  buried  wood  fragments  have  led 
to  the  identification  of  at  least  four  major 
earthquakes  prior  to  the  Charleston  event  with 
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the  oldest  of  these  occurring  more  than  5,000 
years  ago  (Snider  1990). 

Central  and  Eastern  Earthquake 
Characteristics 

General 

One  of  the  most  important  factors  limiting 
the  understanding  of  Central  and  Eastern 
United  States  (CEUS)  earthquakes  is  the  lack 
of  a  widely  accepted  hypothesis  regarding  the 
cause  of  earthquakes  occurring  within  plates. 
The  earthquake  distribution  in  the  CEUS  is 
highly  irregular,  and  in  most  cases  it  is  diffi¬ 
cult  to  relate  modern  seismicity  to  specific 
geologic  features  except  in  a  general  way. 
Earthquakes  in  the  region  tend  to  occur  in  dif¬ 
fuse  zones  rather  than  along  clearly  defined 
fault  lines.  Most  known  faults  are  deeply  bur¬ 
ied  by  as  much  as  3,000  ft  of  poorly  consoli¬ 
dated  sedimentary  rock  making  them  harder 
to  study.  Surface  fault  rupture  usual  in  west¬ 
ern  earthquakes  is  an  extremely  rare  occur¬ 
rence  in  the  CEUS.  Seismically  active  areas 
are  commonly  separated  by  regions  with  little 
or  no  seismicity. 

CEUS  earthquakes  occur  much  less  fre¬ 
quently  than  their  western  counterparts.  It  is 
this  frequency  of  occurrence  which  attracts 


greater  scientific  and  political  interest  which 
generates  more  data  for  study.  While  there 
are  350  years  of  written  records  for  earth¬ 
quakes  in  the  east,  the  older  records  provide 
only  limited  information  about  the  earthquakes 
near  populated  areas.  The  World  Wide  Seismic 
Network  deployed  in  the  early  1960’s  has  pro¬ 
vided  the  capacity  to  record  small  and  moderate 
earthquakes.  By  studying  these  smaller  earth¬ 
quakes,  scientists  hope  to  better  understand 
stress  patterns  and  locate  buried  faults;  how¬ 
ever,  fewer  than  30  years  of  these  records 
exist.  Incomplete  data  make  it  impossible  to 
prove  that  most  CEUS  seismic  zones  occur  in 
a  predictable  pattern  or  manner.  This  makes 
it  difficult  to  establish  recurrence  relation¬ 
ships.  Frequency  of  recurrence  patterns  and 
relationships  for  smaller  earthquakes  are  then 
extrapolated  to  larger  magnitudes. 

Earthquakes  east  of  the  Rocky  Mountains 
are  typically  felt  and  cause  damage  over  a 
much  larger  area  than  do  western  earthquakes. 
This  is  probably  due  to  the  homogeneous  na¬ 
ture  of  the  basement  rock  and  lack  of  attenua¬ 
tion  east  of  the  Rocky  Mountains. 

See  Figure  3  for  a  comparison  of  the  areas 
affected  by  the  1906  San  Francisco  earthquake 
and  the  December  1811  New  Madrid  earth¬ 
quake  (Ramelli  and  Slemmons  1990). 


Figure  3.  Areas  affected  by  large  historical  earthquakes 

“Lower  attenuation  of  seismic  waves  in  the  central  and  eastern  US  result  in  much 
larger  damage  areas  relative  to  the  west.’  {Ramelli  and  Slemmons  1990) 
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Probability  of  occurrence 

The  National  Center  for  Earthquake  Engi¬ 
neering  in  Buffalo,  NY,  reports  that  there  is 
“a  very  high  probability  that  a  magnitude  6  or 
greater  earthquake  will  occur  somewhere  in 
the  Eastern  United  States  within  the  next  20 
years”  (Snider  1990).  Studies  done  by 
Nishenko  and  Bollinger  (1990)  established 
the  probabilities  shown  in  Table  1.  The  prob¬ 
ability  for  a  mfe  >  6.0  earthquake  somewhere 
in  the  Centrai  and  Eastern  United  States 
within  the  next  30  years  is  between  40  and 
60  percent  (Nishenko  and  Bollinger  1990). 


Earthquake  Implications 
for  the  CEUS 

General  implications 

A  number  of  factors  combine  to  make  the 
occurrence  of  even  a  moderate  seismic  event 
potentially  devastating  in  the  CEUS. 

•  The  Eastern  and  to  lesser  extent  the  Cen¬ 
tra!  United  States  have  a  large  number  of 
densely  populated  areas. 


Table  1 

Conditional  Probability  Estimates1 


1990  to  2000 

1990  to  2020 

1990  to  2040 

iseeqhk 

mb  >  7.0 

mb  >  6.0 

mb  2  7.0 

mb  2  6.0  1  mb  2  7.0 

New  England 

0.08 

0.01 

0.21 

0.03 

0.04 

Southeast 

0.11 

0.30 

o 

o 

0.07 

New  Madrid 

0.13 

0.34 

0.05 

0.50 

0.08 

Combined 

0.29 

0.04 

0.64 

0.11 

0.81 

0.18 

CEUS  j 

0.16-0.22 

0.01-0.02 

0.41-0.53 

0.03-0.07 

0.58-0.72 

0.05-0.11 

'  (Nishenko  and  Bollinger  1990)  Probabilities  do  not  depend  on  the  time  elapsed  since  Ihe  last  earthquake. 


Table  2  shows  the  lack  of  clear  agreement 
between  the  experts  in  the  area  of  seismic 
probability.  The  marked  difference  in  proba¬ 
bilities  illustrates  the  uncertainty  and  lack  of 
understanding  of  the  tectonics  of  the  New 
Madrid  Seismic  Zone.  It  shows  the  need  for 
further  research  into  the  New  Madrid  Zone 
specifically  and  the  CEUS  in  general.  Estab¬ 
lishing  the  probability  of  occurrence  in  an 
area  is  essential  in  establishing  the  seismic 
hazard  for  a  region. 


•  Most  local  building  codes  lack  seismic 
provisions.  Municipalities  with  seismic 
provisions  in  their  codes  frequently  ad¬ 
dress  only  new  construction,  not  the  prob¬ 
lem  of  retrofitting  existing  construction. 

•  Building  stock,  particularly  in  older  estab¬ 
lished  cities,  is  predominantly  unreinforced 
masonry,  one  of  the  construction  types  most 
vulnerable  to  seismic  damage  and  most  dan¬ 
gerous  to  occupants. 


Table  2 


Probability  Estimates  1 

for  the  New  Madrid  Seismic  Zone  (Hamilton  and  Johnston  1990) 

mb 

Ms 

Probability  of  Recurrence 

Next  15  years 

Next  50  years  j 

Model  I  -  Time  Dependent  Model 


>  6.0 

>6.3 

40%  -  63% 

86%  -  97% 

>  7.0 

>8.3 

0.3% -1.0% 

2.7%  -  4.0% 

Model  II  -  Time  Independent  Model 


>6.0 

5  6.3 

16%  -  24% 

45%  -  60% 

a  7.0 

>8.3 

2%  -  4% 

7%  -  11% 
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•  The  transportation  system  is  generally 
vulnerable  to  seismic  damage,  especially 
the  bridges.  This  seismic  vulnerability  is 
increased  by  age,  adverse  climate  in  the 
northern  regions,  neglect,  and  poor  main¬ 
tenance.  Bridges  most  vulnerable  to  seis¬ 
mic  damage  have  one  of  these 
characteristics  common  to  the  majority 
of  bridges  in  the  CEUS.  They  are  simply 
supported  spans  with  deficient  bearings 
and  inadequate  seat  widths  or  have  non- 
ductile  concrete  substructures  or  un¬ 
derreinforced  footings  or  underreintorced 
abutment  walls.  Figure  4  illustrates  the 
large  number  of  CEUS  with  deficient 
bridges  and  highways  (Buckle  1990). 

•  Numerous  pipelines  cross  the  Central 
United  States  in  or  near  the  New  Madrid 
Seismic  Zone.  The  40-in.-diam  Capline 
System,  operated  by  Shell  Oil  which  runs 
from  southeastern  Louisiana  to  Patoka, 
IL,  is  particularly  vulnerable.  It  is  possi¬ 
ble  that  the  pipeline  could  rupture  during 
an  earthquake  in  the  New  Madrid  Zone 
and  contaminate  water  supplies  for  west¬ 
ern  Tennessee  (Hwang  and  Chen  1990). 


•  Surface  soil  near  many  major  cities  have 
liquefaction  potential.  At  a  minimum, 
these  areas  include  New  York  City,  NY; 
Charleston,  SC;  and  the  mid-Mississippi 
Valley.  Soft  soils  in  these  areas  would 
tend  to  amplify  the  heavy  ground  shaking 
during  a  seismic  event. 

Implications  for  St.  Louis,  MO 

To  better  understand  the  seismic  risk  and 
hazard  fer  the  CEUS,  it  is  helpful  to  examine 
a  specific  city  as  an  example.  St.  Louis,  MO, 
was  selected  for  several  reasons.  Historically, 
the  city  has  suffered  damage  from  seismic 
events  originating  in  the  New  Madrid  Seismic 
Zone  as  well  as  from  earthquakes  originating 
in  several  other  seismic  areas.  The  tri-services 
Technical  Manual  Seismic  Design  for  Build¬ 
ings  (Headquarters.  Department  of  the  Army 
1982)  classifies  St.  Louis  as  a  seismic  zone  2. 
while  the  1988  edition  of  the  Uniform  Build¬ 
ing  Code  (International  Conference  of  Build¬ 
ing  Officials  1988)  classifies  the  area  as  zone 
2A.  The  city  typifies  much  of  the  CEUS  in 
the  following  ways: 


Figure  4.  Deficient  bridges  and  interstates  in  the  central  and  eastern  United  States 
(Based  on  information  from  the  US  Department  of  Transportation,  1 989.  'Deficient  in  this  context 
is  the  term  for  substandard  structural  or  pavement  condition.)  (Buckle  1 990) 
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•  The  seismic  risk  zonation  is  moderate. 
There  are  few  higher  zoned  areas  in  the 
CEUS  based  on  current  probabilistic  zo¬ 
nation  maps.  The  majority  of  the  CEUS 
area  is  zone  2  or  less. 

•  Until  very  recently,  St.  Louis  had  no  seis¬ 
mic  provisions  in  their  local  building 
codes  for  either  the  city  or  the  surround¬ 
ing  county.  The  city  and  the  county  have 
recently  adopted  the  Standard  Building 
Code  earthquake  provisions  for  new  con¬ 
struction.  The  great  majority  of  city  and 
county  buildings  are  not  designed  for 
seismic  loading.  The  adoption  of  seismic 
provisions  is  the  exception  rather  than 
the  rule  in  most  of  the  CEUS. 

•  The  city  and  to  a  lesser  extent  the  county 
is  predominantly  unreinforced  masonry 
construction  as  are  most  of  the  older 
urban  areas  in  the  CEUS. 

Much  of  the  following  information  was  the 
result  of  continuing  efforts  of  the  Federal 
Emergency  Management  Agency  (FEMA) 
and  the  Central  United  States  Earthquake  Con¬ 
sortium  (FEMA  1990).  The  study  projected 
the  impact  on  St.  Louis  and  St.  Louis  county 
of  two  different  magnitude  earthquakes 
(M$  =  7.6  and  M  =  8.6)  in  the  New  Madrid 
seismic  region.  To  maximize  the  impact  of  the 
earthquake  on  the  study  area,  the  anticipated 
epicenter  was  located  as  close  as  possible  to 
St.  Louis.  This  placed  the  epicenter  150  miles 
south-southeast  of  the  St.  Louis  area.  Maximum 
ground-shaking  estimates  for  the  FEMA  study 
were  developed  by  Algermisson  and  Hopper 
as  part  of  a  study  for  the  United  States  Geo¬ 
logic  Survey.  Figure  5  represents  the  maximum 
ground-shaking  intensity  for  the  entire  region 
based  on  earthquakes’  epicenters  running  the 
length  of  the  New  Madrid  Seismic  Zone.  Fig¬ 
ure  6  represents  the  upper  levels  of  shaking 
likely  to  occur  in  a  given  region  of  the  study 
area  due  to  an  earthquake  of  the  specified 
magnitude.  (As  previously  stated,  this  figure 
assumes  an  epicenter  150  miles  south-south¬ 
east  of  the  city.)  As  expected,  the  maximum 
ground  shaking  is  expected  to  occur  along  the 
flood  plains  of  the  Mississippi,  Missouri,  and 


Meramac  Rivers  in  areas  of  unconsolidated 
alluvial  materials. 

In  an  M$  =  8.6  event,  the  hypothetical 
maximum  intensities  projected  range  from 
VII  to  IX.  As  described  by  the  Modified 
Mercalli  Intensity  Scale,  the  observed  damage 
could  range  from  negligible  in  well-designed 
and  constructed  buildings  and  considerable  in 
building  of  poor  design  and  construction  for 
intensity  VII  areas  to  considerable  damage  in 
buildings  of  good  design  and  construction 
with  damage  to  underground  pipes  for  intensity 
IX  areas. 

The  projected  maximum  hypothetical  inten¬ 
sities  corresponding  to  a  M$  =  7.6  event  range 
from  VI  to  VIII.  The  observed  damage  could 
range  from  slight  for  intensity  VI  areas  to 
some  damage  in  buildings  of  good  design  and 
great  damage  in  poorly  designed  and  con¬ 
structed  buildings  for  intensity  VIII  areas. 

The  area  is  particularly  vulnerable  because 
of  the  predominance  of  unreinforced  masonry 
buildings.  There  are  estimated  to  be  approxi¬ 
mately  185,000  residential  unreinforced  mason¬ 
ry  buildings  almost  evenly  divided  between 
the  city  and  the  county.  Approximately 
80  percent  of  the  city’s  residential  buildings 
and  85  percent  of  the  city’s  commercial  and 
industrial  buildings  are  unreinforced  masonry 
construction.  The  percentage  of  unreinforced 
masonry  in  the  county  is  much  lower  due  to 
the  county’s  larger  building  inventory;  how¬ 
ever,  it  is  still  a  significant  percentage.  The 
seismic  vulnerability  of  unreinforced  masonry 
construction  and  the  density  of  construction 
in  the  St.  Louis  area  combine  to  ensure  that 
most  of  the  property  damage  and  resulting 
casualties  will  occur  in  these  buildings. 

The  study  concludes  that  if  a  great  (M  =  8.6) 
earthquake  were  to  occur  (as  specified),  tfie  City 
of  St.  Louis  and  St.  Louis  County  could  ex¬ 
pect  “thousands  of  casualties  and  property 
damage  totalling  billions  of  dollars”  (FEMA 
1990).  Fire  and  flooding  could  be  caused  by 
the  earthquake’s  contributing  to  damage  and 
loss  of  life.  Rescue  and  recovery  efforts 
would  be  hampered  by  damaged  facilities  and 
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MMI  =  X  FOR  7.6  EVENT; 
MMI  =  XI  FOR  8.6  EVENT 

MMI  =  IX  FOR  7.6  EVENT; 
MMI  *  X  FOR  8.6  EVENT 

MMI  =  VIII  FOR  7.6  EVENT; 
MMI  =  IX  FOR  8.6  EVENT 

MMI  =  VII  FOR  7.6  EVENT; 
MMI  =  VIII  FOR  8.6  EVENT 

MMI  =  VI  FOR  7.6  EVENT- 
MMI  =  VII  FOR  8.6  EVENT 


Figure  5.  Map  of  hypothetical  maximum  intensities  resulting  from  an  earthquake  anywhere  along  the  New 
Madrid  Seismic  Zone  (FEMA  1 990) 


Figure  6.  Map  of  hypothetical  maximum  intensities  in  St.  Loius  City  and  County,  MO  (Fema  1990) 
Resulting  from  an  earthquake  in  the  northern  part  of  the  New  Madrid  Seismic  Zone. 
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equipment,  reduction  of  airport  operational  ca¬ 
pability,  and  limited  highway  useability  due 
primarily  to  damaged  overpasses  and  bridges. 

The  occurrence  of  a  major  earthquake 
(Ms  =  7.6)  is  “expected  to  cause  40  percent  as 
much  property  damage  and  20  to  25  percent 
as  many  casualties  as  a  M  =  8.6  earthquake” 
(FEMA  1990).  All  of  theSeffects  of  the  great 
magnitude  earthquake  are  expected  to  a  lesser 
extent  in  the  smaller  magnitude  event. 

Building  codes 

In  general,  the  local  political  jurisdiction 
has  the  ultimate  responsibility  for  establishing 
and  enforcing  a  building  code.  A  community 
can  develop  their  own  code,  adopt  one  of  the 
three  available  model  codes  in  its  entirety,  or 
use  a  model  code  with  modifications.  Unfor¬ 
tunately,  the  majority  of  communities  in  the 
CEUS  have  chosen  to  adopt  model  building 
codes  without  seismic  provisions.  Agencies 
of  the  Federal  Government  are  exempt  from 
local  regulations  and  often  develop  their  own 
building  regulations. 

While  the  majority  of  building  design  and 
construction  by  the  Corps  of  Engineers  relies 
on  the  technical  manuals,  there  is  increasing 
pressure  to  be  more  competitive  with  the  pri¬ 
vate  sector.  The  use  of  fast  track  design  build¬ 
ing  methods  is  increasing.  These  projects  are 
usually  based  on  so  called  “industry  standards.” 
This  makes  it  increasingly  important  for  us  to 
understand  the  purpose  and  the  limitations  of 
existing  building  codes.  As  previously  stated, 
one  of  the  problems  that  became  apparent  fol¬ 
lowing  the  Loma  Prieta  Earthquake  was  the 
lack  of  understanding  of  the  purpose  of  build¬ 
ing  codes.  Seismic  codes  establish  minimum 
standards  for  design  and  construction  of  earth- 
quake-resistant  buildings.  In  general,  struc¬ 
tures  should  resist  minor  earthquakes  with  no 
damage,  moderate  earthquakes  may  cause 
nonstructural  damage,  and  structures  should 
resist  major  earthquakes  without  collapse,  but 
both  structural  and  nonstructural  damage  may 
occur.  Codes  must  be  simple  enough  so  that 
the  average  practitioner  can  apply  it  correctly, 
at  reasonable  cost.  The  provisions  must  be 


unambiguous,  with  clear  intent,  so  they  are  en¬ 
forceable. 

The  increased  cost  for  seismic  design  is 
one  of  the  most  frequently  cited  reasons  used 
to  justify  the  adoption  of  codes  without  seismic 
provisions.  Increased  cost  for  seismic  design 
should  be  in  the  range  of  1  to  4  percent  of  the 
cost  of  the  structural  system  or  1 .5  percent  to 
less  than  1  percent  of  the  total  construction 
cost.  (This  is  not  to  be  confused  with  the 
total  project  cost.)  The  increased  cost  of  com¬ 
plying  with  seismic  code  provisions  depends 
on  the  specific  seismic  code,  the  complexity 
of  the  structural  system,  the  cost  of  the  struc¬ 
tural  system  in  relation  to  the  total  building 
cost,  and  finally  whether  seismic  resistance  is 
considered  in  the  building  configuration  and 
the  materials  used.  Failure  to  consider  seismic 
resistance  early  in  the  design  or  unwillingness 
by  users  or  other  disciplines  to  accommodate 
changes  required  for  good  seismic  design  can 
inflate  the  cost  of  seismic  design  (Building 
Seismic  Safety  Council  1990). 

Summary  and  Conclusions 

The  seismicity  of  the  CEUS  is  much 
greater  than  public  perception  would  indicate. 
The  CEUS  have  experienced  strong  seismic 
activity  in  the  past,  and  such  activity  is  ex¬ 
pected  to  continue.  Although  experts  do  not 
agree  on  the  method  of  determining  probabil¬ 
ity  and  recurrence,  they  do  generally  concur 
in  characterizing  the  probability  of  an  earth¬ 
quake  (m.  >  6)  occurring  in  the  CEUS  within 
the  next  30  years  as  moderate  to  high.  The 
mechanisms  of  earthquakes  in  the  CEUS  and 
within  plates  in  general  are  not  well  under¬ 
stood,  and  more  research  is  required  to  estab¬ 
lish  seismic  hazards  for  various  regions 
within  the  CEUS.  Without  clear  definition  of 
seismic  hazards  (including  hazard  areas  and 
probability  of  occurrence)  and  the  ability  to 
address  the  economic  concerns,  it  will  con¬ 
tinue  to  be  difficult  to  convince  politicians  of 
the  necessity  to  incorporate  seismic  design 
considerations  in  building  codes. 

The  CEUS  is  vulnerable  due  to  the  popula¬ 
tion  density,  the  lack  of  adequate  uniform 
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seismic  provisions  for  new  and  existing  con¬ 
struction,  the  age  of  the  infrastructure  (includ¬ 
ing  the  concentration  of  unreinforced  masonry 
buildings),  and  the  condition  of  existing  bridges 
and  highways.  The  amount  of  damage  from 
even  a  moderate  earthquake  could  be  substan¬ 
tial  depending  on  the  magnitude  of  the  earth¬ 
quake,  the  location  of  the  epicenter,  the  time 
of  occurrence,  and  how  well  we  prepare. 

Loma  Prieta  should  serve  as  a  warning  to  the 
entire  Nation  of  the  destructive  capability  of 
earthquakes.  It  is  up  to  us  to  heed  the  warn¬ 
ing,  to  assess  the  hazards,  and  to  minimize 
the  risks  by  taking  appropriate  action. 
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Davenport  Bridge  Structure  No.  320 
Rock  Island  Arsenal,  Rock  Island,  Illinois 
Detailed  Fatigue  Analysis 

by 

Donald  L.  Logsdon 1 


Abstract 

The  Iowa  vehicular  access  to  the  Rock  Island  Arsenal  and  railroad  Mississippi 
River  crossing  is  a  double  deck  steel  truss  swing  span  bridge  built  in  1896.  This 
bridge  has  been  in  continuous  service  for  over  90  years.  Stress  analyses  of  the 
bridge  were  performed  in  1950  and  1988 for  the  current  Cooper  loadings.  Repair 
modification  and  strengthening  of  the  structure  have  occurred  over  the  years  and 
the  railroad  loading  has  changed  from  time-to-time.  Because  of  its  age  and  because 
of  attention  and  concerns  from  bridge  failures  in  recent  times,  a  detailed  fatigue 
analysis  was  performed  on  the  critical  members  in  1989. 

This  paper  will  present  the  rationale  and  techniques  used  to  develop  the  estimates 
for  the  loading  history  of  the  structure  and  the  application  of  fatigue  considerations 
contained  in  the  American  Railway  Engineering  Association.  The  resulting  recom¬ 
mended  structural  modifications  to  the  controlling  members  will  be  presemed. 


1  US  Army  Engineer  District,  Rock  Island;  Rock  Island,  IL. 
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Corps  of  Engineers  Dam  Safety  Program 

by 

John  McPherson 1 


(Copy  of  paper  not  available) 


1  Engineering  Division,  Headquarters,  US  Army  Corps  of  Engineers,  Washington,  DC. 
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Post-Tension  Anchors:  John  H.  Kerr  Dam  and  Reservoir 
Roanoke  River  Basin,  Virginia 

by 

Christy  L.  Hannan 1 


Abstract 

During  the  1983  Periodic  Inspection  of  the  John  H.  Kerr  concrete  gravity  dam, 
it  was  recommended  that  an  analysis  be  performed  to  determine  dam  stability 
relative  to  current  design  criteria  and  actual  field  conditions.  The  analysis  indi¬ 
cated  that  remedial  measures  are  required  to  meet  the  criteria.  Subsequently, 
authorization  was  given  in  1988 for  the  installation  of  post-tension  anchors  in  the 
foundation  of  the  dam  to  bring  the  stability  of  the  structure  into  compliance  with 
present-day  engineering  criteria.  This  paper  presents  the  investigations,  analysis, 
and  preliminary  design  for  the  installation  of  post-tension  anchors  consistent  with 
accepted  current  practice  and  guidance. 


Dam  Description 

Construction  of  the  concrete  gravity  dam 
and  other  related  features  began  in  May  1948 
and  was  essentially  completed  in  June  1951. 
The  dam  (Figure  1)  is  2,785  ft  long,  and  serves 
as  a  roadway  for  Virginia  Primary  Highway 
Route  4.  The  concrete  portion  consists  of  a 
nonoverflow  section  at  the  eastern  abutment 
(600  ft),  a  nonoverflow  intake  section  (571.33 
ft),  a  22-bay  gated  spillway  section  (1,164  ft), 
and  a  nonoverflow  section  at  the  western  abut¬ 
ment  (450  ft).  Transverse  contraction  joints 
subdivide  the  dam  into  53  independent  mono¬ 
liths.  The  dam  is  founded  on  granite  gneiss 
rock  and  extends  103  ft  to  the  spillway  crest. 
See  Table  1  for  pertinent  data. 

Dam  Stability  Analysis 

The  primary  difference  between  the  original 
design  assumptions  and  the  current  design 
criteria  for  gravity  dam  stability  is  how  the 


hydrostatic  uplift  pressures  in  the  foundation 
are  treated.  In  the  original  design  analysis, 
uplift  pressure  in  the  foundation  was  assumed 
to  be  100  percent  of  the  hydrostatic  pressure 
acting  over  50  percent  of  the  base  area.  It 
was  assumed  to  vary  uniformly  from  the  heel 
to  the  toe  of  the  dam.  This  applied  uplift  pres¬ 
sure  was  not  reduced  to  account  for  any  relief 
provided  by  the  presence  of  foundation  drains. 
The  current  design  criteria  (Engineer  Manual 
(EM)  1 1 10-2-2200,  US  Army  Corps  of  Engi¬ 
neers  (US  ACE)  1958)  assumes  uplift  at  the 
foundation  contact  plane  to  be  100  percent  of 
the  hydrostatic  pressure  distributed  uniformly 
over  100  percent  of  the  base  area.  A  25-50  per¬ 
cent  reduction  in  uplift  can  be  made  at  the  lo¬ 
cation  where  the  drains  intersect  the  foundation. 

For  this  analysis  all  other  design  parameters 
and  assumptions  remain  the  same.  This  change 
in  uplift  criteria  resulted  in  overturning  instabil¬ 
ity  of  the  spillway  monoliths  without  sluices 
(monolith  numbers  26-40)  for  the  flood  dis¬ 
charge  condition  where  the  headwater  elevation 


1  Structural  Engineer,  Structures  Section,  US  Army  Engineer  District,  Wilmington;  Wilmington.  NC 
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Figure  1 .  John  H.  Kerr  Dam  and  Reservoir,  Roanoke  River  Basin,  Virginia 


Table  1 

Pertinent  Data 

Location  of  Damsite 

Roanoke  River  in  Mecklenburg  County,  Virginia.  ) 

179  miles  above  mouth  of  river. 

Drainage  Area,  suqare  miles 

Above  John  H.  Kerr  Dam 

7,800 

Entire  Roanoke  River  Basin 

9,580 

Reservoir,  miles 

Length  (at  el  320) 

Roanoke  River 

56 

Dan  River 

34 

Shoreline  (at  normal  pool  el  300) 

800 

(1)  Elevations 

Top  of  surcharge  pool 

326 

Top  of  flood  control  pool 

320 

Top  of  power  pool 

300 

Bottom  of  planned  power  drawdown 

293 

Bottom  of  design  power  drawdown 

268 

Streambed 

198 

Normal  tailwater 

199-209 

(2)  Reservoir  area,1  acres 

Top  of  surcharge  pool 

98,200 

Top  of  flood  control  pool 

83,200 

Top  of  power  pool 

48,900 

Bottom  of  planned  power  drawdown 

41,100 

Bottom  of  design  power  drawdown 

19,700 

(3)  Storage  capacity,1  acre-feet 

Total  (el  320) 

2,770,000 

Flood  control  (el  300-320) 

1,281.400 

Power  drawdown  (el  300-268) 

1.027,000 

Volume  at  design  minimum  power 

pool  (el  268) 

461,600 

Concrete  Dam 

Length,  ft 

2,785.33 

Elevations 

Center  line  roadway 

332.00 

Spillway 

288.00 

Rock/concrete  interface 

185.00 

Spillway  without  sluice  (monolilhs  26-40) 

Monolith  length,  ft 

50.00 

Base  width,  ft 

105.80 

Drain  location  (downstream  of  heel),  ft 

16.50 

Post-Tension  Anchors  (4  per  monolith) 

Strands  per  anchor 

43 

Bond  length,  ft 

35.00 

Free  length,  ft 

103.14 

Post-Tension  Anchors  Cost  Estimate 

$2,283,734 

1  Flat  pool  assumption. 

Necessity  for  Rehabilitation 

Based  on  these  Findings,  action  is  being 
taken  to  compensate  for  the  overturning  poten¬ 
tial  of  the  spillway  monoliths  without  sluices 
by  developing  additional  moment  resistance. 
As  directed  by  Engineer  Technical  Letter 
(ETL)  1 1 10-2-3  tO  (USACE  1987),  stabilizing 
measures  are  not  required  for  the  other  mono¬ 
liths. 


Rehabilitation  Plan 

The  most  practical  solution  and  the  most 
common  method  for  adding  overturning  resis¬ 
tance  is  the  use  of  a  post-tensioning  system 
anchored  into  the  foundation  rock.  The  plan 
will  stabilize  the  structure  based  upon  current 
design  criteria.  Post-tension  anchors  will  be 
installed  in  the  overflow  section  without 
sluices  at  12.5-ft  centers  and  inclined  upstream 
at  3  degrees  from  vertical.  The  anchors  will  de¬ 
velop  an  ultimate  capacity  of  1,500  kips  each. 
The  anchors  will  extend  38  ft  6  in.  into  the 
rock  foundation  and  be  approximately  141  ft 
6  in.  in  overall  length.  A  total  of  60  anchors 
will  be  installed. 

Design  of  Post-Tension  Anchors 

The  post-tension  anchor  is  composed  of  a 
high-strength  steel  tendon,  fitted  with  a  stress¬ 
ing  anchorage  high  in  the  dam  and  a  provision 
for  load  transfer  through  grout  and  into  founda¬ 
tion  rock.  The  rock  anchor  tendon  is  inserted 
into  a  prepared  hole  of  suitable  length  and 
diameter,  fixed  to  the  rock,  and  stressed  to  a 
specified  load  (Post-Tensioning  Institute 
(PTI)  1986). 

Prior  to  design,  a  foundation  investigation, 
geologic  study,  and  core  drilling  to  determine 
the  quality  of  the  rock  were  performed.  Infor¬ 
mation  from  these  investigations  is  essential 
in  determining  the  type  of  anchor,  grout,  and 
bond  length  of  the  tendon. 


is  326  ft  and  the  tailwater  elevation  is  209  ft 
(all  elevations  (el)  in  this  paper  are  in  feet  re¬ 
ferred  to  mean  sea  level). 


Design  load 

The  design  load  P  is  the  maximum  antici¬ 
pated  load  applied  to  the  anchor.  This  load  is 
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equal  to  the  force  required  by  each  anchor  to 
resist  the  increased  overturning  force  produced 
by  the  added  uplift  pressure  along  the  base. 

Based  upon  the  monolith  geometry  of 
the  spillway  section  without  sluices  and  the 
required  additional  load,  it  is  concluded  that 
four  anchors  per  monolith  with  forty-three 
0.6-in. -diameter  strands  (1,500  kips  per  anchor) 
will  be  required.  A  43-strand  anchor  requires  a 
lO-in.-diameter  installation  hole.  Smaller  an¬ 
chors  could  be  used  but  more  would  be  required. 
The  drilling  operation  for  the  anchor  holes  is 
the  most  complicated  and  costly  construction 
procedure  in  the  anchor  installation.  Through 
discussions  with  Nicholson  Construction, 
Bridgeville,  PA  (manufacturer  and  installer  of 
rock  anchors),  it  was  concluded  that  a  43-strand 
tendon  installation  is  within  the  capability  of  a 
qualified  contractor.  It  is  also  recommended 
that  the  number  of  drill  holes  be  minimized. 

Bond  length 

The  bond  length  is  determined  based  upon 
the  design  load  of  the  anchor,  the  diameter  of 
the  drill  hole,  and  the  working  bond  stress  at 
the  interface  between  the  rock  and  grout.  It 
can  be  estimated  using  the  following  equation 
as  offered  by  the  PTI  (1986): 


3.14  x  d  x  sw 

where 

Lb  =  bond  length 

P  =  design  load  for  the  anchor 

d  =  diameter  of  the  drill  hole 

sw  =  working  bond  stress  in  the  interface 
between  rock  and  grout 

The  bond  length  Lb  for  this  installation  is 
set  at  38  ft  6  in. 

Anchor  grout 

The  anchor  grout  will  be  made  using  Type  I, 
II,  or  III  portland  cement  conforming  to  Amer¬ 


ican  Society  for  Testing  and  Materials  (ASTM) 
C- 150  specifications  (ASTM  1989).  Resin 
has  been  used  in  the  past  in  lieu  of  portland 
cement  grout,  but  thorough  discussions  with 
other  districts  and  a  review  of  investigations 
by  the  US  Army  Engineer  Waterways  Experi¬ 
ment  Station  (Best  and  McDonald  1990)  indi¬ 
cated  that  resin  cartridges  were  not  reliable 
and  better  results  could  be  achieved  with  the 
portland  cement  grout.  Tests  showed  that  the 
pullout  strength  of  resin  grout  placed  and  cured 
under  submerged  conditions  is  considerably 
less  than  cement  grout  and  it  exhibited  signifi¬ 
cantly  higher  creep  than  the  cement  grout  in 
both  the  wet  and  dry  conditions.  This  should 
be  considered  when  the  frictional  resistance  and 
bond  between  the  surfaces  of  the  concrete  and 
grout  are  important. 

Corrosion  protection 

Due  to  the  potential  for  corrosion  and  the  de¬ 
sired  long  service  life  of  the  anchor,  the  steel 
components  will  be  protected.  Additional  test¬ 
ing  will  be  performed  prior  to  completing  the 
construction  documents  to  better  characterize 
the  corrosive  nature  of  the  anchor  environment. 
These  tests  will  include  electrical  resistivity, 
pH,  sulfides,  and  sulfates.  Based  on  compari¬ 
son  of  these  results  with  critical  values  as  deter¬ 
mined  by  PTI  (1986),  a  corrosion  protection 
system  will  be  designed.  As  a  minimum,  the 
free  length  will  be  protected  with  grease  and 
sheathing  with  polyethylene  tubing,  extruded 
polypropylene,  or  other  suitable  material. 

The  bond  length  of  the  tendon  will  be  brush 
cleaned  to  ensure  effective  bonding  between 
grout  and  tendon.  Grout  serves  as  corrosion 
protection  and  may  be  used  for  the  full  length 
as  an  additional  means  of  corrosion  protection. 

Stressing  anchorage 

The  stressing  anchorage  is  the  component 
of  the  installation  used  to  transfer  the  pre¬ 
stressing  force  from  the  anchor  tendon  to  the 
structure.  The  size  and  thickness  of  the  bear¬ 
ing  plate  is  determined  based  upon  American 
Concrete  Institute  (ACI)  Requirement  318-89 
(ACI  Committee  318  1989)  and  AASHTO 
bridge  specifications  (Breen,  in  preparation). 
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The  required  bearing  plate  is  26-1/2  by  26-1/2 
by  4  in.  thick. 

The  minimum  size  pocket  of  high-strength 
concrete  required  directly  beneath  the  bearing 
plate  is  based  upon  EM  1 1 10-2-2702  (USACE 
1966)  and  Guyton  (1953).  The  area  of  concrete 
beneath  the  anchorage  load  is  subject  to  tensile 
stresses.  There  are  two  stress  areas.  The  cen¬ 
tral  portion  is  termed  the  “bursting  zone”  and 
the  area  along  the  sides  and  end  surface  is 
called  the  “tensile  spalling  zone.”  Reinforce¬ 
ment  for  these  areas  is  determined  as  directed 
in  USACE  (1966)  and  Guyton  (1953). 

Construction  Procedure 
Work  site  staging 

For  the  purpose  of  drilling  and  installing 
anchors,  a  platform  may  be  erected  on  the 
downstream  side  of  the  spillway  monoliths  be¬ 
tween  the  piers.  The  two-lane  roadway 
across  the  dam  may  be  used  for  onsite  assem¬ 
blage  of  the  anchors,  provided  one  lane  is 
open  at  all  times  to  traffic. 

Drilling 

Core  drilling,  rotary  drilling,  and  percussion 
drilling  have  been  used  by  others  in  establish¬ 
ing  the  required  anchor  holes.  Core  drilling  is 
used  primarily  for  foundation  investigation 
with  holes  less  than  7  in.  in  diameter.  It  is  gen¬ 
erally  slower  and  more  expensive  than  the  other 
two  alternatives.  For  these  reasons,  core  dril¬ 
ling  will  not  be  used  for  this  installation. 

The  rotary  drilling  or  “down-the-hole”  ham¬ 
mer  (a  type  of  percussion  drilling)  method  will 
be  used.  Other  types  of  percussion  drilling  will 
be  prohibited.  The  contractor  will  determine 
which  method  he  will  use  based  on  experience 
and  ability  to  maintain  drilling  tolerances  as  di¬ 
rected  by  the  specifications. 

The  contractor  will  be  responsible  for  mon¬ 
itoring  the  drilling  operation  to  ensure  the 
hole  does  not  veer  outside  a  cone  diverging  at 
1  degree  from  the  true  alignment. 


The  drilling  equipment  used  will  be  of  suf¬ 
ficient  size  to  permit  the  penetration  of  mis¬ 
cellaneous  dense  material  which  may  have 
been  cast  in  the  concrete  or  small  amounts  of 
embedded  steel  reinforcement. 

Anchor  fabrication 

Tendons  may  be  either  shop  fabricated  or 
field  fabricated  in  accordance  with  approved 
details. 

Grouting 

Grouting  will  be  accomplished  in  accordance 
with  PTI  (1990),  “Recommended  Practice  for 
Grouting  of  Post-Tensioned  Prestressed  Con¬ 
crete.”  Using  sheathed  tendons  (as  recom¬ 
mended  for  permanent  anchors),  the  bond 
length  and  the  free  length  will  be  grouted  si¬ 
multaneously.  This  provides  a  better  and 
more  economical  anchor  than  anchors  where 
the  grout  is  injected  in  two  stages.  Stage 
grouting  creates  a  construction  joint  at  the  top 
of  the  primary  grout  where  this  joint  forms  a 
zone  for  potential  corrosion  of  the  tendon. 

Testing 

Each  drill  hole  will  be  pressure  tested  for 
watertightness.  The  hole  will  be  filled  with 
water  and  subjected  to  a  pressure  of  10  psi. 
Holes  that  cannot  be  filled  with  water  will  be 
considered  as  failing  the  pressure  test.  Such 
holes  will  be  grouted,  redrilled,  and  retested. 

The  first  three  anchors  installed  and  a  per¬ 
centage  of  the  remaining  anchors  will  be  per¬ 
formance  tested.  The  performance  test  will 
be  made  by  incrementally  loading  and  unload¬ 
ing  the  anchor  in  accordance  with  a  schedule 
established  in  the  specifications.  This  test  is 
used  to  determine  (1)  whether  the  anchor  has 
sufficient  load-carrying  capacity,  (2)  that  the 
free  length  has  actually  been  established,  and 
(3)  the  residual  movement  (permanent  set)  of 
the  anchor.  The  maximum  load  for  perfor¬ 
mance  testing  is  1 .33P  . 
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The  remaining  anchors  shall  be  proof 
tested.  The  proof  test  is  a  fast,  economical 
test  which,  when  used  in  conjunction  with  per¬ 
formance  tests,  verifies  anchor  capacity  and 
preloads  the  tendons.  It  is  performed  by  incre¬ 
mentally  loading  the  anchor  in  accordance 
with  the  specifications. 

After  the  load  is  transferred  to  the  stressing 
anchorage  and  before  the  hydraulic  jack  is  re¬ 
moved,  a  lift-off  reading  will  be  recorded.  The 
load  determined  from  the  reading  will  be  within 
5  percent  of  the  specified  lock-off  load.  The 
lock-off  load  is  the  final  prestressing  force  in 
the  anchor  after  an  acceptable  proof  test. 

Project  operation  restraints 

John  H.  Kerr  Reservoir  may  fluctuate  from 
el  293  to  320.  During  typical  operation,  Kerr 
Reservoir  will  fluctuate  near  the  rule  curve  el¬ 
evations. 

No  more  than  six  of  the  spillway  gates  will 
be  inoperative  at  any  time  based  upon  hydrau¬ 
lic  and  operational  considerations.  The  con¬ 
tractor  will  provide  for  these  restrictions  in 
his  work  scheduling. 

A  floating  bulkhead  for  the  spillway  gates 
is  available  for  use  during  the  anchor  installa¬ 
tion.  Upon  request,  the  bulkhead  can  be  in¬ 
stalled  by  project  personnel.  However,  this 
bulkhead  can  be  used  only  during  times  when 
the  lake  elevation  is  between  el  298.7  and  310. 

During  emergency  flood  conditions  or  the 
inoperability  of  the  powerhouse  generators, 
pool  releases  will  be  required  through  the  tain- 
ter  gates.  The  contractor  will  be  required  to 
provide  a  plan  of  emergency  exit  (to  be  ap¬ 
proved  by  the  Contracting  Officer’s  Represen¬ 
tative  and  the  Hydraulics  and  Hydrology 
Branch,  Engineering  Division,  US  Army  Engi¬ 
neer  District,  Wilmington  (CESAW-EN-H)) 
based  upon  48  hours  notice  of  these  condi¬ 
tions.  A  chart  describing  gate  opening  se¬ 
quences  used  during  emergency  releases  will 
be  provided  in  the  specifications  to  facilitate 
his  work  schedule  and  formulation  of  his 
emergency  plan. 


Construction  Progress 

Award  of  the  construction  contract  is  con¬ 
templated  at  the  end  of  Fiscal  Year  1 991 .  It 
is  anticipated  that  onsite  construction  activi¬ 
ties  will  begin  in  the  fall  of  1992  with  comple¬ 
tion  in  late  fall  of  the  following  year. 

Construction  Cost  Estimate 

The  total  estimated  project  cost  for  the 
post-tension  anchor  installation  is  $2,283,734. 
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Seismic  Evaluation  of  the  Folsom  Concrete  Gravity  Dam 


by 

John  S.  Nickell,  PE,1  and  Dr.  Robert  L  Hall 2 


Abstract 

This  paper  discusses  analyses  of  the  seismic  response  of  Folsom  Dam,  a  concrete 
gravity  dam,  to  a  maximum  credible  earthquake.  This  dynamic  response  analysis 
estimates  the  maximum  principal  stresses  in  the  concrete  gravity  section,  showing 
where  significant  cracking,  if  any,  occurs.  Then,  the  structural  stability  of  the  main 
concrete  portions  of  the  dam  is  assessed.  This  leads  to  a  determination  of  whether 
remedial  measures  are  necessary  to  prevent  catastrophic  loss  of  the  reservoir. 
These  studies  were  conducted  as  a  part  of  the  Dam  Safety  Assurance  Program. 


Introduction 

The  Folsom  Dam  and  Reservoir  Project  is  a 
multipurpose  project  located  in  the  Sacramento- 
San  Joaquin  Basin,  California.  The  project  is 
about  20  miles  upstream  from  the  city  of  Sac¬ 
ramento,  CA,  on  the  American  River.  The 
project,  built  by  the  Corps  of  Engineers  during 
the  period  from  1948  to  1956,  serves  a  drain¬ 
age  area  of  about  1,875  square  miles.  Seismic 
loading  was  considered  during  project  design, 
but  the  analysis  was  limited  to  pseudostatic 
methods  using  a  0.05-g  seismic  coefficient  with 
hydrodynamic  forces  modeled  using  the 
Westergaard  parabola  method.  After  the  com¬ 
pletion  of  construction,  project  ownership  was 
transferred  to  the  US  Bureau  of  Reclamation  in 
May  1956  for  operation  and  maintenance. 

As  a  part  of  the  Dam  Safety  Assurance  Pro¬ 
gram,  the  dynamic  response  of  Folsom  Dam 
was  evaluated  using  a  Maximum  Credible 
Earthquake  (MCE).  This  seismic  evaluation  is 
conducted  according  to  ETL  1 1 10-2-303.  The 
dynamic  response  analysis  provides  a  reliable 
estimate  of  the  maximum  principal  tensile 


stresses  caused  by  seismic  loading.  The  com¬ 
puted  maximum  principal  tensile  stresses  are 
compared  against  concrete  material  properties 
determined  by  laboratory  investigation.  This 
provides  an  assessment  of  the  extent  and  depth 
of  dam  concrete  cracking,  if  any.  Based  on 
that  assessment,  a  determination  was  made  on 
whether  remedial  measures  are  needed  to  pre¬ 
vent  catastrophic  loss  of  the  reservoir  from 
earthquake-induced  damage  to  Folsom  Dam. 
A  sliding  stability  analysis  was  conducted  ac¬ 
cording  to  ETL  1 1 10-2-256. 

Project  Description 

Folsom  Dam,  a  concrete  gravity  dam,  has 
twenty-eight  50-ft-wide  monoliths  numbered 
consecutively  from  the  right  abutment.  The 
concrete  gravity  dam  is  bounded  by  the  right 
wing  dam  and  the  left  wing  dam.  Monoliths  1 
through  7  interface  with  the  right  wing  dam 
and  are  fully  to  partially  embedded  in  the 
right  wing  envelopment  fill.  Monoliths  21 
through  28  interface  with  the  left  wing  dam 
and  are  partially  to  fully  embedded  in  the  left 
wing  envelopment  fill. 


1  Civil  Projects  Branch,  US  Army  Engineer  District,  Sacramento;  Sacramento,  CA. 

2  Structures  Laboratory,  US  Army  Engineer  Waterways  Experiment  Station,  Vicksburg,  MS. 
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The  concrete  gravity  dam  has  a  gross  crest 
length  of  1,400  ft,  a  maximum  height  of  343.8  ft 
(monoliths  14  and  15),  and  a  crest  width  of 
about  32  ft.  The  crest  elevation  of  the  non¬ 
overflow  section  is  480.5  ft.  The  dam  has  a 
392-ft-long  overflow  section  with  a  crest  ele¬ 
vation  of  418.0  ft  for  spillway  flows  (mono¬ 
liths  12  through  20).  Spillway  releases  are 
controlled  with  eight  tainter  gates  (five  sized 
at  42  ft  wide  by  50  ft  high;  three  sized  at  42  ft 
wide  by  53  ft  high).  Design  of  the  overflow 
and  nonoverflow  cross  sections  of  the  dam 
was  primarily  controlled  by  extreme  condi¬ 
tions  of  static  loading. 

Dam  monoliths  were  constructed  in  5 -ft 
lifts  and  included  the  placement  of  a  high  ce¬ 
ment  content  (rich)  shell  along  the  upstream 
and  downstream  faces  of  the  monoliths  from 
the  base  to  the  crest.  A  lean  (low  cement  con¬ 
tent)  concrete  was  placed  throughout  the  rest 
of  the  dam  cross  section.  Both  the  concrete 
gravity  dam  and  adjacent  wing  dams  are  pre¬ 
dominantly  underlain  by  weathered  granitic 
rock  consisting  of  quartz  diorite  of  the 
Rocklin  pluton. 

Seismologic  Threat 

The  Folsom  Dam  and  Reservoir  Project  is 
located  in  the  foothills  near  the  western  margin 
of  the  Sierra  Nevada  in  central  California.  It 
is  situated  in  a  250-mile-long  by  20-  to  40-mile¬ 
wide  northwest- trending  belt  of  complexly 
folded,  faulted,  and  deformed  metamorphic 
rock  called  the  Western  Metamorphic  Belt. 
The  Foothills  Fault  system,  which  includes 
the  Melones  and  Bear  Mountains  fault  zones, 
is  contained  within  this  belt. 

Before  1975,  this  fault  system  was  generally 
considered  inactive,  and  the  Sierran  foothills 
assessed  as  an  area  of  relatively  low  seismic 
activity.  Historical  earthquake  knowledge  did 
not  show  any  damaging  earthquakes  in  this  re¬ 
gion.  Previous  geologic  studies  did  not  concen¬ 


trate  on  whether  faults  in  the  region  should  be 
considered  as  active  and  capable,  in  part  due  to 
seismic  safety  receiving  only  recent  concern. 

Then,  on  1  August  1975,  an  earthquake 
measuring  Richter  magnitude  5.7  occurred 
near  Oroville,  CA.  This  earthquake,  located 
about  60  miles  north-northwest  of  the  Folsom 
Dam  and  Reservoir  Project,  generated  inten¬ 
sive  investigation  of  the  Foothills  Fault  sys¬ 
tem.  These  studies  caused  a  reevaluation  of 
the  entire  Foothills  Fault  system  and  led  the 
State  of  California  to  declare  the  fault  system 
to  be  active  and  capable  of  a  Richter  magnitude 
6  to  6.5  earthquake. 

Before  the  seismic  evaluation  of  the  Folsom 
Dam  and  Reservoir  Project,  a  seismological 
study  of  the  local  area  was  conducted.  The 
seismologic  study  concluded  that  the  maximum 
credible  earthquake  for  the  Folsom  Dam  and 
Reservoir  Project  is  an  earthquake  of  local  mag¬ 
nitude  6.5  on  the  east  branch  of  the  Bear  Moun¬ 
tains  fault  zone.  This  fault  is  the  closest  known 
capable  fault  to  the  project,  is  in  an  extensional 
tectonic  setting,  and  has  a  seismic  source  mech¬ 
anism  that  is  normal  dip-slip. 

This  hypothetical  maximum  credible  earth¬ 
quake  has  a  focal  depth  of  about  6  miles  and 
occurs  about  8  miles  away  from  Folsom  Dam. 
The  seismologic  study  concluded  that  this  hy¬ 
pothetical  earthquake  would  produce  more  se¬ 
vere  shaking  at  the  project  than  earthquakes 
originating  from  other  known  potential  sources. 
The  study  also  concluded  that  the  return  period 
for  the  maximum  earthquake  would  be  greater 
than  400  years  and  that  reservoir-induced 
earthquakes  caused  by  the  project  are  unlikely. 

Based  on  the  seismological  and  geological 
studies.  Professors  Bruce  A.  Bolt  and  H.  B. 
Seed  provided  two  accelerograms.  These 
accelerograms  represent  the  horizontal 
ground  motions  that  could  be  expected  to 
occur  at  a  rock  outcrop  from  a  magnitude  6.5 
earthquake  occurring  8  miles  from  the  site. 
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Peak  horizontal 
ground  acceleration 

0.35g 

0.35  g 

Peak  horizontal 
ground  velocity 

25  cm/see 

19.5  cm/s  ec 

Bracketed  duration 
(time  >  0.05  g) 

16  sec 

15  sec 

Vertical  accelerograms  generated  from  the 
horizontal  components  had  the  frequency  con¬ 
tent  increased  by  1 .5  and  the  amplitudes  mul¬ 
tiplied  by  0.6.  The  response  spectra  for 
5-percent  viscous  damping  were  computed 
from  the  horizontal  records  and  are  compared 
in  Figure  1.  The  periods  of  the  first  four 
mode  shapes  are  also  shown  in  Figure  1. 

Description  of  Analysis 

The  seismic  analyses  of  the  critical  cross  sec¬ 
tion  of  the  dam  were  conducted  using  the  two¬ 


dimensional  finite  element  program  EAGD-84 
(Fenves  and  Chopra  1984).  This  program  de¬ 
termines  the  time-history  response  of  the  dam 
from  the  specified  earthquake  ground  motions 
with  the  simultaneous  effects  of  dam-water 
interaction,  dam-foundation  rock  interaction, 
and  reservoir  bottom  absorption  added.  Water 
compressibility  is  also  included  since  this 
component  can  have  a  significant  effect  on 
the  earthquake  response  of  a  concrete  dam. 

To  ensure  the  accuracy  of  the  computed  dy¬ 
namic  response,  the  parameters  controlling  the 
program  EAGD-84  must  be  judiciously  se¬ 
lected.  These  parameters  are  chosen  accord¬ 
ing  to  the  guidelines  of  Fenves  and  Chopra 
(1984).  Other  modeling  variables  which  im¬ 
pact  the  results  were  also  carefully  selected. 
All  analyses  used  the  gross,  or  normal  maxi¬ 
mum,  reservoir  pool  elevation,  based  on  hy¬ 
drologic  records  that  showed  that  gross  pool 


Figure  1 .  Horizontal  response  spectra  for  5-percent  viscous  damping 
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was  a  practical  worst-case  reservoir  elevation. 
Analyses  were  also  performed  to  verify  that 
the  tallest  nonoverflow  monolith  (monolith  11) 
is  the  critical  cross  section  for  evaluation.  A 
unit  weight  of  158  pcf,  determined  by  labora¬ 
tory  testing,  was  used  for  the  unit  weight  of 
concrete  in  all  computations.  Field  and  labo¬ 
ratory  investigations  were  conducted  to  deter¬ 
mine  dynamic  material  properties  of  the 
concrete  and  foundation. 

Field  and  Laboratory 
investigations 

Concrete  core  testing  was  conducted  on  6- 
and  12-in.-diam  core  specimens.  Core  holes 
were  drilled  at  locations  along  the  crest,  in 
the  interior,  and  on  the  downstream  face  of 
the  dam.  Both  static  and  rapid  load  testing 
was  done  to  define  the  linear-elastic  proper¬ 
ties  of  the  dam  concrete.  Rapid  load  testing 
determined  the  concrete  modulus  of  elasticity, 
Poisson’s  ratio,  compressive  strength,  and 
splitting  tensile  strength.  Static  load  tests  of 
the  modulus  of  elasticity  and  Poisson’s  ratio 
were  also  performed.  Testing  also  indicated 
that  the  thickness  of  the  rich  concrete  shell  on 
the  monolith  face  varies  from  2  to  10  ft. 

The  critical  tensile  stresses  in  the  dam  are 
largely  the  result  of  dynamic  effects  from  the 
seismic  loading.  Because  of  the  nature  of  the 
loading  and  the  limited  extent  of  rich  concrete 
in  dam  cross  section,  the  modulus  of  elastic¬ 
ity  used  in  the  analyses  is  the  value  obtained 
from  rapid  load  tests  on  the  lean  mix  con¬ 
crete.  The  recommended  values  shown  in 
Table  1  were  used  in  all  analyses. 


Table  1 

Concrete  Material  Properties 

Property 

Value  s 

Modulus  of  elasticity,  dynamic 

nwzEMm 

Poisson's  Ratio 

0.19 

Apparent  dynamic  tensile  strength 
Lean  concrete 

700  psi 

Rich  concrete 

840  psi 

The  shape  of  the  stress -strain  curve  for 
concrete  taken  to  failure  (shown  in  Figure  2) 
shows  why  computed  tensile  stresses  cannot 


be  directly  compared  with  the  laboratory-mea¬ 
sured  splitting  tensile  stress.  Finite  element 
analysis  is  basically  a  strain  analysis.  Thus, 
wncn  the  deformations  and  forces  of  the  finite 
elements  are  in  balance,  the  strains  every¬ 
where  are  multiplied  by  the  elastic  modulus 
to  give  the  stresses  throughout  the  mass. 
Therefore,  the  tested  dynamic  tensile  stress  is 
increased  30  percent  before  comparison  to  the 
computed  stress.  This  strength  increase 
yields  the  apparent  dynamic  tensile  strength. 


APPARENT 


Figure  2.  Typical  stress-strain  diagram 
for  concrete 

In  situ  testing  of  the  foundation  and  abut¬ 
ment  bedrock  was  conducted  to  determine  the 
foundation  rock’s  modulus  of  elasticity.  Esti¬ 
mates  for  several  properties  of  the  rock  be¬ 
neath  the  Folsom  Concrete  Gravity  Dam  were 
prepared  and  are  shown  in  Table  2.  The  seis¬ 
mic  analysis  used  all  three  sets  of  foundation 
properties  to  assess  the  sensitivity  of  the  re¬ 
sults  to  the  foundation  stiffness. 


Table  2 

Foundation  Rock  Properties 

Modulus  of  Elasticity, 
Dynamic 

Poisson's 

Ratio 

5.8  x  10®  psi 

0.30 

167 

7.9  x10s  psi 

0.25 

171 

II.Ox  10®  psi 

0.20 

174 
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Finite  Element  Model 

The  critical  dam  monolith  (monolith  1 1)  is 
idealized  using  240  four-node  nonconforming 
planar  finite  elements.  This  mesh  (shown  in 
Figure  3)  captures  the  predominant  modes  of 
vibration  and  allows  accurate  evaluation  of 
stresses  throughout  the  monolith.  The  founda¬ 
tion  rock  supporting  the  dam  is  represented  as 
a  homogeneous,  isotropic,  viscoelastic  half¬ 
plane.  The  total  dam-foundation  system  is 
idealized  as  shown  in  Figure  3,  with  the 
ground  motions  input  at  the  base  of  the  dam. 

The  frequency-dependent  dynamic  stiffness 
matrix  for  the  foundation  rock  is  defined  at  the 
nodal  points  of  the  dam  base  and  appears  in  the 
equations  of  motions  for  the  dam.  Energy 


dissipation  in  the  dam  alone  is  frequency  de¬ 
pendent.  Energy  (strain)  dissipation  in  the 
dam  and  foundation  materials  is  represented 
by  constant  hysteretic  damping.  Constant  hys- 
teretic  damping  factors  S  =  0.1  for  the  dam 
concrete  and  F  =  0.1  for  the  foundation  rock 
are  assumed  (Fenves  and  Chopra  1984).  The 
damping  factor  S  =  0.1  corresponds  to  a  5- 
percent  viscous  damping  ratio  in  all  natural 
modes  of  vibration  and  is  an  appropriate  \  alue 
for  the  relatively  large  motions  and  high 
stresses  experienced  by  the  dam  during  strong 
earthquake  ground  motion. 

The  maximum  excitation  frequency  should 
equal  or  exceed  the  frequencies  of  all  of  the 
significant  harmonics  in  the  ground  accelera¬ 
tion  record  and  the  frequency  of  the  highest 


-  ELEMENT  120 


absorptive 
RESERVOIR 
BOTTOM  - 


FOUNDATION  ROCK 

(ELASTIC,  HALF  SPACE) 


Figure  3.  Total  dam-foundation  system  with  finite  element  mesh 
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mode  included  in  the  analysis.  The  digitized 
earthquake  data  accurately  reproduce  ground 
motion  frequencies  up  to  25  Hz.  Because  the 
analysis  includes  foundation  rock  flexibility, 
10  generalized  coordinates  or  mode  shapes 
are  used  to  represent  the  response  of  the  dam. 
The  results  indicate  that  the  highest  frequency 
of  the  tenth  mode  in  any  of  the  dam-foundation 
systems  is  49.1  Hz;  accordingly,  a  maximum 
excitation  frequency  of  50  Hz  is  appropriate. 

For  the  specified  maximum  excitation  fre¬ 
quency,  the  computation  of  the  frequency  re¬ 
sponse  functions  and  the  earthquake  response 
is  governed  by  the  number  of  excitation  fre¬ 
quencies  and  the  time  interval.  The  number 
of  excitation  frequencies  used  in  the  analysis 
is  1,024  (210).  For  a  time  interval  of  0.01  sec¬ 
ond,  which  corresponds  to  that  of  the  ground 
acceleration  data,  the  duration  of  the  response 
history  is  10.24  seconds,  the  frequency  incre¬ 
ment  is  0.049  Hz,  and  the  maximum  frequency 
represented  is  50  Hz.  The  frequency  incre¬ 
ment  of  0.049  Hz  is  less  than  1/50  times  the 
least  fundamental  natural  frequency  in  any 
analysis,  4.4  Hz,  and  thus  is  sufficiently  small 
to  represent  the  frequency  response  functions 
near  fundamental  resonant  peaks.  These  re¬ 
sponse  parameters  also  satisfy  the  additional 
requirements  of  reducing  the  aliasing  error  in 
the  discrete  Fourier  transform  and  ensure  ac¬ 
curate  computation  of  the  compliance  func¬ 
tions  for  the  foundation  rock. 

The  absorptive  nature  of  the  reservoir  bot¬ 
tom  is  characterized  by  a  wave  reflection 
coefficient.  This  coefficient  represents  the 
dissipation  of  hydrodynamic  pressure  waves 
in  the  reservoir  bottom  and  is  modeled  by  a 
boundary  condition  of  the  reservoir  bottom 
which  partially  absorbs  incident  hydrodynamic 
pressure  waves  (Fenves  and  Chopra  1984). 

The  wave  reflection  coefficient  is  defined  as 
the  ratio  of  the  amplitude  of  the  reflected  hy¬ 
drodynamic  pressure  wave  to  the  amplitude 
of  a  vertically  propagating  pressure  wave  inci¬ 
dent  on  the  reservoir  bottom.  Since  the  bottom 
materials  are  generally  composed  of  variable 
layers  of  exposed  rock,  alluvium,  and  other 
sediments,  it  is  generally  difficult  to  determine 
reliable  values  of  the  wave  reflection  coeffi¬ 


cient.  Instead,  using  only  the  foundation  rock 
modulus  yielded  wave  reflection  coefficient  val¬ 
ues  of  0.75,  0.79,  and  0.82,  as  shown  in  Table  3. 
These  values  are  conservative  because  they 
only  account  for  the  wave  absorption  in  the 
rock  at  the  reservoir  bottom,  but  neglect  the  ad¬ 
ditional  wave  absorption  in  the  sediments. 


Table  3 

Summary  of  Maximum  Principal  Stresses 

Case 

Foundation 

Modulus 

Wave 

Reflection 

Coefficient 

Maximum 

Principal 

Stress 

1 

5.8  x  106  psi 

0.75 

585  psi 

2 

7.9  x  106  psi 

0  79 

672  psi 

3 

1 1 .0  x  1 06  psi 

0.82 

871  psi 

Stress  Analysis  Results 

Because  the  monolith  is  nonsymmetric, 
stresses  on  the  upstream  and  downstream  faces 
from  seismic  loading  will  not  be  equal.  Accord¬ 
ingly,  earthquake  forces  are  applied  in  both  di¬ 
rections.  That  is,  the  original  accelerograms 
were  used  (amplitude  times  +1)  as  well  as  the 
negative  records  (amplitude  times  -1).  Thus,  for 
each  earthquake,  four  different  sets  of  ground 
motions  result:  H+V,  H-V,  -H+V,  and  -H-V. 

A  total  of  eight  sets  of  ground  motions  result 
when  these  four  ground  motions  are  applied  in 
both  the  upstream  and  downstream  direction. 

To  determine  which  ground  motion  is  criti¬ 
cal,  preliminary  analyses  were  made  using 
each  foundation  rock  property.  These  analyses 
used  an  overly  conservative  value  of  0.90  for 
the  wave  reflection  coefficient  and  the  concrete 
materia!  properties  shown  in  Table  1.  The 
ground  motion  producing  the  highest  tensile 
stress  for  the  low  foundation  modulus  was 
earthquake  EQ1,  direction  H-V.  For  the  inter¬ 
mediate  and  high  moduli,  the  critical  ground 
motion  is  EQ2,  direction  -H+V. 

The  results  of  the  stress  analyses  are  shown 
in  Table  3.  For  each  foundation  rock  modu¬ 
lus,  the  associated  Poisson’s  ratio  and  unit 
weight  from  Table  2  are  used.  As  shown  in 
Table  3,  the  greatest  principal  stresses  occur 
where  the  foundation  modulus  and  reservoir 
bottom  reflection  coefficient  are  the  largest. 
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For  this  set  of  parameters  (Case  3),  a  maximum 
principal  stress  of  871  psi  occurs  on  the  down¬ 
stream  face  at  a  location  of  73.8  ft  below  the 
crest.  This  region  corresponds  to  where  the 
vertical  downstream  face  transitions  to  an  in¬ 
clined  surface.  Element  120,  identified  in 
Figure  3,  is  the  element  which  experiences 
this  high  tensile  stress. 

Stress  Analysis  Evaluation 

The  stress  of  871  psi  is  greater  than  the  rec¬ 
ommended  apparent  dynamic  tensile  strength 
of  840  psi  for  rich  concrete  (Table  1).  To  in¬ 
vestigate  the  depth  to  which  possible  cracking 
might  penetrate,  contours  of  envelope  values 
of  maximum  principal  stresses  for  Case  3  were 
prepared  as  shown  in  Figure  4.  For  this  worst 
case,  an  area  on  the  downstream  face  of  only 
about  2  ft  in  depth  is  subjected  to  stresses  ex¬ 
ceeding  700  psi,  the  apparent  dynamic  tensile 
strength  of  the  lean  mix  concrete.  The  maxi¬ 
mum  tensile  stresses  occur  on  the  outer  surface 
where  the  rich  concrete,  which  has  a  higher  ap¬ 
parent  tensile  strength,  exists. 


Figure  4.  Envelope  values  of  maximum  principal 
stress 


Furthermore,  cracking  in  a  concrete  dam  is 
the  result  of  cumulative  damage  caused  by  cy¬ 
clic  stresses  with  the  tensile  strain  exceeding 
the  failure  strain.  Thus,  tensile  stresses  (deter¬ 
mined  from  linear  analysis)  that  are  greater 
than  the  maximum  allowable  tensile  stress, 
and  are  repeated  several  times  during  an  earth¬ 
quake,  are  more  damaging  than  a  single  large 
peak  stress.  In  other  studies  of  concrete  dams 
subjected  to  earthquake  motion,  a  maximum 
repeatable  stress  level  is  defined  as  the  maxi¬ 
mum  stress  value  that  is  reached  or  exceeded 
by  six  excursions.  This  maximum  repeatable 
stress  level,  which  is  considered  to  be  more 
damaging  than  a  single  large  transitory  tensile 
peak  stress,  is  compared  with  the  apparent  dy¬ 
namic  tensile  stress.  Figure  5  displays  the 
maximum  principal  stress  for  element  120  as 
a  function  of  time  for  Case  3.  This  figure  in¬ 
dicates  that  the  maximum  tensile  stress  exceeds 
the  recommended  tensile  strength  of  700  psi 
only  once  during  the  entire  earthquake,  and 
that  the  maximum  repeatable  tensile  stress  is 
about  390  psi.  Therefore,  even  though  the 
computed  stress  exceeds  the  tensile  strength 
of  the  rich  concrete  by  3.9  percent,  it  is  un¬ 
likely  that  extensive  cracking  will  occur. 

The  influence  of  the  elevator  tower,  which 
is  also  located  on  monolith  1 1 ,  on  the  seismic 
performance  of  the  monolith  was  investigated 
as  well.  Increases  in  stress  due  to  the  presence 
of  the  tower  are  not  large  enough  to  change 
the  preceding  conclusion  that  if  cracking  in 
the  monolith  occurs  at  all,  it  is  expected  to  be 
very  limited  in  extent  and  depth  of  penetration. 
Since  failure  of  the  tower  should  not  affect  the 
structural  stability  or  operation  of  the  dam,  a  de¬ 
tailed  seismic  structural  analysis  of  the  mono¬ 
lith  with  the  tower  was  not  performed. 


Conclusions 

It  is  reasonable  to  conclude,  therefore,  that 
cracking  will  be  quite  limited  in  extent  and 
depth  of  penetration  into  the  monolith.  It 
should  be  mentioned  that  in  all  cases,  the  maxi¬ 
mum  principal  stresses  in  the  region  of  the  heel 
of  the  dam,  at  the  upstream  dam-foundation 
interface,  were  well  within  the  tensile  strength 
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Figure  5.  Maximum  principal  stress  In  element  120 


limits  of  Table  1.  Therefore,  no  cracking  is  to 
be  expected  in  this  location. 

A  stability  analysis  for  seismic  loading 
conditions  was  performed  in  accordance  with 
ETL  1110-2-256.  The  resistance  to  sliding  on 
horizontal  planes  at  or  above  the  nonoverflow 
monolith-foundation  contact  plane  was  com¬ 
puted.  The  analysis  indicates  that  the  non¬ 
overflow  concrete  monolith  is  safe  against 
overturning  and  sliding  at  or  above  the 
monolith-foundation  contact  plane. 

The  results  show  that  for  the  parameters 
most  likely  to  represent  the  conditions  of  the 
dam,  foundation,  and  reservoir,  little  cracking 
will  occur  in  the  concrete  portions  of  Folsom 
Dam  for  a  seismic  event.  Even  under  the 
most  unfavorable  conditions,  the  analyses  in¬ 
dicate  that  cracking  will  be  limited  in  extent 
and  depth  of  penetration.  Based  upon  these 


findings,  it  is  concluded  that  the  dam  will  main¬ 
tain  its  structural  integrity  during  and  after  a 
major  earthquake.  Thus,  there  will  be  no  sud¬ 
den  loss  of  the  reservoir  from  these  postulated 
earthquakes.  Dam  safety  remedial  measures 
for  the  Folsom  Concrete  Gravity  Dam  are  not 
necessary. 
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Non-Linear  Dynamic  Analysis  of  the  Portugues  Dam 

by 

James  G.  Mangold,  PE 1 


Abstract 

The  Portugues  dam  is  a  three-centered,  double-curvature  concrete  arch  dam 
scheduled  to  begin  construction  in  J992  near  Ponce,  Puerto  Rico. 

The  dam’s  dynamic  behavior  was  analyzed  by  a  conventional  finite  element 
dynamic  analysis,  using  response  spectrum  and  time  history  methods.  The  finite 
element  model  assumed  monolithic  behavior  by  neglecting  vertical  contraction  joint 
openings  between  monoliths  due  to  tensile  forces. 

In  order  to  get  a  more  accurate  response  to  dynamic  loading,  a  non-linear 
dynamic  analysis  was  performed  that  included  vertical  joint  openings  between 
monoliths.  A  comparison  between  the  linear  and  non-linear  analysis  results  will  be 
presented. 


1  US  Army  Engineer  District,  Jacksonville;  Jacksonville,  FL. 
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Nonlinear  Response  of  Concrete  Gravity  Dams 


by 

Dr.  Robert  L  Hall 1  and  Wayne  G.  Johnson,  PE 1 


Abstract 

The  Corps  of  Engineers’  Engineer  Technical  Letter  (ETL)  1110-2-303  outlines 
a  sequence  of  analyses  of  concrete  gravity  dams  subjected  to  the  maximum  credible 
earthquake  (MCE).  The  first  step  is  a  two-dimensional  linear-elastic  response 
spectrum  or  time-history  analysis  with  5  percent  damping.  This  analysis  may 
include  the  effects  of  hydrodynamic  loads,  foundation  flexibility,  and  absorption  of 
the  reservoir  bottom  (Chopra  1978).  For  this  step,  5  percent  of  critical  viscous 
damping  is  assumed  unless  tensile  stresses  exceed  15  percent  off  c.  If  the  tensile 
stresses  exceed  0. 15  x  fc,  adjustments  are  made  in  the  damping  to  account  for  some 
cracking  of  the  concrete.  These  different  levels  of  damping  combined  with  different 
concrete  strengths  are  assumed  to  produce  a  conservative  and  appropriate  proce¬ 
dure. 

Nonlinear  dynamic  calculations  were  performed  to  evaluate  guidelines  of  the 
ETL.  The  analyses  revealed  that  existing  tools  generally  produce  reasonable 
results;  however,  the  studies  demonstrated  the  need  for  further  development  of 
nonlinear  analysis  tools.  Limitations  presently  exist  in  the  modeling  and  assump¬ 
tions  of  material  properties  (Fenves  1987),  damping  assumptions,  and  effects  of 
water  cavitation  and  intrusion  into  cracks  (Dowling  1987).  To  ensure  the  safety  of 
concrete  dams  subjected  to  strong  ground  motions,  further  research  is  needed  on 
nonlinear  analysis  methods  and  the  corresponding  parameters  that  govern  these 
complex  geometric  and  materially  nonlinear  models. 


Introduction 

The  Corps  presently  supports  the  program 
SDAM  (Cole  and  Cheek  1986)  and  an 
acceleration-time-history  program  EAGD-84 
(Fenves  and  Chopra  1984a,b)  for  the  analyses 
of  concrete  gravity  dams.  These  codes  are 
supported  through  the  numerical  maintenance 
modeling  program.  Both  codes  assume  linear 
elastic  material  response. 


Mlakar  (1986)  evaluated  the  presently  ac¬ 
cepted  procedure  by  performing  a  nonlinear 
analysis  of  three  different  dams  of  different 
heights  subjected  to  two  different  earthquake 
records.  The  earthquake  ground  motions  and 
the  reservoir  structure  dynamic  interaction 
were  modeled  with  the  ADINA  84  finite  ele¬ 
ment  code.  For  the  cases  investigated,  the 
simpler  analytic  models  seem  to  be  conserva¬ 
tive  for  evaluation  of  concrete  gravity  dams. 


1  Structures  Laboratory,  US  Army  Engineer  Waterways  Experiment  Station;  Vicksburg,  MS. 
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However,  the  simpler  procedures  incorrectly 
located  the  region  of  maximum  cracking 
(Mlakar  1986). 

Fenves  (1987)  evaluated  this  ETL  by  calcu¬ 
lating  the  nonlinear  response  of  the  Pine  Flat 
Dam  subjected  to  a  scaled  horizontal  Taft 
ground  motion  for  five  different  load  cases. 
These  five  load  cases  considered  a  full  and 
empty  reservoir  and  peak  acceleration  varying 
from  0.18  to  0.45  g.  The  results  demonstrated 
that  cracks  can  form  but  remain  stable  under 
low  amplitude  ground  motion;  however,  under 
large  amplitude  ground  motion,  Fenves  (1987) 
found  that  the  cracks  propagate  across  the  en¬ 
tire  cross  section  of  the  studied  monolith. 

Detailed  Studies 

Mlakar’ s  (1986)  research  was  funded  by 
the  US  Army  Corps  of  Engineers’  (USACE) 
Structural  Research  Program  to  evaluate  the 
current  ETL  1 1 10-2-303.  This  evaluation 
was  done  by  performing  nonlinear  analyses  of 
three  nonoverflow-gravity  dam  cross  sections 
which  were  selected  to  characterize  the 
USACE  population  of  concrete  gravity  dams. 
The  N65W  and  vertical  components  of  the 
1966  Parkfield,  CA  earthquake  recorded  at 
Temblor  No.  2  Station  (CIT  File  Nos.  B037-1 
and  B037-3)  were  used  for  each  analysis. 

The  records  from  this  earthquake  were  chosen 
because  the  peak  ground  acceleration  and  fre¬ 
quency  content  are  representative  of  strong 
ground  motions.  The  nonlinear  analyses  were 
performed  using  the  general  purpose  finite  ele¬ 
ment  code  ADINA.  The  constitutive  behavior 
of  the  concrete  was  described  by  Bathe  and 
Ramaswamy  (1979).  The  hydrodynamic  load¬ 
ing  of  the  reservoir  was  modeled  by  adding 
concentrated  nodal  masses  on  the  upstream 
face  corresponding  to  the  distribution  described 
by  Chopra  (1978).  All  foundations  were  as¬ 
sumed  rigid. 

The  shortest  section  analyzed  represented 
the  Richard  B.  Russell  Dam  on  the  Savannah 
River.  This  structure  is  185  ft  high  and  has  a 
modulus  of  elasticity  of  3,000,000  psi.  The  fi¬ 
nite  element  grid  contains  65  elements  and 
247  nodes  providing  594  degrees  of  freedom. 


The  two-dimensional  cross  section  experi¬ 
enced  no  nonlinear  behavior  when  subjected 
to  the  Parkfield  ground  motion.  The  ground 
motions  were  then  tripled  to  determine  the 
nonlinear  response  of  this  gravity  dam.  Fig¬ 
ure  1  shows  the  cracked  regions  of  the  dam 
due  to  tripled  Parkfield  accelerations. 

The  second  gravity  dam  modeled  has  a 
height  of  300  ft,  but  it  is  not  representative  of 
any  particular  dam  and  is  labeled  “Standard 
Dam.”  The  finite  element  model  for  the  dam 
consists  of  594  degrees  of  freedom.  The  modu¬ 
lus  of  elasticity  for  the  mass  concrete  was 
assumed  to  be  3,000,000  psi.  The  ADINA 
analysis  showed  two  cracked  zones  on  the 
downstream  surface  at  the  elevation  of  slope 
change  and  at  a  slightly  lower  elevation  (Fig¬ 
ure  2).  These  cracks  progress  to  the  upstream 
surface.  An  examination  of  the  ETL  proce¬ 
dure  for  this  situation  reveals  that  no  indica¬ 
tion  of  cracking  above  the  base  of  the  dam 
would  be  realized. 

The  third  dam  analyzed  was  the  Dworshack 
Dam  on  the  Clearwater  River  in  Idaho.  This 
gravity  dam  is  638  ft  high  and  it  has  an  esti¬ 
mated  modulus  of  elasticity  of  5,000,000  mil¬ 
lion  psi.  This  structure  was  chosen  to  represent 
the  tallest  dam  owned  by  the  Corps  of  Engi¬ 
neers.  The  finite  element  model  of  this  dam 
has  80  elements  and  363  nodes  with  726  de¬ 
grees  of  freedom.  The  nonlinear  analysis  indi¬ 
cates  a  cracked  zone  which  transects  the  cross 
section  of  the  elevation  of  change  in  down¬ 
stream  slope.  Cracking  also  initiates  at  the 
upstream  edge  of  the  base  and  soon  stabilizes 
(Figure  3).  At  later  times  the  cracking  propa¬ 
gates  from  the  downstream  face  at  the  eleva¬ 
tion  of  the  slope  change.  The  ETL  procedure 
indicates  that  cracking  is  expected  through 
the  base  of  the  structure. 

Fenves  performed  a  nonlinear  seismic  anal¬ 
ysis  of  the  tallest  (400  ft)  nonoverflow  mono¬ 
lith  of  the  Pine  Flat  Dam.  The  finite  element 
model  of  the  structure  consists  of  162  nodes 
comprising  136  quadrilateral  elements  with  a 
total  of  315  degrees  of  freedom.  The  finite 
element  model  of  the  impounded  reservoir 
water  extends  upstream  1 ,200  ft  from  the  dam 
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Figure  2.  Cracked  zones  of  Standard  Dam 
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Figure  3.  Cracked  zones  of  Dworshak  Dam 
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and  consists  of  224  constant  pressure  elements. 
By  modeling  the  reservoir,  the  analysis  ac¬ 
counts  for  the  interaction  between  the  reser¬ 
voir  and  dam.  Stiffness  proportional  damping 
was  used  to  provide  5  percent  critical  damping 
of  the  fundamental  frequency  and  a  modulus 
of  elasticity  of  3.25  million  psi  was  used. 

The  S69E  component  of  the  1952  Taft  ground 
motion  was  taken  as  a  horizontal  component 
acting  in  the  upstream-downstream  direction. 
The  peak  ground  acceleration  from  these 
ground  motions  was  0.18  g. 

When  the  reservoir  was  empty,  the  Taft 
ground  motion  had  to  be  scaled  up  by  a  factor 
of  2.5  to  an  acceleration  of  0.45  g  to  initiate 
cracking.  However,  when  the  reservoir  was 
assumed  full  (38 1  ft),  the  nonlinear  analysis 
indicates  cracking  from  unsealed  Taft  ground 
motions.  The  cracking  occurs  at  the  head  of 
the  dam  where  a  stress  concentration  exists 
because  of  the  assumed  rigid  foundation. 
When  ground  motions  were  scaled  to  0.27  g, 
cracks  are  shown  to  propagate  further  along 
the  base.  When  ground  motions  were  scaled 
to  0.36  g,  cracking  also  occurs  on  the  down¬ 
stream  slope  where  the  change  in  the  slope 
occurs.  The  extensive  cracking  led  to  a  nu¬ 
merically  unstable  solution  which  indicates 
that  stability  analyses  are  needed.  Figure  4 
gives  a  summary  of  these  results. 

The  ETL  procedure  was  followed  using  the 
computer  program  EAGD-84.  Five  load  cases 
were  investigated  for  the  Pine  Flat  Dam.  Table  1 
summarizes  the  five  cases  and  results.  For 
cases  1, 3,  and  4  the  maximum  tensile  stresses 
were  less  than  638  psi  (0.15  f  ),  so  no  cracking 
of  the  monolith  was  presumed.  Cases  2  and  5 
were  performed  again  assuming  7-percent 
viscous  damping  which  equates  to  14-percent 
hysteretic  damping  (Table  2).  Case  2  resulted 
in  maximum  tensile  stress  of  563  psi  at  the  down¬ 
stream  face  which  exceeds  0.10  x  f  and,  ac- 

C 

cording  to  the  ETL,  a  crack  should  be  assumed 
at  two  locations  and  sliding  stability  analyses 
performed  for  the  portion  of  the  dam  above  this 
plane.  For  Case  5,  the  0. 10  x  f  criterion  was 
exceeded  on  the  upstream  and  (fownstream 
faces  as  well  as  at  the  heel.  The  ETL  criteria 
again  require  stability  analysis  to  be  performed. 


These  nonlinear  analyses  clearly  indicate 
the  importance  of  the  nonlinear  response  of 
the  Pine  Flat  Dam  to  these  ground  motions. 
The  ETL  criteria  appeared  to  be  reasonably 
accurate  for  these  five  analyses.  However, 
the  procedure  needs  further  investigation  be¬ 
cause  there  is  no  theoretical  basis  for  assum¬ 
ing  that  tensile  cracking  results  in  increased 
energy  dissipation  which  is  implied  by  greater 
damping  ratios. 

Nonlinear  Research  Needs 

The  Panel  on  Earthquake  Engineering  for 
Concrete  Dams  Committee,  Division  of  Hazard 
Mitigation,  through  the  National  Research 
Council,  has  recently  completed  a  publication 
entitled,  “Earthquake  Engineering  for  Concrete 
Dams:  Design,  Performance,  and  Research 
Needs”  (NRC  1990).  This  publication  presents 
details  for  needed  research  in  the  nonlinear  seis¬ 
mic  response  of  concrete  dams.  The  following 
are  the  items  which  should  be  addressed  in 
future  research  programs. 

Material  testing  of  mass  concrete 

Further  testing  of  mass  concrete  under  dy¬ 
namic  loads  is  needed.  It  is  needed  to  deter¬ 
mine  tensile  cracking  of  the  mass  concrete 
under  multiaxial  stress  states  which  represent 
the  in  situ  strain  paths  in  a  concrete  dam  during 
a  seismic  event.  These  tests  must  quantify  the 
effects  of  strain  rates,  concrete  mixtures,  and 
aggregate  size.  Concrete  samples  should  be  a 
mixture  of  cores  from  actual  dams  and  care¬ 
fully  prepared  laboratory  samples. 

Development  of  materials 
models  for  concrete 

Once  the  test  data  are  available,  realistic 
numerical  models  for  tensile  cracking  under 
dynamic  loads  can  be  developed.  These  mod¬ 
els  must  allow  for  multiaxial  stress  states, 
strain  rate  effects,  shear  transfer  by  aggregate 
interlock,  and  criteria  for  tensile  cracking 
and  propagation  of  cracks.  The  studies  must 
include  smeared-crack  approach,  fracture 
mechanics  principles,  cracking-consistent 
damping,  and  the  discrete-crack  approach. 
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(a)  Empty  reservoir,  a,  -  0.45  g  (b)  Pull  reservoir,  ag  -  0.18  g 


(c)  Pull  reservoir,  ae  -  0.27  g  (b)  Full  reservoir,  ag  ~  0.36  g 


Figure  4.  Tensile  cracks  in  Pine  Flat  Dam  due  to  Taft  ground  motion  scaled  to  peak  ground 
accelerator  ag 
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Table  1 

Maximum  Tensile  Stress  in  Pine  Flat  Dam  Due  to  Scaled  Horizontal  Taft  Ground  Motion 
from  First  Linear  Dynamic  Analysis  .  __  _ 


Case  (1) 

■a 

Max.  Stress  (psi) 

Water  (2) 

<fl)  (3) 

Mi  (4) 

Up  (5) 

Down  (6) 

Heel  (7) 

1 

Empty 

0.18 

0.10 

130 

256 

4 

2 

Empty 

0.45 

0.10 

466 

666 

271 

3 

Full 

0.18 

0.10 

217 

250 

361 

4 

Full 

0.27 

0.10 

415 

363 

539 

5 

Full 

0.36 

0.10 

510 

580 

718 

Table  2 
Maximum  Te 
from  Second 

nsile  Stress  in  Pine  Flat  Dam  Due  to  Scaled  Horizontal  Taft  Ground  Motion 
Linear  Dynamic  Analysis 

Case  (1 ) 

«8 

Max.  Stress  (psi) 

Water  (2) 

(g)  (3) 

M<  (<») 

Up  (5) 

Down  (6) 

Heel  (7) 

1 

Empty 

0.18 

— 

— 

— 

— 

2 

Empty 

0.45 

0.14 

383 

563 

198 

3 

Full 

0.18 

— 

— 

— 

— 

4 

Full 

0.27 

— 

— 

— 

— 

5 

Full 

0.36 

0.14 

459 

479 

642 

Modeling  of  other  nonlinear  Parameters  and  detailed  response 

mechanisms  studies 


Since  the  limiting  tensile  strength  of  the 
concrete  is  across  lift  surfaces,  it  is  important 
to  develop  construction  joint  models.  These 
models  will  redistribute  the  forces  across  a 
joint  as  the  two  surfaces  open  and  close.  The 
degradation  of  the  concrete  across  the  joints 
must  be  modeled  due  to  the  damaging  number 
of  loading  cycles  from  an  earthquake. 

Numerical  procedures  for  computing 
nonlinear  response 

The  numerical  material  and  joint  models  can 
then  be  incorporated  into  a  finite  element  pro¬ 
gram  with  time  integration  for  the  equations  of 
motion  or  other  discretization  methods  for  solv¬ 
ing  dynamic  nonlinear  equations.  The  proce¬ 
dures  must  also  include  interaction  with  the 
impounded  water,  flexible  foundation  rock,  and 
the  reservoir  bottom  absorption.  These  proce¬ 
dures  must  be  refined  to  take  advantage  of  vec¬ 
tor  and  parallel  processes  in  the  latest  computers. 


With  the  development  of  accurate  numeri¬ 
cal  procedures,  parametric  studies  can  be  pei- 
formed  to  determine  the  sensitivity  of  the 
nonlinear  response  to  the  parameter  describing 
the  nonlinear  models.  These  studies  would 
identify  the  significance  of  tensile  cracking 
and  joint  opening  with  respect  to  failure  or  dy¬ 
namic  response.  Finally  the  following  factors 
should  be  determined:  effects  of  ground  mo¬ 
tion  characteristics,  water  compressibility, 
foundation  flexibility,  reservoir  bottom  ab¬ 
sorption,  and  modeling  issues. 

Dynamic  testing  of  dam  models 

Testing  of  dam  models  is  essential  for  veri¬ 
fying  nonlinear  numerical  procedures.  These 
tests  may  require  association  with  interna¬ 
tional  augmentation  testing  and  use  of  facili¬ 
ties  such  as  a  large  earthquake  simulator 
recently  installed  at  the  research  laboratory 
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of  the  Ministry  for  Water  Conservancy  and 
Hydroelectric  Power  in  Beijing,  China. 

Identification  of  design  criteria 

Accurate  design  criteria  based  on  numeri¬ 
cal  and  experimental  studies  could  then  be  de¬ 
veloped.  Nonlinear  seismic  analysis  may  not 
become  a  standard  practice  in  design  but  will 
certainly  define  the  tensile  strength  of  the 
structure  and  the  post  cracking  stability. 

Investigation  of  earthquake-resistant 
design  measures 

These  nonlinear  capabilities  will  allow  for 
the  investigation  of  innovative  measures  for 
increasing  the  seismic  safety  of  concrete  grav¬ 
ity  dams.  These  tools  could  be  used  to  study 
effects  in  the  geometry  of  dams,  jointing 
schemes,  and  joint  materials  to  dissipate  energy. 

Conclusion 

Nonlinear  capabilities  are  important  in  de¬ 
termining  the  seismic  stability  of  concrete 
gravity  dams.  The  capability  to  develop  a 
complete  program  as  described  is  beyond  sin¬ 
gle  capability  of  the  Corps  of  Engineers. 
However,  the  Corps  can  strategically  utilize 
the  research  being  performed  through  the  Na¬ 
tional  Science  Foundation  and  other  organiza¬ 
tions  to  answer  these  complex  issues  and 
develop  the  necessary  tools  and  criteria.  Non¬ 
linear  analysis  will  provide  the  necessary  in¬ 
sight  for  the  development  of  reliable  cost 
saving  earthquake  resistant  designs. 
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Seismic  Evaluation  of  Intake  Towers 


by 


David  R.  Descoteaux,  PE 1 


Abstract 

At  Corps  of  Engineers  civil  works  projects,  intake  towers  are  recognized  as  the 
structural  feature  most  at  risk  to  earthquake  hazards.  Accordingly,  the  Corps  has 
devoted  considerable  effort  in  recent  years  to  assimilate  and  develop  seismic 
criteria  for  assessing  the  adequacy  of  reinforced  concrete  towers.  The  updated 
criteria  will  be  published  in  Engineer  Technical  Letter  1 1 10-8-8(FR),  ‘‘Seismic 
Design  and  Evaluation  of  Intake  Towers  ”  (Headquarters,  Department  of  the  Army, 
in  preparation).  This  paper  presents  results  of  an  evaluation  of  the  existing  intake 
towers  at  Edward  MacDowell  Dam  and  Otter  Brook  Lake,  New  Hampshire,  using 
the  cantilever  beam  response  spectrum  method  recommended  in  the  current  criteria. 
Based  on  these  results,  findings  which  are  generally  applicable  to  seismic  evalua¬ 
tions  of  all  existing  intake  towers  are  discussed. 


Introduction 

Background 

The  US  Army  Engineer  Division,  New 
England,  operates  and  maintains  15  projects 
which  have  a  free  standing  or  partially  em¬ 
bedded  tower  as  one  of  the  structural  features. 
Since  most  of  these  towers  were  constructed 
in  the  1940’s  through  1960’s,  their  seismic 
design  was  based  on  the  traditional  seismic 
coefficient  method  as  found  in  Engineer  Man¬ 
ual  1 1 10-2-2400.  The  Division  is  currently  in 
the  process  of  evaluating  these  tow  ers  using 
the  current  dynamic  analysis  procedures  and 
criteria  presented  in  Engineer  Technical  Let¬ 
ter  (ETL)  1 1 10-8-8(FR),  “Seismic  Design  and 
Evaluation  of  Intake  Towers”  (Headquarters, 
Department  of  the  Army,  in  preparation).  To 
dale,  the  towers  at  Edward  MacDowell  Dam 
and  Otter  Brook  Lake,  New  Hampshire,  de¬ 
picted  in  Figures  1  and  2,  have  been  investi¬ 


gated.  The  results  from  these  two  evaluations 
will  be  used  to  make  a  preliminary  assessment 
of  all  towers  within  the  Division’s  jurisdiction 
and  will  form  the  basis  for  future  investigations. 

1982  Gaza  Earthquake 

On  1 8  January  1982,  an  earthquake  of  Rich¬ 
ter  magnitude  4.7  struck  central  New  Hamp¬ 
shire.  This  earthquake,  which  was  centered 
about  1.5  miles  southwest  of  the  village  of 
Gaza,  was  felt  over  most  of  New  England  and 
New  York.  Strong  motion  records  were  regis¬ 
tered  at  five  Corps  of  Engineers  projects. 
Franklin  Falls  Dam,  located  approximately  6 
miles  from  the  epicenter,  registered  a  peak 
acceleration  of  0.55g  which  is  the  highest 
value  recorded  east  of  the  Rocky  Mountains 
(Krinitzsky  and  Dunbar  1986).  This  event 
provided  the  impetus  for  additional  seismolog- 
ical  studies  and  structural  evaluations  in  New 
England. 
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Seismic  Evaluation 


Figure  1 .  Intake  tower  at  Edward  MacDoweil  Dam 


Figure  2.  Intake  tower  at  Otter  Brook  Lake 


Overview  of  existing  intake  towers 

New  England  Division’s  inventory  includes 
towers  with  square,  rectangular,  circular,  and 
octagonal  cross  sections.  Tower  heights  vary 
between  approximately  80  and  288  ft.  Consid¬ 
ered  as  representative  of  the  towers  in  the  in¬ 
ventory  and  suitable  for  evaluation  by  the 
cantilever  beam  response  spectrum  method, 
the  towers  at  Edward  MacDoweil  Dam  and 
Otter  Brook  Lake  were  selected  as  the  first 
two  in  the  inventory  to  be  investigated.  The 
tower  at  Edward  MacDoweil  Dam,  completed 
in  1950,  is  86.5  ft  high  and  rectangular  in 
cross  section.  The  tower  at  Otter  Brook  Lake, 
completed  in  1958,  is  138.5  ft  high  and  octag¬ 
onal  in  cross  section.  In  the  original  design 
computations,  the  towers  at  Edward  MacDow¬ 
eil  Dam  and  Otter  Brook  Lake  were  designed 
with  a  seismic  coefficient  of  0.1  Og  and  0.05g, 
respectively. 


Seismic  load  information 

The  first  step  in  a  seismic  evaluation  is  the 
selection  of  appropriate  earthquake  data.  Two 
levels  of  earthquake  are  prescribed  in  the  cur¬ 
rent  criteria.  Generally,  intake  towers  are  to  be 
evaluated  to  resist  a  design  level  earthquake, 
which  is  defined  as  the  earthquake  generated 
from  a  specific  seismic  source  which  produces 
ground  motions  at  the  site  that  have  a 
10-percent  chance  of  exceedance  in  100  years. 
In  special  cases  where  failure  of  the  tower  due 
to  an  earthquake  can  lead  to  failure  of  the  dam 
and  cause  loss  of  life,  towers  are  to  be  evalu¬ 
ated  for  a  maximum  credible  earthquake,  which 
is  defined  as  the  earthquake  generated  at  a  spe¬ 
cific  seismic  source  which  produces  the  largest 
ground  motion  at  the  site. 

Current  guidance  indicates  that  seismic  load 
information  can  be  obtained  as  either  site-spe¬ 
cific  or  nonsite-specific  data.  Nonsite-specific 
response  spectra  for  a  design  level  earthquake 
are  contained  in  ETL  1 1 10-8-8(FR)  for  use 
where  site-specific  spectra  do  not  already 
exist.  The  nonsite-specific  response  spectra 
can  be  scaled  using  the  effective  peak  ground 
acceleration  prescribed  in  the  current  ETL  and 
a  seismic  zone  map,  which  is  adopted  from  the 
T? niform  Building  Code  (International  Confer¬ 
ence  on  Building  Officials  1988),  to  adjust  for 
the  location  of  the  site.  Nonsite-specific 
response  spectra  were  used  for  the  evaluation 
of  the  towers  at  Edward  MacDoweil  Dam  and 
Otter  Brook  Lake. 

One  of  the  shortcomings  of  the  traditional 
seismic  coefficient  method  is  the  lack  of  accu¬ 
racy  in  specification  of  the  seismic  coefficient, 
since  the  same  value  is  assigned  to  a  large 
geographic  area  and  does  not  account  for  the 
seismicity  of  a  particular  location.  It  is  noted 
that  the  same  shortcoming  is  inherent  when 
using  the  nonsite-specific  data  contained  in 
the  current  guidance.  This  nonsite-specific 
data  indicates  that  all  of  the  towers  in  New 
England  Division’s  inven.ory  are  located  in 
seismic  zone  2A  for  which  an  effective  peak 
ground  acceleration  of  0.20g  is  prescribed. 
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As  an  example,  the  effective  peak  ground 
accelerations  at  four  New  England  Division 
projects  for  which  site-specific  geological- 
seismological  investigations  have  been  per¬ 
formed  are  contained  in  Table  1.  A  review  of 
these  accelerations  indicates  the  variation 
which  can  occur  within  a  seismic  zone. 


Table  1 

Effective  Peak  Ground  Accelerations 
(EPGA) 

Project1 

Site-Specific 
EPGA  for 
Design  Level 
Earthquake 

Site-Specific 
EPGA  for 
Maximum 
Credible 
Earthquake 

Franklin  Falls  Dam. 
Franklin,  NH 

Not  Available 

0.38g 

Knightville  Dam, 
Huntington,  MA 

0.25g 

0.25g 

Surry  Mountain  Lake, 
Keene.  NH 

£0.1 6g 

0.1 6g 

West  Thompson  Lake, 
Thompson,  CT 

*0.1 6g 

0.1 6g 

1  All  projects  are  located  in  seismic  zone  2A  for  which  a 
nonsite-specific  EPGA  of  0.20g  is  prescribed  for  a 
design  level  earthquake  per  current  criteria. 

Analysis  Techniques 

Both  simple  and  complex  analysis  tech¬ 
niques  are  discussed  in  the  current  guidance. 
For  towers  which  are  generally  square,  rectan¬ 
gular,  or  circular  in  plan,  the  cantilever  beam 
response  spectrum  method,  the  simplest  of 
the  acceptable  techniques,  is  recommended. 
For  towers  with  irregular  cross  sections  or 
other  discontinuities,  a  more  complex  finite  el¬ 
ement  model  is  necessary.  The  cantilever 
beam  response  spectrum  method  can  be 
readily  performed  using  a  simplified  two¬ 
mode  added-mass  method  (Chopra  1981). 

This  method  uses  the  first  two  modes  of  vibra¬ 
tion  and  the  added-mass  concept,  which  ac¬ 
counts  for  hydrodynamic  effects,  to  determine 
internal  shears  and  moments.  Computations 
can  be  performed  using  hand  calculations  or 
spreadsheet  software.  A  cantilever  beam  re¬ 
sponse  spectrum  analysis  by  the  simplified 
two-mode  added-mass  method  was  deemed 
appropriate  for  evaluating  the  towers  at  Ed¬ 
ward  MadDowell  Dam  and  Otter  Brook  Lake. 


For  both  towers,  a  nonsite-specific  5-percent 
damped  response  spectrum  with  an  effective 
peak  ground  acceleration  of  0.20g  was  used  in 
the  analysis.  The  internal  moments  obtained 
from  an  analysis  of  each  tower  in  the  upstream- 
downstream  direction  are  presented  graphically 
in  Figures  3  and  4.  In  addition,  internal  mo¬ 
ments  obtained  by  the  traditional  seismic  coef¬ 
ficient  method  for  a  0.20g  acceleration  are 
shown  for  comparison. 

Using  the  same  value  of  effective  peak 
ground  acceleration  in  both  methods  of  analy¬ 
sis,  it  is  observed  in  Figures  3  and  4  that  the 
results  obtained  by  the  traditional  seismic 
coefficient  method  are  nonconservative  when 
compared  with  results  obtained  by  the  current 
cantilever  beam  response  spectrum  method. 

The  degree  of  nonconservatism  is  actually 
greater  than  depicted  given  that  the  original  de¬ 
sign  of  the  towers  at  Edward  MacDowell  Dam 
and  Otter  Brook  Lake  was  based  on  an  accelera¬ 
tion  of  0.10g  and  0.05g,  respectively.  Extrapo¬ 
lating  from  these  observations,  it  appears  that 
for  all  towers  in  the  Division’s  inventory,  the 
forces  generated  during  a  design  level  earth¬ 
quake  would  exceed  the  seismic  forces  for 
which  the  towers  were  originally  designed. 

Capacity  versus  demand 

To  satisfy  current  criteria,  intake  towers 
must  have  sufficient  capacity  to  resist  the 
demand  of  a  design  level  earthquake  or,  in 
special  cases  as  previously  discussed,  the  maxi¬ 
mum  credible  earthquake.  The  capacity  of  the 
tower  is  considered  to  be  the  ultimate  strength 
computed  in  accordance  with  the  requirements 
of  the  American  Concrete  Institute  (1989), 
while  the  demand,  or  required  strength,  is  calcu¬ 
lated  using  a  load  combination  presented  in  the 
current  criteria.  The  required  load  combination 
is  shown  as  Equation  1 . 

U  -  3/4(1. 4D  +  1.7L  +  1.3  E/u)  (1) 
where 

U  =  required  strength  to  resist  factored  load 

D  =  dead  loads,  or  related  internal  moments 
and  forces 
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Figure  3.  Moment  diagram  for  Edward  MacDowell  Dam 


£ 


Figure  4.  Moment  diagram  for  Otter  Brook  Lake 
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L  =  live  loads,  or  related  internal  moments 
and  forces 

E  =  earthquake  loads,  or  related  internal 
moments  and  forces 

u  =  ductility  factor:  2.0,  if  ductility  re¬ 
quirements  in  current  criteria  are  satis¬ 
fied;  1 .0,  otherwise. 

In  Equation  1,  it  is  noted  that  the  load  factor 
of  1 .3  for  earthquake  loads  and  use  of  a  ductil¬ 
ity  factor  to  reduce  the  earthquake  loads  are 
significantly  different  from  the  requirements 
of  the  American  Concrete  Institute  which  pre¬ 
scribe  a  load  factor  of  1.87  and  make  no  al¬ 
lowance  for  ductility.  The  load  combination 
in  ETL  1 1 10-8-8(FR)  was  formulated  to  ac¬ 
count  for  the  additional  post  yield  capacity  of 
reinforced  concrete  towers  associated  with  in¬ 
elastic  behavior.  Therefore,  towers  which 
meet  the  current  criteria  can  be  expected  to  re¬ 
sist  a  design  level  earthquake,  or  maximum 
credible  earthquake  where  required,  without 
collapse  but  with  some  structural  damage. 

The  capacity  and  demand  for  internal  shears 
and  moments  for  the  towers  at  Edward  Mac- 
Dowell  Dam  and  Otter  Brook  Lake  are  pre¬ 
sented  in  Tables  2  and  3,  respectively.  The 
demand,  or  required  strength,  for  both  towers 
was  computed  with  the  load  combination 
shown  in  Equation  1  using  a  ductility  factor  of 
1 .0.  Use  of  a  higher  ductility  factor  in  Equation 
1  was  not  warranted,  since  neither  tower  con¬ 
tains  the  minimum  amount  of  flexural  reinforce¬ 
ment,  as  required  by  the  current  criteria,  to 
ensure  a  ductile  failure.  A  review  of  the  data 
contained  in  Tables  2  and  3  indicates  that  the 
tower  capacity  exceeds  demand  at  Edward  Mac- 
Dowell  Dam  but  that  the  moment  capacity  at 
the  lower  levels  of  the  tower  at  Otter  Brook 
Lake  is  well  below  the  required  strength. 


Table  2 

Seismic  Evaluation  of  Tower 
at  Edward  MacDowell  Dam 

Tower 

Section1 

Shear 

Capacity 

hips 

Shear 

Demand 

kips 

Moment 

Capacity 

foot-kips 

Moment 

Demand 

foot-kips 

1 

1,870 

140 

29,860 

614 

i 

2,310 

334 

34.150 

3,160 

f 

2.440 

446 

33,870 

17,180 

8 

2,700 

456 

34,900 

20,970 

[  T  See  Figure  3  for  location  of  sections 

Table  3 

Seismic  Evaluation  of  Tower 
at  Otter  Brook  Lake 

Tower 

Section1 

Shear 

Capacity 

kips 

Shear 

Demand 

kips 

Moment 

Capacity 

foot-klps 

Moment 

Demand 

foot-klps 

t 

1,070 

156 

6,243 

1,280 

P 

2,691 

442 

10,858 

6,698 

i 

3,699 

805 

16,449 

48,440 

f 

18,143 

917 

48,312 

61,718 

d 

21 .358 

955 

56,967 

85,012 

1  See  Figure  4  for  location  of  sections. 


Conclusions 

Seismic  evaluations  of  existing  intake  towers 
can  be  readily  performed  by  the  cantilever 
beam  response  spectrum  method  using  the 
simplified  two-mode  added-mass  procedure 
presented  in  current  Corps  guidance.  Based 
on  evaluations  of  the  intake  towers  at  Edward 
MacDowell  Dam  and  Otter  Brook  Lake  by 
this  procedure,  the  following  observations  are 
offered.  These  observations  are  specific  to 
towers  in  New  England  but  appear  to  be  gen¬ 
erally  applicable  to  all  existing  Corps  towers 
which  originally  were  designed  by  the  tradi¬ 
tional  seismic  coefficient  method. 


Per  the  current  criteria,  the  tower  at  Ed¬ 
ward  MacDowell  Dam  does  not  require  reme¬ 
dial  strengthening  since  its  capacity  exceeds 
the  seismic  demand.  These  criteria,  however, 
are  not  satisfied  at  Otter  Brook  Lake,  and  a 
more  refined  ductility  evaluation  of  the  tower 
is  required  before  making  a  determination  as 
to  whether  remedial  strengthening  is  required. 


•  The  use  of  nonsite-specific  earthquake  data 
has  the  shortcoming  of  not  accounting  for 
the  seismicity  of  the  particular  location.  If 
an  evaluation  using  nonsite-specific  data 
indicates  that  a  tower  is  deficient,  it  may 
be  prudent  to  develop  site-specific  data 
before  concluding  that  remedial  work  is 
required. 
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•  In  general,  it  appears  that  seismic  forces 
computed  by  the  analytical  procedures 
outlined  in  the  current  guidance  exceed 
the  forces  computed  by  the  traditional 
seismic  coefficient  method.  Therefore,  in 
light  of  current  criteria,  the  adequacy  of  all 
existing  towers  which  were  designed  by 
the  traditional  method  is  in  question. 

•  It  appears  that  many  existing  towers  do 
not  contain  sufficient  flexural  reinforce¬ 
ment  to  ensure  a  ductile  mode  of  failure. 
An  in-depth  ductility  evaluation  of  these 
towers  will  be  required  before  any  bene¬ 
fit  of  inelastic  action  can  be  included  in  a 
seismic  assessment.  Development  of  addi¬ 
tional  guidance  on  ductility  is  warranted. 
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Abstract 

An  analysis  has  been  performed  on  the  effects  of  high-level  acoustic  environments 
in  an  Aircraft  Maintenance  Dock  ( AMD ).  This  analysis  included  detailed  estimation 
of  the  maximum  sound  levels  inside  the  facility,  identification  of  the  facility  compo¬ 
nents  which  are  potentially  sensitive  to  high-level  vibro-acoustic  loads,  and  a 
summary  of  design  considerations  that  are  appropriate  for  this  environment.  The 
high  noise  levels  represent  the  sum  of  direct  sound  pressures  radiated  by  the  internal 
noise  sources  impinging  on  the  facility  shell  and  the  corresponding  reverberant 
sound  field  inside  the  facility. 

The  maximum  equivalent  static  pressures  which  would  be  expected  to  produce 
the  same  peak  stress  as  the  actual  acoustic  pressures  inside  the  facility  range  from 
±32  psf  on  the  walls  to  ±27  psf  on  the  roof,  and  an  average  of  ±36  psf  on  a  draft 
curtain.  Dynamic  response  and  fatigue  effects  are  incorporated  into  these  estimated 
acoustic  loads.  Dynamic  (g)  load  factors  for  equipment  components  mounted  on 
the  facility  structure  vary  widely  depending  on  location  and  equipment  weight  and 
range  from  ±1.7  g’s  to  ±17  g’s.  Additional  details  on  vibro-acoustic  design  loads, 
including  reaction  loads  on  supporting  structure  due  to  acoustically  induced  vibra¬ 
tion  of  wall  and  roof  panels,  vibration  loads  on  the  HVAC  system,  and  random 
vibration  test  specifications  for  equipment  mounted  inside  the  AMD,  have  also  been 
determined. 

Several  critical  components  of  the  AMD  were  analyzed,  and  recommendations 
are  made  to  increase  ductwork  thickness  and  provide  vibration  isolation  for  duct¬ 
work,  exhaust  fans,  pipe  systems,  light  fixtures,  and  wind  truss  supports. 

The  type  of  standard  steel  construction  to  be  employed  for  this  facility,  typical 
of  high  bay  test  facilities,  is  not  normally  exposed  to  the  intermittent  high-intensity 
vibro-acoustic  loading  anticipated  from  the  planned  test  operations.  However,  if 
proper  consideration  is  given  to  the  vibro-acoustic  loads  specified  herein  for  the 
design  of  the  building  shell  and  the  mounting  and/or  qualifications  of  internal 
equipment,  the  planned  utilization  of  the  facility  should  not  be  significantly  im¬ 
paired. 


1  Engineering  and  Materials  Division,  US  Army  Construction  Engineering  Research  Laboratory, 
Champaign,  IL. 

^  Deputy  Director,  Chief  Scientist,  Scientific  Services  and  Systems  Group,  Wyle  Laboratories. 
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Introduction 

Operations  planned  in  the  AMD  will  result 
in  acoustic  sound  levels  that  may  damage  the 
structure  or  cause  malfunction  of  other  com¬ 
ponents  in  the  facility,  unless  precautions  are 
taken  in  the  design  of  the  secondary  building 
structures  and  internal  equipment  mountings. 
An  analysis  of  the  impact  of  this  acoustic  en¬ 
vironment  in  the  facility  has  been  completed 
and  selected  results  are  presented  in  this  paper. 

Facility  Description 

The  total  facility  consists  of  two  identical 
test  bays  (Figure  1),  each  composed  of  steel 
framing  with  braced  perimeter  columns  sup¬ 
porting  roof  trusses  that  span  East  and  West. 
Parallel  to  the  trusses  are  steel  joists  to  which 
the  steel  roof  decking  is  attached.  The  walls 
are  sheathed  with  2-in.-thick  insulated  panels 
that  are  attached  to  horizontal  steel  girts  by 
means  of  clips  and  bolts.  The  main  facility 
doors  consist  of  steel  frames,  with  heavy  steel 
panels  fastened  to  the  surfaces,  and  the  cavi¬ 
ties  filled  with  insulation.  A  draft  curtain, 
consisting  of  a  heavy  roof  deck  supported  ver¬ 
tically  by  steel  frame  members,  creates  a  cav¬ 
ity  for  capturing  exhaust  fumes  from  the 
aircraft  auxiliary  power  units  (APU).  All  of 
the  steel  members  are  joined  together  by 
welded  and  bolted  connections. 


of  the  first  reflection  (i.e.,  pressure  doubling) 
at  the  interior  surfaces  and  the  reverberant 
sound  field  caused  by  the  acoustic  energy  re¬ 
maining  after  the  first  reflection  of  the  direct 
sound.  The  direct  sound  field  was  determined 
from  the  noise  contours  provided  by  the  data 
report  on  the  primary  noise  source. 


The  reverberant  sound  levels  depend  on  the 
total  sound  power  generated  by  the  sources  and 
on  the  acoustic  absorption  at  the  interim  sur¬ 
faces  of  the  AMD.  When  the  source  position  is 
moved  forward  by  the  vehicle  taxiing  out,  the 
maximum  levels  in  the  middle  one-third  of  the 
roof  structure  and  in  the  draft  curtain  will  tend 
to  be  controlled  by  the  direct  field.  Therefore, 
increasing  the  roof  absorption  (or  adding  acous¬ 
tic  absorption  on  any  internal  surfaces,  includ¬ 
ing  the  walls)  will  not  have  a  major  effect  on 
maximum  (design)  sound  levels  in  this  middle 
portion  of  the  roof. 

Acoustic  design  environment 


The  acoustic  design  environment  for  the 
AMD  corresponds  to  the  upper  envelope  in 
Figure  2.  The  following  equation  converts 
this  environment  to  pressure  (P): 


A.  ^ 


p  =  4.177  x  KT'  x  10 


20 


,  psf 


(1) 


Acoustic  Analysis 

The  vibro-acoustic  environmental  design 
analyses  in  this  study  are  based  on  a  maximum 
operating  condition  of  6,820  RPM  for  four  pri¬ 
mary  noise  sources  and  for  two  auxiliary  power 
noise  sources  operating  at  maintenance  power 
at  the  same  time.  The  6,820  RPM  condition  for 
the  primary  sources  was  the  power  condition 
specified  for  design  purposes  of  this  study. 

Development  of  analysis  approach 

For  the  various  operating  conditions  of  the 
acoustic  sources  involved  in  the  AMD,  the 
acoustic  pressures  on  the  structure  are  a  com¬ 
posite  sum  of  the  direct  radiation  from  each 
of  the  sound  sources,  accounting  for  the  effect 


where 

P  =  pressure  in  pounds  per  square 
foot 

Lj,  =  sound  pressure  level  in  dB 

Vibro-Acoustic  Response 

The  vibro-acoustic  response  will  be  consid¬ 
ered  in  four  forms:  (1)  acoustically  equivalent 
static  pressure  loads  on  secondary  wall,  roof 
and  door  panels  of  the  AMD  shell,  ductwork 
panels,  and  lightweight  equipment  covers; 

(2)  vibration  load  factors  for  design  of  mount¬ 
ing  structure  for  internal  mechanical,  electri¬ 
cal  and  hydraulic  equipment;  (3)  vibration  or 
acoustic  test  environment  specifications  that 
may  be  required  in  procurement  specifications 
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ONE-THIRD  OCTAVE  BAND  LEVEL,  dB 


Figure  1.  Aircraft  maintenance  dock 


Figure  2.  Acoustic  design  environment  in  one-third  octave  band  sound  pressure  levels 
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for  equipment  that  cannot  be  preselected  to  be 
assuredly  capable  of  withstanding  the  vibro- 
acoustic  environment  resulting  from  normal 
operations  in  the  AMD;  and  (4)  equipment 
and  secondary  structure  vibration  isolation. 

The  secondary  skin  structure  elements  of 
the  AMD  and  lightweight  enclosures  of  AMD 
equipment  have  two  common  characteristics 
that  are  the  primary  cause  of  the  acoustically- 
induced  vibration  response:  their  large  sur¬ 
face  area  and  low  surface  weight. 


The  spatial  maximum  RMS  velocity  (Xmax) 

at  the  center  of  a  simply  supported  plate  will 
be  four  times  the  spatial  average  RMS  re¬ 
sponse  (v  (f  ))  over  the  entire  surface  of  the 

plate.  The  maximum  RMS  stress  5  (max) 

1  m,n 

in  each  mode  is  given  in  Equation  D17  by 

Wilcoski  and  Sutherland  (unpublished): 


Sm,„(max)  =  Ks'f3E~~ 


Equivalent  static  pressure  loads 

The  spatial  average  root  mean  squared 
(RMS)  acceleration  response  (a  )  of  a 

simply  supported  plate  vibration  in  the 
m,n  mode,  excited  by  a  broad  band  random 
acoustic  excitation  is  given  in  the  following 
equation  by  Wilcoski  and  Sutherland  (unpub¬ 
lished): 

a(f  ^  =  'v/rc  P b  ^m,n  ^m,n)  Q  (, 


(0.23 16)w 


where 

Pb<W>  =  mean  square  pressure  in  a  one- 
third  octave  band  centered  on 
the  resonance  frequency,  fm  n  , 
of  the  plate 

Jm  n  (f^)  =  joint  acceptance  for  a  simply 
supported  plate  vibrating  in  the 
m,nth  resonance  frequency 
mode,  under  a  diffuse  sound 
field  (Sutherland  1968) 

w  =  plate  surface  density 

The  spatial  average  RMS  velocity  v  (f  n) 

response  for  each  mode  to  this  excitation  is 
given  by: 


=  Ks  V3  pCL^,„ 

where 

Ks  =  shape  constant  that  depends  on 
panel  edge  constraints  and  as¬ 
pect  ratio 

E  =  modulus  of  elasticity,  psi 

CL  =  longitudinal  speed  of  sound  in 
the  plate  material,  in/sec  = 
(E/p)^ 

p  =  mass  density  of  the  plate  mate¬ 
rial,  lb  sec2/in.4 

The  overall  maximum  RMS  stress  6  is 

max 

given  by: 


^max 


,n  (max) 


v(W  *  afW  x 


The  equivalent  static  pressure  P$  which  pro¬ 
duces  the  same  peak  stress,  taking  into  ac¬ 
count  the  random  peaks  of  the  excitation  and 
fatigue  effects  is  given  in  the  following  equa¬ 
tion  by  Wilcoski  and  Sutherland  (unpub¬ 
lished): 


fd  M2 

P  =  -—2-  —  n 

s  FfK  a  max 
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where 


Fp  =  ratio  of  peak  over  RMS  re¬ 
sponse,  at  10%  exceedance 
Fp  =  2.15 

Ff  =  fatigue  reduction  factor,  for 
1 ,200,000  panel  cycles  in 
4,000  operations  of  the  facility, 
over  its  Design  Life,  Ff  =  0.75 

K  =  function  of  edge  constraints 
and  aspect  ratio  (differs 
from  Ks) 

t  =  plate  thickness 

a  =  short  side  width  of  the  plate 

Table  1  summarizes  the  results  of  these  cal¬ 
culations  for  several  components  in  the  AMD. 


Table  1 

Equivalent  Static  Pressure 
for  Design  of  Lightweight  Structural 
Elements  on  AMD  Subjected  to  Acoustic 
Design  Environments _ 


Element 

Estimated  Maximum 

Static 

Pressure 

P. ,  P«f 

Peak 

Deflection 

In. 

RMS 

Velocity 

In./sec 

Wall  Panels 

0.38 

19 

±32 

Roof  Panels 

0.36 

5.7 

±27 

Draft  Curtain 

0.22 

15 

±34 

Vibration  loads 

for  design  of  AMD  equipment 

and  mounting  structure 

Vibration  loads  for  AMD  equipment  and 
mounting  structure  are  defined  in  terms  of 
(a)  vibration  load  factors  (LF),  i.e.,  g-loads, 
to  be  applied  to  the  design  of  any  structure- 
mounted  AMD  equipment  and  its  mounting 
attachment,  and  (b)  reaction  loads  on  second¬ 
ary  framing  structure  due  to  vibration  of  wall 
or  roof  panels.  In  all  cases,  these  loads  vrr 
bidirectional,  that  is,  they  are  applied  in  each 
direction  along  any  one  axis. 


The  vibration  load  factors  deal  with  the  over¬ 
all  panel  vibration  and  are  therefore  based  on 
spatial  average  rather  than  the  spatial  maximum 
response  in  the  center  of  a  panel.  The  accelera¬ 
tion  values  are  further  modified  because  the  sur¬ 
face  weight  parameter  used  in  the  response 
equations  includes  the  added  weight  of  the  sup¬ 
port  structure  distributed  over  the  surface  of  the 
acoustically  loaded  structure  in  question.  Thus, 
the  space  average  acceleration  levels  for  the 
wall  structure  are  based  on  the  total  average 
weight  of  the  entire  wall  system,  panels  plus 
girts  and  columns,  distributed  over  the  surface. 
Mass  loading  effects  of  heavy  equipment 
mounted  on  the  building  frame  serve  to  further 
reduce  the  acceleration  levels  of  the  structure. 
This  reduction  is  defined  by  the  ratio 
Wm/(W  +  Wm)  ,  where  We  is  the  total 

weight  of  equipment  mounted  on  the  structure 
and  W  is  the  total  effective  weight  of  the 

m 

basic  structure  on  which  the  equipment  is 
mounted.  Values  for  W  are  indicated  in 

m 

Table  2  for  primary  and  secondary  structural 
members  in  the  AMD.  The  effective  weight 
Wm  of  the  mounting  structure  represents  the 
dynamically  effective  weight  of  a  vibrating 
beam,  which  is  50  percent  of  the  true  weight. 

A  few  examples  of  the  results  of  these  calcula¬ 
tions  are  summarized  in  Part  (a)  of  Table  2. 

It  is  recommended  that  equipment  be  attached 
to  or  near  primary  structural  members  to  avoid 
the  high  vibration  levels,  indicated  in  Table  2 
for  the  center  of  wall,  roof,  and  draft  curtain 
panels. 

Examples  of  the  vibration  reaction  loads 
are  summarized  in  Part  (b)  of  Table  2.  Reac¬ 
tion  loads  in  the  vertical  direction  are  defined 
for  the  up  and  down  direction  taking  into  ac¬ 
count  the  inherent  -1  g  download  due  to  grav¬ 
ity.  Load  factors  and  vibration  reaction  loads 
in  Table  2  (a)  and  (b)  are  in  the  direction  of 
the  vibrating  surface;  in  the  perpendicular  di¬ 
rections  these  responses  become  50  percent  of 
the  basic  value. 
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Table  2 

Loads  for  Design  of  Supporting  Structures  for  AMD  Secondary  Structure 
and  Equipment  Subjected  to  Acoustic  Design  Environment 


Mounting  Location 


Wall  Panel  (2.5'  x  7.5') 

On  Girt,  Back  Wall 
On  Columns,  Back  Wall 


Roof  Panel/Bar  Joist  Section 
Roof  Truss 


Draft  Curtain  -  Panel 
Bottom  Channel 
Roof  Girders 


(a)  Vibration  Load  Factors 


Wm  Effective  Weight 
of  Mounting  Structures,  lb 


26  Ib/panel 
715 
5035 


Baseline  Vibration  Oesign 
Load  Factor1 


Joint  Vertical 
Surfaces 


Wall  Panel/Girt 
Girt/Column 


Horizontal  Surfaces 


Roof  Deck/Bar  Joist 


Perpendicular  to 
Surface 


(b)  Vibration  Reaction  Loads 


Co-Planar  w  rh  Surface 


Up 


+25  Ib/ft2 


Down 


-610  Ib/ft2 


Horizontal 


±3032 

±176 


Horizontal 


I  ±160  Ib/ft2 


1  Load  factors  in  direction  normal  to  plane  of  surface  (i.e.,  wall,  roof,  etc.).  For  in-plane  vibration  loads,  multiply  factors 
by  0.5. 

2  Reaction  load  increased  for  stress  concentration  by  factor  of  3.5. 


Ductwork  loading,  motion, 
and  recommendations 

The  dynamic  response  of  all  ductwork  pan¬ 
els  was  analyzed  using  the  methods  described 
above  under  the  acoustic  load  conditions  de¬ 
fined  in  Figure  2.  This  analysis  included  all 


modes  of  vibration  up  to  1 ,000  hz.  Table  3 
summarizes  these  results  for  a  few  ducts,  with 
the  peak  displacement  (Xpk),  load  factors 

(LF),  peak  stress  (<*max),  equivalent  static 
pressure  (P$),  and  support  reactions.  Vari¬ 
ous  duct  panel  thicknesses  were  evaluated 


Table  3 

Ductwork  Loading  and  Motion 


; 

W/120, 

i2  i 

In. 

Vertical 

14x8 


72  x  12 


1  Gauge  (ga)  recommended  by  USACERL 

2  Dynamic  Magnification  factor  (Q)  is  conservatively  set  to  30. 
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and  the  gages  (Ga)  recommended  by 
US  Army  Construction  Engineering  Research 
Laboratory  are  indicated  by  a  superscript  1. 

Acoustic  and  vibration 
environmental  test  specifications 


loading.  For  example,  most  of  the  items 
being  isolated  are  supported  at  either  the  roof 
bar  joists  or  wall  gins,  where  these  members 
will  have  a  lowest  mode  of  vibration  at  those 
frequencies  defined  by  the  roof  panel/bar  joist 
or  wall  panel/wall  girt  dynamic  response. 


Acoustically  or  vibration  sensitive  equip¬ 
ment  may  need  to  be  experimentally  qualified. 
The  recommended  acoustic  test  is  conducted 
by  mounting  equipment  inside  a  reverberant 
acoustic  chamber  and  testing  the  equipment 
according  to  the  environment  defined  by  the 
upper  envelope  in  Figure  2  for  16.7  hours. 

The  vibro-acoustic  loading  is  based  on  4,000 
operations  of  the  noise  sources  for  7  to  15  sec¬ 
onds  per  operation,  over  the  life  of  the  facil¬ 
ity.  This  equates  to  8.3  to  16.7  total  hours  of 
operation,  and  the  16.7-hour  test  will  provide 
an  adequate  qualification  test. 

The  vibration  tests  should  be  conducted  by 
attaching  the  equipment  in  its  typical  mount¬ 
ing  configuration  to  a  vibration  test  platform. 
The  equipment  should  then  be  tested  for  10 
hours  to  the  appropriate  acceleration  power 
spectral  density  (ASPD)  envelope.  Examples 
of  such  envelopes,  shown  in  Figure  3,  are  for 
equipment  mounted  at  various  locations  on 
the  AMD  wall.  The  ASPD  levels  in  Figure  3 
are  in  the  direction  normal  to  the  wall  surface; 
in  the  perpendicular  directions  these  responses 
become  25  percent  of  the  basic  value,  because 
the  acceleration  levels  are  reduced  to  50  per¬ 
cent  and  the  ASPD  envelopes  are  in  units  of 
g2/Hz. 

Building  component 
vibration  isolation 

Several  equipment  and  secondary  struc¬ 
tural  components  should  be  isolated  from  the 
high  vibration  levels,  both  to  protect  them 
and  to  reduce  the  load  >n  building  and 
mounting  substructures.  The  vibration  isola¬ 
tion  recommendations  are  based  on  the  knowl¬ 
edge  that  the  support  points  will  vibrate  at 
well  understood  minimum  frequencies,  based 
on  the  lowest  natural  frequency  of  the  support¬ 
ing  system  that  is  being  driven  by  acoustical 


The  dynamic  responses  of  the  isolated  com¬ 
ponents  are  modeled  as  simple  spring/mass 
single  degree  of  freedom  (SDOF)  systems 
driven  by  the  support  motion  described  earlier. 
The  vibration  at  various  support  locations  was 
defined  as  an  envelope  of  acceleration  levels 
at  each  of  the  panel  natural  frequencies.  For 
each  component  being  supported,  maximum 
(W  )  and  minimum  (W  .  )  static  loads 

per  isolator  were  determined.  The  transmissi- 
bility  (T)  is  the  ratio  of  dynamic  response  to 
dynamic  input.  A  reasonable  goal  is  to  iso¬ 
late  components  with  springs  soft  enough  *o 
limit  the  transmissibility  through  the  spring 
for  the  lowest  support  motion  (driving!  fre¬ 
quency  to  0.2.  The  transmissibility  at  a  partic¬ 
ular  driving  frequency  (fd)  of  an  SDOF 

oscillator  with  a  natural  frequency  (fn)  and 

damping  (£)  is  given  by  the  following  equa¬ 
tion  (Thomson  1981): 


1  + 


T  — 


aS* 


vr 

i  - 


w 


\nJ 


2^y 

^  fj 


(7) 


The  transmissibility  is  set  to  0.2,  for  the  low¬ 
est  support  motion  frequency,  and  the  equa¬ 
tion  is  solved  for  the  resulting  maximum 
natural  frequency  (f  )  of  the  isolated  system. 

This  value,  along  with  the  minimum  load  of 
the  SDOF  system  (W  .  )  is  used  to  calculate 

mm 

the  maximum  acceptable  stiffness  (hmax)  of 

the  isolator  that  will  limit  the  transmissibility 
to  0.2.  The  maximum  stiffness  is  given  by 
the  following  equation: 
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Figure  3.  Vibration  test  acceleration  power  spectral  density  (ASPD)  envelopes 


fW  •  ^ 

W  =  Mn  ~T  <8) 

From  this  maximum  stiffness,  a  commercially 
available  isolator  is  selected.  The  stiffness  of 
each  isolator  is  used  to  calculate  the  actual  nat¬ 
ural  frequency  of  the  isolated  system.  The  ac¬ 
celeration  of  the  isolated  system  is  then 
calculated  from  the  peak  acceleration  for  each 
mode  of  vibration  at  the  support  location.  For 
each  mode  the  actual  transmissibility  is  calcu¬ 
lated  using  Equation  7.  If  kmax  is  not  ex¬ 
ceeded,  the  transmissibility  for  the 
fundamental  mode  of  vibration  will  be  less 
than  0.2.  For  all  other  modes  the  transmissi¬ 
bility  is  less  than  0.1,  but  we  know  that  some 
excitation  will  pass  through  even  at  the  higher 
modes,  so  we  conservatively  set  the  minimum 
transmissibility  to  0.1  for  all  but  the  first 
mode.  The  effective  acceleration  (aeff)  is 


then  calculated  as  the  square  root  of  the  sum 
of  the  squares  of  the  peak  acceleration  for  all 
modes  (a(f.))  times  their  transmissibility  fac¬ 
tors  (T(f)),  all  times  a  reduction  factor  for 
mass  loading  of  the  support  structure.  This 
calculation  is  expressed  by  the  following 
equation: 


Table  4  summarizes  the  results  of  a  spread¬ 
sheet  program  used  to  calculate  the  dynamic 
response  and  effective  dynamic  vertical 
(Vmax)  and  horizontal  (Hmax)  loads  for  a 

few  of  these  isolated  SDOF  systems.  Figure  4 
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Table  4 

Recommended  Vibration  Isolation 

Wmln, 

Wmii, 

! 

! 

Kmaii  j 

Ml 

Item 

lb 

lb 

fd.Hz 

N 

X 

c 

Ib/ln. 

$ 

a«tf,  g 

(a)  Supported  at  the  Roof  Bar  Joiata 

a1 

482 

1009 

0.2 

9.85 

EM 

1 

Ra 

0.395 

- 1 

1408 

399 

E 

b 

110 

320 

0.24 

9.85 

R"  iff! 

ussm 

0.429 

457 

137 

G 

* _ i 

200 

238 

0.23 

9.85 

mm 

Earn 

\  o.oos 

0  293 

307 

70 

P 

|  (b)  Supported  by  the  Wall  Girt*  \ 

uzz 

170 

240 

0.2 

ii 

4.49 

351 

o.oos 

f.  813 

435 

195 

tN  1 

|  (c)  Sup  potted  by  the  Roof  Truse 

e 

50 

60 

0.26 

9.85 

4.47 

102 

0.005 

0.300 

78 

18 

lA _ 

1  a  -  Horizontal  wind  truss  support  with  single  isolator  to  three  bar  joists, 
b  -  Horizontal  ductwork  with  two  isolators  to  two  bar  joists, 
c  -  Exhaust  fans  1,2,  11,  and  12  and  attached  ductwork  with  four  isolators, 
d  -  6"  horizontal  oscillating  monitor  fire  protection  pipe, 
e  -  55-lb  HID  light  fixture  with  single  isolator. 


illustrates  a  typical  vibration  isolation  support 
for  a  High-Intensity-Discharge  (HID)  light 
fixture. 

Summary 

The  acoustic  environment  from  aircraft  op¬ 
eration  at  6,820  RPM  would  be  expected  to 
cause  some  secondary  structural  failures  or 
equipment  malfunction  if  the  design  loads  de¬ 
veloped  in  this  study  are  not  accounted  for  in 
the  design.  Maximum  static  pressure  design 
loads  equivalent  to  the  acoustic  environment 
will  be  as  high  as  ±32  psf  on  the  back  wall. 
Dynamic  load  factors  due  to  acoustically 
induced  vibration  will  vary  depending  on 
mounting  location  and  equipment  mass.  For 
equipment  not  mounted  on  wall,  roof,  or  draft 
curtain  panels,  vibration  load  factors  are  esti¬ 
mated  to  be  no  greater  than  8  g.  Several 
strengthening  measures,  such  as  increasing 
ductwork  panel  thickness,  should  be  taken. 


Several  equipment  and  secondary  structural 
components  should  be  isolated  from  the  high 
vibration  levels,  both  to  protect  the  items 
being  isolated  and  to  reduce  the  loads  on  the 
building  and  mounting  substructures. 
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Nondestructive  Evaluation  of  Masonry 


by 

Robin  C.  Westerfield,  PE 1 


Abstract 

A  large  number  of  older  buildings  were  constructed  of  unreinforced  clay  brick 
masonry,  while  more  recent  structures  often  use  brick  veneer  or  concrete  masonry 
as  an  exterior  wall  finish.  In  many  cases,  these  buildings  must  be  analyzed  for 
structural  adequacy  due  to  change  of  use,  historical  preservation,  or  upgrading  to 
meet  seismic  requirements.  Recently  constructed  buildings  may  need  a  structural 
evaluation  when  the  quality  of  workmanship  or  materials  is  suspect.  Traditional 
evaluation  of  existing  masonry  has  involved  destructive  testing  of  specimens  re¬ 
moved  from  the  structure.  However,  in  addition  to  the  possible  aesthetic  and 
structural  problems  associated  with  removing  test  prisms  from  a  structure,  there 
are  no  standards  available  to  evaluate  the  specimens.  Nondestructive  evaluation 
(NDE)  methods  can  potentially  aid  in  rapid  evaluation  of  large  areas  of  a  structure 
while  eliminating  or  minimizing  damage  caused  by  removal  of  samples  for  destruc¬ 
tive  tests.  This  paper  discusses  some  of  the  possibilities  for  masonry  evaluation  and 
the  testing  procedures  using  NDE  methods. 


Introduction 

Evaluation  of  masonry  buildings  for  struc¬ 
tural  integrity,  load  capacity,  and  dynamic 
response  includes  consideration  of  building 
geometry,  site  conditions,  loading,  connections 
between  walls,  and  connections  between 
walls  and  floors  or  roofs,  openings,  reinforce¬ 
ment  and  masonry  material  properties  and 
condition.  Obviously,  there  are  many  other 
considerations  than  masonry  quality  alone 
when  assessing  the  structural  adequacy  of  a 
building.  However,  as  a  high  percentage  of 
these  structures  use  masonry  to  resist  both  ver¬ 
tical  and  horizontal  loadings,  evaluation  is  es¬ 
sential  in  determining  whether  a  costly  new 
structural  system  must  be  added  or  even  if  ren¬ 
ovation  is  practical.  Since  the  engineer  will 
often  be  working  without  plans  or  calculations 


from  the  original  design,  particularly  in  older 
buildings,  nondestructive  evaluation  (NDE) 
techniques  may  convince  the  designer  that  the 
masonry  portions  of  the  structure  can  indeed 
be  used  without  costly  alterations. 

Application  of  NDE  techniques  to  masonry 
has  traditionally  involved  adapting  methods 
which  have  proved  successful  in  the  evaluation 
of  concrete  and  rock.  Masonry  NDE  tech¬ 
niques  can  be  divided  into  those  intended  to 
measure  material  condition,  and  those  used  to 
measure  mechanical  properties.  The  latter 
can  be  further  divided  into  two  general  cate¬ 
gories:  (1)  “indirect”  tests  in  which  masonry 
mechanical  properties  are  estimated  by  corre¬ 
lations  to  nondestructive  measurements,  and 
(2)  “direct”  physical  measurements  of  me¬ 
chanical  properties.  The  term  “properties” 
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used  herein  refers  to  the  mechanical  properties 
of  masonry  such  as  deformation  properties, 
compressive  strength,  tensile  strength,  mortar- 
to-unit  shear  strength,  modulus  of  rupture  (out 
of  plane),  and  structural  durability.  The  term 
“material  condition”  refers  to  the  presence  of 
cracks,  voids,  material  deterioration,  other 
flaws  in  masonry,  and  state  of  stress. 

Flaws  that  have  been  observed  in  masonry 
include: 

•  Delaminated  collar  joints  in  multi-wythe 
masonry.  This  flaw  destroys  the  compos¬ 
ite  action  between  wythes  and  may  cause 
a  wall  to  be  vulnerable  to  out-of-plane 
loadings. 

•  Delaminated  bed  joints.  These  may  re¬ 
duce  resistance  to  horizontal  loadings 
and  provide  paths  for  penetration  of 
water  through  the  wall. 

•  Diagonal  tensile  or  “shear”  cracking. 
Earthquake  loading  or  uneven  foundation 
movement  may  cause  this  problem. 

•  Isolated  zones  of  “failed”  masonry  which 
may  be  caused  by  overstress  or  environ¬ 
mental  degradation  such  as  would  be  pro¬ 
duced  by  sulfate  attack  or  by  freeze-thaw 
cycles  in  a  constantly  wet  portion  of  a 
wall. 

The  following  sections  review  past  and 
ongoing  research  on  a  number  of  techniques 
which  offer  the  greatest  potential  for  masonry 
evaluation.  Of  these  methods,  only  the  flat- 
jack  methods  and  the  in-place  shear  test  can 
be  considered  “direct”  methods.  The  others 
require  some  estimation  on  the  part  of  the 
engineei. 

NDE  Test  Methods 
Schmidt  Hammer 

This  test  is  the  quickest  and  least  expen¬ 
sive  method  for  nondestructive  evaluation  of 
solid  clay  (brick)  masonry.  However,  its  util¬ 
ity  is  limited  and  it  is  recommended  only  for 


determination  of  the  uniformity  of  properties 
over  a  large  area  of  a  structure.  It  evaluates 
only  the  local  point  and  layer  of  masonry  to 
which  it  is  applied,  and  is  unreliable  for  detec¬ 
tion  of  flaws  or  for  investigation  of  inaccessi¬ 
ble  masonry  wythes. 

The  Schmidt  Rebound  Hammer  provides  a 
measure  of  relative  material  surface  hardness. 
It  has  been  used  extensively  in  the  testing  of 
concrete  and  rock.  The  hammer  consists  of  a 
spring  loaded  plunger  which,  when  released, 
strikes  a  surface  and  causes  a  mass  within  the 
hi  .timer  to  rebound.  The  magnitude  of  the  re¬ 
bound  is  indicated  on  a  scale  (the  rebound 
number),  and  gives  an  indication  of  surface 
hardness  which  can  be  correlated  to  the 
strength  or  condition  of  the  material.  While 
a  relationship  may  exist  between  rebound 
number  and  masonry  compressive  strength  it 
is  not  recommended  that  the  Schmidt  Ham¬ 
mer  be  used  for  direct  prediction  of  compres¬ 
sive  strength  but  only  for  evaluation  of 
material  uniformity. 

Flatjack  methods 

These  tests  provide  perhaps  the  most  power¬ 
ful  tools  for  the  nondestructive  evaluation  of 
masonry.  A  flatjack  is  a  thin  steel  bladder 
that  is  pressurized  with  oil  to  apply  a  uniform 
stress  over  the  plane  area  of  the  flatjack.  In 
masonry  structures,  flatjacks  are  inserted  in 
slots  cut  in  mortar  bed  joints.  The  flatjacks 
may  be  made  in  different  shapes  and  sizes — 
flatjacks  with  curved  edges  are  designed  to  fit 
in  a  slot  cut  by  a  circular  masonry  saw,  and 
rectangular  jacks  are  used  where  mortar  must 
be  removed  by  hand  or  with  a  drill.  Semi¬ 
circular  jacks  are  suitable  for  in-situ  stress 
measurement  but  are  not  suitable  for  deforma¬ 
tion  measurements  in  the  two-flatjack  test. 

For  deformation  tests,  rectangular  flatjacks 
with  lengths  equal  to  at  least  that  of  two  ma¬ 
sonry  units  should  be  used. 

ASTM  standards  are  currently  being  final¬ 
ized  for  the  application  of  flatjack  testing  to 
the  evaluation  of  unreinforced  solid  clay  unit 
(brick)  masonry.  Under  the  proper  conditions, 
flatjacks  can  provide  information  on  the 
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in-situ  state  of  stress  at  virtually  any  point  in 
a  masonry  structure,  a  measure  of  the 
deformability  of  the  masonry  materials,  and 
in  some  cases  a  direct  measure  of  masonry 
compressive  strength.  The  flatjack  tests  are 
not  strictly  nondestructive,  since  they  require 
the  removal  of  some  portion  of  a  mortar  joint. 
However,  this  damage  is  easily  repaired  by 
simply  repointing  mortar  into  the  slot,  leaving 
no  visible  trace  of  the  test.  The  two  main 
types  of  flatjack  tests  as  described  in  the  fol¬ 
lowing  paragraphs  are  the  in-situ  stress  or  sin- 
gle-flatjack  test,  and  the  in-situ  deformability 
or  two-flatjack  test. 

•  In-situ  stress  test.  When  the  mortar  is 
removed  from  a  horizontal  joint,  the  re¬ 
lease  of  the  stress  across  the  joint  causes 
the  slot  to  close  by  a  small  amount.  The 
magnitude  of  this  deformation  is  measured 
using  a  removable  dial  gauge  between  two 
or  more  points  located  symmetrically  on 
either  side  of  the  slot.  A  flatjack  is  then 
inserted  in  the  slot  and  pressurized  until 
the  original  position  of  the  measuring 
points  is  restored.  The  pressure  in  the 
flatjack,  when  modified  by  two  constants 
to  account  for  the  flatjack  stiffness  and 
the  area  of  the  slot,  is  assumed  equivalent 
to  the  original  vertical  compressive  stress 
in  the  masonry  (see  Figure  1).  Past  re¬ 
sults  show  that  the  in-situ  stress  test  is 
able  to  estimate  the  actual  state  of  ma¬ 
sonry  compressive  stress  within  10  to  15 
percent. 

•  In-situ  deformability.  The  deformation 
properties  of  masonry  may  be  evaluated 
by  inserting  two  parallel  flatjacks,  one  di¬ 
rectly  above  the  other  separated  by  sev¬ 
eral  courses  of  masonry,  and  pressurizing 
them  equally,  thus  imposing  a  compres¬ 
sive  load  on  the  intervening  masonry. 

The  deformations  of  the  masonry  be¬ 
tween  the  flatjacks  are  then  measured  for 
several  increments  of  load,  and  used  to 
calculate  the  masonry  deformability  mod¬ 
ulus  (see  Figure  2).  If  some  damage  to 
the  masonry  is  acceptable,  the  masonry 
may  be  loaded  to  failure  to  determine  the 
maximum  strength.  This  technique  is 


useful  when  an  estimate  of  material 
deformability  or  strength  is  needed  for 
stress  analysis  or  deflection  calculations. 
The  in-situ  deformability  test  provides  a 
reasonably  accurate  measure  of  masonry 
compressive  modulus,  typically  overesti¬ 
mating  the  masonry  stiffness  by  about  10 
percent. 

In-situ  shear.  The  in-place  shear  test, 
often  called  the  "push  test",  measures  the 
in-situ  joint  shear  resistance  between  ma¬ 
sonry  units  and  mortar  joints.  It  requires 
the  removal  of  a  single  masonry  unit  and 
a  head  joint  on  opposite  sides  of  a  test 
unit.  The  test  unit  is  then  loaded  horizon¬ 
tally  by  a  hydraulic  jack,  and  the  horizon¬ 
tal  force  required  to  cause  first 
movement  of  the  test  unit  is  recorded. 

The  test  may  be  considered  nondestruc¬ 
tive,  as  the  removed  unit  and  mortar 
joints  may  be  replaced  and  restored  to 
their  former  appearance. 

The  in-place  shear  test  is  the  best  means 
currently  available  for  measuring  in-situ 
bed  joint  shear  strength  in  existing  ma¬ 
sonry  walls.  A  number  of  assumptions 
must  be  made,  however,  if  reliable  re¬ 
sults  are  to  be  obtained  from  the  test — 
these  include  the  definition  of  joint 
failure,  the  effect  of  normal  load  on  the 
measured  shear  stress,  the  magnitude  of 
the  normal  load  on  the  tested  joint,  the 
contribution  of  the  collar  joint,  the  vari¬ 
ability  of  the  masonry  due  to  workman¬ 
ship  in  the  original  construction,  and 
correlation  to  full-scale  wall  behavior. 
Judgment  will  be  required  by  the  engineer 
to  convert  the  measured  stresses  into  the 
actual  capability  of  the  wall  to  resist  shear. 

A  modified  technique  for  conducting  the 
in-place  shear  test  has  been  developed 
which  addresses  many  of  these  assump¬ 
tions  and  appears  to  give  reliable  results. 
In  the  modified  test,  the  vertical  stress  in 
the  wall  at  the  test  unit  is  measured  di¬ 
rectly  using  the  single  flatjack  test,  and 
the  normal  stress  on  the  test  unit  during 
the  test  is  controlled  by  flatjacks  above 
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Figure  1 .  Masonry  deformations  around  flatjack  slot  during  in-situ  stress  test 


Figure  2.  Stress-strain  curve  obtained  during  in-situ  deformat  ity  test 
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and  below  the  test  unit  (see  Figure  3). 
The  test  is  then  conducted  on  the  same 
joint  for  several  levels  of  normal  stress, 
so  the  friction  angle  is  measured  directly 
rather  than  assumed  (see  Figure  4). 

Strain  gages  are  used  to  monitor  the 
movement  of  the  unit  continuously  dur¬ 
ing  the  test,  thus  eliminating  ambiguity 
concerning  the  definition  of  failure.  The 
collar  joint  shear  strength  may  be  esti¬ 
mated  by  a  shear  test,  leaving  only  the 
consistency  of  workmanship  as  a  poten¬ 
tial  source  of  error. 

Because  the  in-place  shear  test  measures 
the  bedjoint  shear  strength  directly  with  a 
minimum  of  damage  to  the  structure,  it  is 
an  essential  part  of  any  building  evalua¬ 
tion  where  lateral  loads  are  expected  to 
influence  the  building  design.  In  some 
seismic  regions  the  existing  test  is  already 
required  for  some  retrofit  designs.  The 
modified  test  should  be  conducted  as  an 
extension  of  a  normal  series  of  flatjack 
tests.  The  single  flatjack  test  reveals  the 
in-situ  state  of  normal  stress  at  the  test 
joint,  providing  essential  data  for  deter¬ 
mining  the  expected  joint  shear  strength 
in  the  area  of  the  test.  The  two-flatjack 
test  then  provides  half  of  the  required  test 
setup  for  the  modified  in-place  shear  test. 
At  the  completion  of  the  test,  the  engineer 
will  know  the  relationship  between  the 
expected  joint  shear  strength  and  normal 
stress,  and  also  the  measured  normal  stress 
at  the  test  location.  If  a  simpler  method 
such  as  the  Schmidt  Hammer  test  can  es¬ 
tablish  similarity  of  materials  throughout 
the  structure,  the  number  of  required  in- 
place  shear  tests  can  be  reduced  from  a 
fixed  number  such  as  so  many  tests  per 
square  foot.  The  single-flatjack  test 
could  be  used  predominately  to  deter¬ 
mine  the  variation  of  normal  stresses 
throughout  the  structure. 

•  Ultrasonic  pulse  velocity.  The  ultra¬ 
sonic  pulse  velocity  (UPV)  method  uses 
two  transducers  (transmitter  and  re¬ 
ceiver)  and  a  power  unit  with  a  digital 
transit  time  display  to  pass  a  high  fre¬ 
quency  (50,000  Hz)  stress  wave  through 


masonry.  It  is  most  useful  in  locating  rel¬ 
atively  small  flaws  in  otherwise  uniform 
masonry  construction.  While  it  may  be 
possible  to  obtain  an  estimate  of  compres¬ 
sive  strength  with  this  method,  other  test¬ 
ing  is  recommended  in  order  to  interpret 
the  data  properly.  The  flatjack  test  could 
be  used  for  determining  the  state  of  stress 
and  deformability  in  a  wall  to  provide  a 
baseline  calibration  for  UPV  testing,  for 
instance.  The  use  of  this  method  for  con¬ 
crete  evaluation  has  shown  that  many  fac¬ 
tors  can  affect  the  pulse  transmission 
time  such  as  aggregate  type  and  size, 
moisture  content,  and  the  presence  of  re¬ 
inforcement.  Generally,  those  factors 
which  can  affect  compressive  strength 
may  also  affect  ultrasonic  pulse  velocity, 
though  not  necessarily  in  direct  propor¬ 
tion.  Strength  predictions  can  only  be 
justified  if  a  calibration  of  pulse  velocity 
with  masonry  strength  is  made  for  each 
structure  under  consideration,  and  then 
only  if  the  conditions  of  testing  can  be 
carefully  controlled.  Because  of  this  limi¬ 
tation,  the  pulse  velocity  method  is  gener¬ 
ally  used  only  to  measure  material 
uniformity  over  a  large  area  of  a  struc¬ 
ture.  Lower  frequency  sonic  testing  (1  to 
5  kHz),  or  mechanical  pulse  testing, 
seems  to  hold  more  promise  in  the  devel¬ 
opment  of  nondestructive  evaluation  tech¬ 
niques  for  masonry  structures. 

•  Mechanical  pulse  velocity.  This 
method  involves  input  of  a  stress  wave 
into  a  masonry  wall  by  means  of  a  hammer 
blow  and  recording  the  resulting  vibra¬ 
tions  with  an  accelerometer.  Due  to  its 
low  frequency,  high  amplitude,  and  long 
wavelength  signal,  this  technique  is  bet¬ 
ter  suited  to  the  evaluation  of  masonry 
than  the  ultrasonic  technique.  The  equip¬ 
ment  required  for  the  test  includes  a  3-lb 
instrumented  hammer  and  an  accelerome¬ 
ter  as  well  as  equipment  to  record  the 
data.  A  typical  setup  is  shown  in  Figure  5. 
Since  there  is  no  digital  read-out  of  travel 
time  with  this  equipment,  the  signal  must 
be  recorded  or  displayed  on  an  external 
device.  A  digital  transient  recorder  can 
be  used  to  record  both  the  hammer  input 
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Figure  3.  Setup  for  modified  in-place  shear  test 


Figure  4.  Results  from  an  in-place  shear  test  using  modified  procedure,  showing  relationship  between 
measured  bedjoint  shear  stress  and  horizontal  displacement 
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signal  and  the  accelerometer  output  sig¬ 
nals.  Alternatively,  an  oscilloscope  may 
be  used  to  measure  travel  time. 

The  mechanical  pulse  technique  is  best 
suited  for  locating  flaws  and  disconti¬ 
nuities  such  as  missing  mortar  joints  and 
large  cracks  and  establishing  relative 
quality  of  masonry  from  one  location  to 
another.  Figure  6  shows  the  effect  of  a 
delaminated  bed  joint  on  mechanical 
pulse  velocity.  The  high  energy  and  long 
wavelength  of  the  input  pulse  (as  com¬ 
pared  with  the  ultrasonic  pulse  method) 
are  not  as  rapidly  attenuated  by  the 
boundaries  between  units  and  mortar  that 
are  integral  parts  of  masonry  construction. 
Because  of  this,  the  mechanical  pulse 
will  travel  farther  through  most  masonry 
materials  than  the  ultrasonic  pulse  and 
can  detect  the  larger  flaws  that  are  of  in¬ 
terest  in  a  structural  evaluation.  It  is  rec¬ 
ommended  that  mechanical  pulse  tests  be 
conducted  in  conjunction  with  flatjack 
tests,  so  that  the  affect  of  varying  vertical 
stresses  and  material  deformability  on 
the  mechanical  pulse  measurements  can 
be  assessed. 

•  Location  of  reinforcement  and  ties. 

The  use  of  magnetic  and  resistance  meth¬ 
ods  allow  quick  inspection  of  masonry 
construction  for  the  presence  of  steel  rein¬ 
forcement  or  ties.  These  techniques  may 
be  useful  for  quality  control  as  a  means 
of  verifying  compliance  with  construc¬ 
tion  plans,  and  provide  reasonable  results 
when  expected  reinforcing  bar  sizes  and 
locations  are  known.  More  difficult  is 
the  case  of  renovation  projects,  when  it  is 
necessary  to  not  only  locate  the  reinforce¬ 
ment  but  also  estimate  the  size  and  depth 
of  the  bar.  Since  a  weak  signal  can  indi¬ 
cate  either  a  small  bar  close  to  the  surface 
or  a  larger  bar  located  farther  from  the 
probe,  it  may  be  necessary  to  expose  the  re¬ 
inforcement  at  trial  locations  to  verify  as¬ 
sumptions  regarding  size  and  location. 

Commercially  available  meters  use  an 
electromagnetic  field  generated  around  a 
hand-held  probe  to  indicate  the  presence 


of  steel  in  the  masonry.  A  voltage 
change  occurs  when  the  field  is  inter¬ 
rupted  by  a  ferrous  material  such  as  steel 
reinforcement,  with  the  magnitude  of  the 
voltage  change  being  proportional  to  the 
amount  of  steel  and  the  distance  from  the 
steel  to  the  probe.  Since  the  meters  will 
locate  all  steel  present,  not  just  the  rein¬ 
forcing  bars,  some  care  needs  to  be  taken 
not  to  identify  metal  ties,  nails,  electrical 
conduit,  etc.,  as  reinforcing  steel. 

•  Nuclear  methods.  Although  not  related 
directly  to  structural  properties  of  mate¬ 
rials,  the  Neutron-Gamma  technique 
shows  great  promise  for  certain  aspects 
of  masonry  evaluation.  The  technique 
measures  element  concentrations  in  ma¬ 
sonry  walls  and,  thus,  gives  information 
about  moisture  content,  presence  of  salts, 
and  elemental  composition  of  the  ma¬ 
sonry  materials.  The  technique  has  been 
shown  to  be  complementary  to  structural 
evaluation  techniques  by  aiding  the  inter¬ 
pretation  of  results  from  tests  such  as  the 
mechanical  pulse  technique. 

Application  of  Combined 
NDE  Techniques 

The  NDE  of  masonry  for  mechanical  prop¬ 
erties  and  condition  is  quite  difficult,  because 
the  heterogeneous  and  highly  variable  nature 
of  the  material  hinders  the  simple  analysis 
and  interpretation  of  test  results.  At  the  cur¬ 
rent  level  of  development,  the  best  applica¬ 
tion  of  NDE  to  masonry  would  make  use  of  a 
number  of  complimentary  techniques.  For  ex¬ 
ample,  rapid  methods  such  as  the  Schmidt 
Hammer  might  be  used  to  assess  the  condi¬ 
tion  of  the  entire  structure,  and  pulse  velocity 
methods  would  then  be  used  to  map  the  varia¬ 
tion  in  material  condition  in  critical  areas  of 
the  structure.  Direct  mechanical  measure¬ 
ments  of  material  deformability  and  joint 
shear  strength  might  then  be  made  in  loca¬ 
tions  defined  during  the  ultrasonic  or  sonic 
pulse  velocity  mapping.  In-situ  stress  mea¬ 
surements  might  be  made  in  areas  where 
more  information  is  needed  to  interpret  pulse 
velocity  measurements,  or  in  locations 
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Figure  5.  Mechanical  pulse  testing  apparatus 


Figure  6.  Effect  of  delaminated  bedjoint  on  mechanical  pulse  velocity 
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defined  by  building  analysis 
needs.  In  general,  the  proce¬ 
dure  and  methods  used  would 
vary  depending  on  individual 
building  requirements.  In  all 
cases,  considerable  experience 
and  judgment  would  be  re¬ 
quired  for  the  accurate  interpre¬ 
tation  of  results. 


Table  1 

Use  of  NDE  Methods 

Required 

Information 
for  Structural 

Evaluation 

Nondestructive  Testing 
Techniques 

Schmidt  Hammer 

Single  Flapjack 

Double  Flapjack 

w 

« 

0 

JZ 

</> 

© 

u 

<a 

CL 

• 

C 

Modified  Shear  Test 

Ultrasonic  Pulse 

Mechanical  Pulse 

Magnetic  Method 

Visual 

|  Material  Properties  j 

Compressive  Strength  (Direct) 

X 

Compressive  Strength  (Indirect) 

X 

+ 

+ 

Deformability 

X 

Joint  Shear  Strength 

+ 

X 

Coulomb  Shear  Relationship 

X 

|  Condition  | 

Voids  Between  Wythes 

X 

X 

Cracks  in  Outer  Wythes 

+ 

+ 

In-Situ  Stress 

X 

Material  Uniformity 

X 

X 

X 

+ 

Location  of  Reinforcement 

X 

x  Useful  for  evaluation. 

+  Useful,  but  may  require  additional  information  regarding  loading 
conditions  and  crack  distributions. 

Table  1  summarizes  informa¬ 
tion  that  can  be  obtained  by 
using  the  various  NDE  methods 
discussed  in  the  paper.  Table  2 
discusses  the  advantages  and  dis¬ 
advantages  of  the  different  tech¬ 
niques. 
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Table  2 


|  Advantages 

Disadvantages 

|  Schmidt  Hammer 

Simple  to  use 

Establishes  uniformity  of  properties 

Equipment  is  inexpensive  and  readily  available 

Evaluates  only  the  local  point  and  layer  (wrythe  or  leal)  of 
masonry  to  which  it  is  applied 

No  direct  relationship  to  strength  or  delormation  properties 
Unreliable  for  the  detection  of  flaws 

Single  Flatjack  In-sltu  Stress  Test 

Can  establish  the  state  of  compressive  stress,  in-siiu, 
with  reasonable  accuracy 

Inexpensive  materials  and  equipment 

Uncomplicated  to  use 

ASTM  standards  currently  being  developed 

Somewhat  time-consuming  to  prepare  the  test,  when 
compared  to  other  methods 

Requires  removal  of  mortar  from  masonry  bed  joint  with  a 
saw  or  drill 

Requires  repair  of  the  mortar  joint  after  testing 

Double  Flatjack  In-sltu  Deformabllity  Test 

Can  establish  deformation  properties,  in-situ,  with 
reasonable  accuracy 

Inexpensive  materials  and  equipment 

Uncomplicated  to  use 

ASTM  standards  currently  being  developed 

Somewhat  time-consuming  to  prepare  the  test,  when 
compared  to  other  methods 

Requires  removal  of  mortar  from  masonry  bed  joint  with  a 
saw  or  drill 

Requires  repair  of  the  mortar  joint  after  testing 

In-Place  Shear  Test 

Can  establish  joint  shear  strength  in-situ 

Equipment  is  inexpensive  and  readily  available 
Uncomplicated  to  use 

Somewhat  time  consuming  to  prepare 

Requires  removal  of  a  masonry  unit  and  a  head  joint 

Restricted  to  masonry  with  low  cement-content  mortar 

Requires  unit  and  mortar  replacement  after  the  test 

State  of  compressive  stress  on  the  test  unit  must  be  estimated 
Contribution  of  the  collar  joint  is  unknown 

Two  Flatjack  Modified  In-Place  Shear  Test 

Can  establish  the  joint  shear  strength  in-situ  with 
reasonable  accuracy 

Permits  control  of  compressive  stress  on  test  unit 
Determines  the  Coulomb  failure  surface  for  the  material 

Somewhat  time-consuming  to  prepare 

Requires  removal  of  two  masonry  units 

Restricted  to  masonry  with  low  cement-content  mortar 

Requires  unit  replacement  after  the  test 

Contribution  of  collar  joint  is  unkown 

Requires  revoval  and  replacement  of  two  mortar  joints 

Large  amount  of  equipment  is  required 

Ultrasonic  Pulse  Velocity 

Simple  to  use 

Establishes  uniformity  of  properties 

Can  detect  flaws,  cracks,  or  voids 

Possible  to  record  trace  of  stress  wave  for  analysis 
Equipment  readily  available  and  only  moderately 
expensive 

Equipment  package  is  self  contained  and  portable 

Requires  access  to  both  sides  of  a  wall  for  direct  measurements 
Attenuation  of  signal  in  older  or  soft  masonry  restricts  distance 
between  transducers  for  indirest  and  semi -direct  use 

Coupling  material  needed  between  masonry  and  transducers, 
which  may  alter  the  appearance  of  the  masonry 

Grinding  may  be  required  to  prepare  a  rough  surface 

No  direct  correlation  with  material  properties 

Mechanical  Pulse  Veloclt 


Reasonably  simple  to  use 

Establishes  uniformity  of  properties 

Can  detect  flaws,  cracks,  and  voids 

Possible  to  record  trace  of  stress  wave  for  later 
analysis 

Equipment  readily  available  and  only  moderately 
expensive 

Capable  of  testing  over  long  distances  in  any  type  of 
masonry 

Does  not  damage  the  masonry 

Several  pieces  of  equipment  are  involved,  not  easily  portable 
Requires  a  separate  instrument  to  record  the  wave  arrival  time 

No  direct  correlation  between  results  and  material  properties 
Analysis  of  the  wave  trace  can  be  complicated 

[  Magnetic  Methods 

Equipment  is  portable  and  inexpensive 

Large  areas  of  masonry  can  be  quickly  evaluated 
Accurately  maps  location  and  orientation  of  reinforcing 
steel  in  masonry 

Can  be  used  to  locate  metal  ties  and  connectors 

Readings  can  be  ambiguous,  requireing  operator  interpretation  of 
destructive  tests  to  verify  conclusions 

Misidenfification  of  metal  conduit,  etc.,  as  reinforcing  steel  is 
possible 

Accuracy  in  determination  of  bar  size  and  depth  is  questionable 
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Abstract 

The  Ground-Based  Radar-Experimental  Facility  is  the  test  bed  for  a  state-of-the- 
art  radar  system  to  be  used  as  part  of  the  Nation 's  Strategic  Defense  System.  This 
prototype  is  to  be  built  and  tested  at  the  Kwajalein  Atoll,  Republic  of  the  Marshall 
Islands.  The  facility  includes  construction  of  a  cylindrical  reinforced  concrete 
tower,  50  ft  in  diameter  by  115  ft  tall.  The  tower  is  located  inside  and  extends 
through  the  roof  of  an  existing  massive  concrete  building.  The  tower  will  support 
the  gravity  loads  of  the  system,  including  the  1.1  million  pound  radar  turret.  The 
existing  building  will  provide  lateral  stability  against  wind  and  seismic  loads.  To 
ensure  adequate  performance  of  the  radar  system,  the  combined  facility  is  required 
to  meet  specific  dynamic  vibration  criteria.  This  was  ensured  using  a  combination 
of  computer  analysis  and  actual  structural  and  geotechnical  dynamic  testing  at  the 
existing  building.  This  paper  discusses  the  dynamic  stiffness  requirements,  the 
dynamic  testing  program,  and  the  use  of  test  results  to  verify  computer  analysis  and 
design. 


Introduction 

The  Ground-Based  Radar-Experimental 
(GBR-X)  program  is  a  research  and  develop¬ 
ment  project  being  performed  by  the  US  Army 
Strategic  Defense  Command  (USASDC).  The 
program  includes  the  design,  construction,  in¬ 
stallation,  and  testing  of  a  very  large  phased- 
array  radar  system.  The  purpose  of  the  project 
is  to  validate  the  technology  for  use  in  identifi¬ 
cation,  discrimination,  and  tracking  of  reentry 
vehicles  in  the  midcourse  and  terminal  flight 
phases  as  part  of  the  Nation’s  Strategic  De¬ 
fense  System.  Design  and  demonstration  of 
the  GBR-X  system  is  being  performed  by  the 
Raytheon  Company  of  Wayland,  MA.  As  one 


of  Huntsville  Division’s  primary  missions  in 
support  of  USASDC,  we  provided  design  ser¬ 
vices  for  the  GBR-X  radar  system  facilities. 
Construction  of  the  facility  was  to  be  per¬ 
formed  by  the  US  Army  Engineer  District, 
Honolulu.  The  site  chosen  by  USASDC  was 
Kwajalein  Island,  at  Kwajalein  Atoll  in  the 
Republic  of  the  Marshal!  Islands,  home  of  the 
US  Army  Kwajalein  Missile  Range.  The 
GBR-X  system  was  sited  in  an  existing  rein¬ 
forced  concrete  structure.  In  the  final  radar  de¬ 
sign  concept,  the  stiffness  and  vibrational 
characteristics  of  the  entire  structural  system 
became  a  critical  concern.  There  were  no  data 
available  to  verify  the  stiffness  of  the  existing 
facility  and  its  contribution  to  the  overall 


1  Structural  Engineer,  US  Army  Engineer  Division,  Huntsville;  Huntsville,  AL. 

2  Geotechnical  Engineer,  US  Army  Engineer  Division,  Huntsville;  Huntsville,  AL. 
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dynamic  performance  of  the  GBR-X  system. 

It  became  clear  that  testing  was  required. 

To  validate  the  facility  design,  two  dynamic 
test  programs  were  carried  out.  The  first  was 
a  structural  vibration  test  of  the  existing  build¬ 
ing.  The  second  was  geotechnical  testing  to 
determine  specific  properties  of  the  soil  under 
the  building.  This  paper  summarizes  the  test 
methods  and  results  of  the  two  test  programs. 
The  use  of  these  results  in  modeling  the  total 
structural  system  and  validating  the  facility 
design  is  also  presented. 

GBR-X  Program  Facility  Overview 

The  principal  component  of  the  GBR-X 
radar  system  is  a  large  turret  structure  which 
contains  much  of  the  radar  system  hardware. 
This  turret  is  approximately  60  ft  tall,  35  ft 
square  in  plan,  and  weighs  1.1  million 
pounds.  The  turret  is  capable  of  rotating 
through  356  deg  in  the  horizontal  plane  and  el¬ 
evating  to  point  up  to  75  deg  from  horizontal. 
These  motions  impose  significant  inertial  live 
loads  on  the  supporting  structure.  The  GBR- 
X  turret  is  illustrated  in  Figure  1. 

The  facility  chosen  to  house  the  GBR-X 
system  is  the  Defense  Control  Center  Build¬ 
ing  (DCCB)  at  Kwajalein.  This  building  is  a 
massive  reinforced  concrete  structure,  origi¬ 
nally  intended  for  use  in  the  Safeguard  anti- 
ballistic  missile  program.  The  DCCB  is 
essentially  an  irregular,  multifaceted  shell  of 
walls  ranging  in  thickness  from  12  to  36  in., 
with  an  18-in.  concrete  roof  supported  by 
large  concrete  beams  and  a  single,  central  con¬ 
crete  column.  Interior  floors  in  the  DCCB  are 
steel  or  composite  decking  supported  on  steel 
beams  and  columns  that  are  independent  from 
the  concrete  walls.  The  low  roof  of  the 
DCCB  is  46  ft  above  grade,  and  the  high  roof 
is  110  ft  above  grade. 

Although  a  massive  structure,  the  DCCB 
roof  is  not  sufficiently  strong  to  support  the 
large  dead  and  live  loads  of  the  GBR-X  radar 
turret.  Therefore,  the  final  design  included  the 
construction  of  a  turret  support  tower  inside 
the  building.  This  tower  is  a  50-ft-diameter 


concrete  cylinder,  with  a  wall  thickness  of 
12  in.,  extending  from  the  ground  level 
through  the  DCCB  roof.  Total  height  of  the 
tower  is  1 15  ft.  The  tower  will  provide  direct 
support  for  the  turret  and  will  support  several 
internal  floors  housing  computers  and  offices. 
The  tower  is  tied  to  the  DCCB  roof  to  provide 
lateral  stability  to  the  system.  However,  the 
tower  is  designed  to  pick  up  no  dead  load 
from  the  DCCB  roof.  Also,  the  interior  floors 
are  connected  to  the  tower  with  sliding  con¬ 
nections  so  that  they  will  not  add  lateral  vibra¬ 
tions  to  the  tower.  A  cross  section  of  the 
DCCB/tower  design  is  shown  in  Figure  2. 

Structural  Vibration  Requirements 

The  final  evolution  of  the  GBR-X  design 
imposed  specific  ci^eria  for  dynamic  stiff¬ 
ness  on  the  overall  structural  system.  To 
meet  radar  performance  criteria,  the  overall  fa¬ 
cility,  including  the  DCCB,  turret  support 
tower,  and  turret,  was  required  to  have  a  fun¬ 
damental  frequency  of  vibration  of  at  least 
3.5  Hz.  Meeting  this  requirement  was  a  com¬ 
plicated  task  because  of  the  interfaces  be¬ 
tween  the  different  elements  of  the  system. 
Huntsville  Division  (CEHND)  was  responsi¬ 
ble  for  design  of  the  renovations  to  the 
DCCB,  including  the  turret  support  tower  and 
its  foundation.  However,  Raytheon  was  re¬ 
sponsible  for  the  design  of  the  radar  system 
and  turret  and  for  overall  system  perfor¬ 
mance.  While  it  would  be  relatively  easy  to 
design  an  all-new  facility  to  meet  this  require¬ 
ment,  it  was  impossible  to  guarantee,  through 
computation  alone,  the  dynamic  performance 
of  the  hybrid  of  the  existing  DCCB  and  the 
new  tower  and  turret  structures.  The  only  way 
to  accurately  predict  the  stiffness  contribution 
of  the  DCCB  was  through  dynamic  testing. 

Data  from  the  tests  could  then  be  included  in  a 
rational  analysis  of  the  entire  structural  system. 

Structural  Dynamic  Testing 

The  scope  of  the  structural  vibration  tests 
was  to  perform  a  combination  of  forced  vibra¬ 
tion  and  ambient  vibration  measurements  on 
the  DCCB.  These  measurements  would  pro¬ 
vide  baseline  information  on  the  vibrational 
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Figure  1 .  GBR-X  radar  turret  and  radome 


Figure  2.  DCCB  and  turret  support  tower 
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characteristics  of  the  DCCB.  Specifically,  fre¬ 
quencies  and  approximate  mode  shapes  were 
desired  for  the  fundamental  modes  of  vibra¬ 
tion  about  the  two  principal  axes  of  the  struc¬ 
ture,  essentially  the  north-south  and  east-west 
directions.  Additionally,  a  prediction  of  the 
dynamic  response  of  the  building  to  ambient 
wind  loads  was  desired.  Dynamic  testing  was 
performed  by  Failure  Analysis  Associates, 
Inc.,  of  Palo  Alto,  CA,  under  subcontract  to 
Raytheon. 

Test  Methods  and  Equipment 

A  hydraulic  actuator/rolling  mass  system 
was  used  to  generate  steady-state  lateral 
forces  at  the  roof  of  the  DCCB.  This  system  is 
depicted  in  Figure  3.  The  rolling  mass  used 
was  a  large  concrete  block  mounted  in  a  steel 
carriage  on  rollers.  The  total  weight  of  the 
mass  was  5,800  lb.  The  mass  was  attached  to 
a  hydraulic  actuator  and  a  20,000-lb  load  cell, 
in  series,  which  was  in  turn  attached  to  a  steel 
reaction  bracket.  The  steel  bracket  was 
bolted  to  a  steel  plate  epoxied  to  the  DCCB 
roof  at  the  center  of  the  proposed  turret  sup¬ 
port  tower.  The  hydraulic  actuator  was  pro¬ 
grammed  to  extend  and  retract  cyclically  and 
was  controlled  through  the  use  of  pressure 
limit  switches.  This  system  allowed  direct 
force  vibration  inputs  over  the  range  of  ap¬ 
proximately  0.6  Hz  to  7.0  Hz.  The  applied  vi¬ 
bration  was  not  purely  sinusoidal  but  included 
harmonics  at  frequencies  which  are  integer  mul¬ 
tiples  of  the  basic  applied  frequency.  Through 
these  harmonics,  it  was  possible  to  provide 
strong  excitation  at  frequencies  in  excess  of 
40  Hz.  The  load  cell  was  used  to  record  real¬ 
time  forces  applied  to  the  DCCB  roof. 

Vibration  response  was  monitored  using  ac¬ 
celerometers  acting  over  a  range  of  0-30  Hz. 

A  total  of  13  accelerometers  were  used. 

These  were  located  to  obtain  lateral  (X  and 
Y)  and  vertical  (Z)  responses  at  various  loca¬ 
tions  on  the  high  roof,  at  a  point  20  ft  below 
the  high  roof,  on  the  low  roof,  and  at  the 
building  foundations.  One  accelerometer  was 
attached  to  the  rolling  mass  carriage  to  record 
the  amplitude  of  the  applied  displacements. 
The  signals  from  the  accelerometers  were  am¬ 


plified  and  filtered  and  were  displayed  on  an 
oscilloscope  during  testing.  The  signals  were 
recorded  on  a  tape  recorder  for  backup  and 
later  processing.  Real-time  data  collection 
and  processing  was  accomplished  on-site 
using  a  portable  computer  equipped  with  data 
acquisition  hardware  and  software. 

For  processing  the  test  data,  the  DCCB 
was  modeled  as  a  single-degree-of-freedom 
system.  For  this  model,  the  theoretical  dis¬ 
placement  response  depends  on  the  amplitude 
of  the  applied  excitation  force,  its  frequency, 
the  natural  frequency  of  the  system,  and  the 
amount  of  damping.  The  ratio  of  response 
amplitude  to  force  amplitude,  or  displacement 
per  unit  of  force,  is  called  the  dynamic  com¬ 
pliance,  a  ,  and  is  expressed  as 


where 

w0  =  natural  frequency 

w  =  excitation  frequency 

c  =  damping  ratio 

x  =  relative  displacement  amplitude 

f  =  force  amplitude 

C  =  static  compliance  (essentially,  the 
static  flexibility) 

For  lightly  damped  structures,  the  dynamic 
compliance  rapidly  increases  as  the  forcing 
frequency  approaches  the  system  fundamental 
frequency,  where  the  dynamic  response  is 
amplified  by  a  factor  of  l/zc  above  the  static 
response.  Below  the  fundamental  natural  fre¬ 
quency,  the  dynamic  compliance  approaches 
the  static  compliance.  At  frequencies  above 
the  fundamental,  the  dynamic  compliance 
will  increase  and  decrease  depending  on  the 
separation  between  the  excitation  frequency 
and  any  higher-mode  natural  frequencies.  By 
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Figure  3.  Hydraulic  Actuator/rolling  mass  excitation  system 


measuring  the  excitation  force  and  response 
over  a  wide  range  of  frequencies,  one  can  de¬ 
termine  the  frequency  corresponding  to  maxi¬ 
mum  response  and  thus  identify  the  natural 
frequency.  Given  the  natural  frequency,  the 
effective  modal  mass  can  be  obtained. 

Vibration  tests  were  performed  in  both  the 
north-south  and  east-west  directions.  The  nat¬ 
ural  frequencies  were  roughly  identified  by 
running  sweep  tests  through  a  wide  range  of 
frequencies  and  watching  the  response  data 
from  accelerometers  on  the  oscilloscope.  The 
visually  identified  peak  deflections  allowed 
narrowing  of  the  test  band  of  vibration  fre¬ 
quencies  around  the  peaks  to  gather  specific 
force  and  response  data.  Given  the  force  and 
deflection  data,  the  natural  fre¬ 
quency,  damping,  and  static  com¬ 
pliance  were  estimated  using  a 
least  squares  curve  fitting  tech¬ 
nique.  Dynamic  compliance  was 
plotted  versus  frequency  for  the 
data  collected,  and  the  natural  fre¬ 
quencies  were  identified.  One 
such  plot  for  the  north-south  direc¬ 
tion  tests  is  shown  in  Figure  4. 


Test  Results 

Results  of  the  vibration  tests  are  given  in 
Table  1.  The  natural  frequency  of  vibration 
in  the  north-south  direction  was  identified  as 
4.5  Hz.  The  corresponding  mode  shape  is 
shown  in  Figure  5.  In  the  east- west  tests,  two 
resonant  frequencies  were  discovered  at  5.0 
Hz  and  5.3  Hz.  Examination  of  the  acceler¬ 
ometer  data  and  comparison  to  the  north-south 
data  lead  to  the  conclusion  the  east-west  fre¬ 
quency  is  5.3  Hz,  with  a  corresponding  mode 
shape  similar  to  that  for  the  north-south  mode. 
The  5.0  Hz  vibration  appears  to  be  the  funda¬ 
mental  torsional  mode  of  the  structure.  The 
test  data  also  permitted  calculation  of  the  dy¬ 
namic  compliance  for  each  mode.  The  a95 
value  is  the  upper  bound  for  the  dynamic  com¬ 
pliance  to  a  confidence  level  of  95  percent. 
That  is,  there  is  95-percent  certainty  that  the 
actual  dynamic  compliance  for  a  given  mode 
will  be  less  than  the  a95  value. 


It  should  be  noted  that  the  best  least- 
squares  fit  of  the  data  produced  a  damping 
ratio  of  6.4  percent.  This  is  somewhat  higher 
than  the  3-5  percent  that  would  be  expected 
for  a  concrete  structure.  The  extra  damping 
was  assumed  to  be  an  artifact  of  the  energy 
losses  in  the  hydraulic  shaker  system  due  to 
impacting  and  sliding  of  the  mass  and  rollers. 
Calculations  for  damping  ratios  of  3  to 
6.4  percent  showed  that  there  is  very  little 
variation  in  the  natural  frequency  with  varia¬ 
tion  in  damping.  However,  larger  damping 
values  resulted  in  larger  values  of  static  and 
dynamic  compliance.  For  purposes  of  this 
test  program,  a  damping  value  of  4  percent 
was  assumed  for  computing  the  final  natural 
frequencies. 


The  response  of  the  DCCB  to  ambient  exci¬ 
tation  by  the  wind  was  monitored  at  various  in¬ 
tervals  during  the  direct  vibration  tests.  Wind 
speed  was  monitored  with  a  single  anemome¬ 
ter.  The  wind  speeds  during  the  tests  were  20- 
25  mph,  with  some  gusts  up  to  30  mph.  The 
vibration  response  to  the  wind  excitation  was 
extremely  small.  The  root-mean-square  ampli¬ 
tude  of  vibration  was  1.2  x  10"5  in.  at  26.5  mph. 
The  relationship  between  wind  speed  and  vibra¬ 
tion  amplitude  was  determined  to  be 

Xrms  =  I*?  x  10  8  v2 

where  v2  is  the  average  wind  speed.  Accel¬ 
erometer  data  revealed  that  the  primary  mode 
excited  by  the  ambient  winds  is  the  north-south 
fundamental.  Acceleration  at  this  frequency  is 
approximately  3  x  10'6  G.  Acceleration  at  the 
DCCB  foundations  due  to  wind  was  below  the 
noise  threshold  of  the  instrumentation.  There¬ 
fore,  the  acceleration  at  the  DCCB  foundation 
caused  by  the  wind  is  less  than  8  x  10'7  G. 


Table  1 

Structural  Vibration  Test  Results 

Mode 

Frequency 

(Hertz) 

Dynamic 
Compliance 
!  (in. /lb) 

ag5  Dynamic 

Compliance 

(In./lb) 

Modal  Mass 

(lb) 

N-S 

4.5 

|  5.17  x  10'8 

9.04  x  10-8 

9,300.000 

E-W 

5.3 

3.20  x  10  s 

8.48  x  10-8 

10.900,000 

Torsion 

5.0 

1.64  x  1 0’8 
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Typical  frequency  sweep  curve  fit  plot  Figure  5.  DCCB  north-south  fundamental  mode  shape 


Use  of  Structural  Test 
Data  in  Analysis 

The  data  from  the  structural  vibration  tests 
were  used  by  Raytheon  to  model  the  overall 
structural  system.  Specifically,  the  dynamic 
compliance  and  modal  mass  data  were  used 
by  Raytheon  and  its  structural  consultants  to 
model  the  contribution  of  the  DCCB  existing 
structure.  This  effect  was  modeled  as  a  spring- 
mass  support  system  at  the  DCCB  roof  eleva¬ 
tion,  as  part  of  a  finite  element  model  that 
included  the  stiffness  of  the  turret  support 
tower  and  the  turret  elevation  and  rotation 
mechanisms.  This  model  is  shown  schemati¬ 
cally  in  Figure  6.  Analysis  of  the  model  pre¬ 
dicted  that  the  natural  frequency  of  the 
overall  system  will  be  3.65  Hz,  which  ex¬ 
ceeds  the  3.5  Hz  minimum  frequency  require¬ 
ment.  The  use  of  the  95-percent  dynamic 
compliance  values  lends  a  high  degree  of  cer¬ 
tainty  to  this  prediction.  Statistically,  there  is 
95-percent  certainty  that  the  actual  compli¬ 
ance  will  fall  below  the  ag5  values.  That  is, 
the  DCCB  will  almost  certainly  be  less  flexi¬ 
ble  than  predicted.  Therefore,  the  actual  natu¬ 
ral  frequency  of  the  combined  structural 
system  will  almost  certainly  be  greater  than 
the  3.65  Hz  prediction. 

Geotechnical  Testing 

One  important  element  of  the  total  system 
stiffness  was  the  stiffness  of  the  foundation. 
For  a  given  foundation  configuration,  the  dy¬ 
namic  foundation  stiffness  is  dependent  on 
the  dynamic  shear  modulus  G  of  the  soil 
beneath  the  foundation.  Due  to  the  space  con¬ 
straints  inside  the  existing  building,  the  foun¬ 
dation  configuration  was  relatively  fixed.  In 
modeling  the  structure,  the  consultant  had  as¬ 
sumed  a  value  of  10,000  psi  for  G  .  This  was 
based  on  dynamic  tests  performed  on  another 
island  at  Kwajalein  Atoll  for  a  different  radar 
system.  Using  this  value,  the  foundation  was 
amply  stiff.  Unfortunately,  data  were  not 
available  as  to  the  actual  value  of  G  at  the 
proposed  building  site. 

We  followed  a  two-track  approach  toward 
reducing  this  uncertainty.  At  our  request. 


Raytheon’s  structural  consultant  performed  a 
sensitivity  study  of  the  effect  of  varying  soil 
shear  modulus  on  fundamental  frequency  of 
the  tower.  The  results  of  this  study  indicated 
that  for  values  of  dynamic  shear  modulus  of 
3,000  psi  or  below,  the  fundamental  fre¬ 
quency  of  the  system  would  be  governed  by 
the  vertical  motion  of  the  foundation.  This 
would  have  led  to  unacceptable  vibrations  in 
the  structure.  Concurrently,  we  undertook  in 
situ  measurements  of  the  actual  dynamic  char¬ 
acteristics  of  the  soil. 

Pacific  Ocean  Division  and  Waterways 
Experiment  Station  (CEWES)  performed  the 
field  work.  Several  geophysical  methods 
were  used  in  an  effort  to  correlate  the  results. 
The  primary  method  used  was  the  crosshole 
seismic  technique.  This  method  measures  the 
time  required  for  vibrations  to  travel  though 
the  soil  from  one  borehole  to  an  adjacent  bore¬ 
hole.  The  shear  wave  velocity  can  be  used  to 
calculate  a  value  for  G  .  Surface  seismic  re¬ 
fraction  surveys  were  also  performed.  These 
measure  travel  time  between  a  vibration  source 
and  an  array  of  geophones,  all  placed  on  the 
ground  surface.  From  the  travel  times  at  the 
different  locations,  the  wave  velocities  and 
also  the  soil  layering  can  be  determined. 

These  methods  are  illustrated  in  Figure  7. 

The  seismic  methods  have  the  advantage  of 
being  representative  of  the  entire  soil  mass  be¬ 
tween  vibration  source  and  sensors,  as  opposed 
to  laboratory  tests  on  a  small  sample,  which 
may  not  be  representative  of  the  entire  soil 
mass.  We  also  attempted  to  measure  soil  stiff¬ 
ness  directly  by  means  of  a  plate  bearing  iest. 
This  attempt  was  not  completely  successful. 

Three  60-ft-deep  borings  were  drilled  adja¬ 
cent  to  the  existing  building  in  an  area  which 
had  been  subjected  to  the  same  loading  history 
as  the  area  under  the  building.  Figure  8  is  a 
plan  view  of  the  test  locations.  After  the  holes 
were  cased,  a  borehole  deviation  survey  was 
performed.  This  procedure  is  used  to  determine 
the  exact  distance  between  points  in  adjacent 
borings,  a  necessary  input  in  figuring  wave  ve¬ 
locity.  Velocity  testing  was  then  carried  out  in 
two  configurations:  crosshole,  where  the  vi¬ 
bration  source  and  the  receiver  are  at  the  same 
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Figure  6.  Simplified  GBR-X  structural  system  finite  element  model 


CESEC91 


Serena,  Dohrmen,  &  Zehrt 


Seal* 


60  FT 


LEGEND 

D 

Seismic  Lina 

Kl 

Borahoia 

Insat  A 

BH-1  BH 

—  10.3  ft  — . 


Figure  7.  Geotechnical  seismic  survey  methods 
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Figure  8.  Soil  survey  test  layout,  plan  view 
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E  =  2(1  +  v)  G 


depth  in  each  boring,  and  downhole,  where 
the  vibration  source  is  kept  at  the  surface 
while  the  receiver  is  lowered  into  the  hole. 
Tests  were  conducted  for  compression  wave 
and  for  shear  wave  velocities.  Measurements 
were  conducted  at  2.5-ft-vertical  intervals  for 
the  crosshole  shear  wave  tests,  and  5-ft-verti- 
cal  intervals  for  all  other  tests. 

The  surface  seismic  refraction  tests,  con¬ 
ducted  in  the  same  general  area,  tended  to 
confirm  the  results  of  the  crosshole  and 
downhole  tests  in  terms  of  wave  velocities 
and  layering. 

The  results  of  these  tests  indicated  that  the 
soil  could  be  idealized  in  terms  of  four  layers. 
From  the  surface  to  a  depth  of  7.5  ft,  the  com¬ 
pression  wave  velocity  was  approximately 
1,500  fps  and  the  shear  wave  velocity  was  ap¬ 
proximately  600  fps.  Using  the  relation 

G  =  p  *  v2 

where 

vs  =  shear  wave  velocity 

p  =  mass  density  of  the  soil 

G  =  for  this  layer  was  calculated  to  be 
7,700  psi. 

Poisson’s  ratio  was  calculated  using  the  two 
relations 


2(vr2  -  1) 


where  vp  =  compression  wave  velocity  and 
v  =  Poisson’s  ratio.  Poisson’s  ratio  was  cal¬ 
culated  to  be  0.405.  Finally,  knowing  the 
shear  modulus  and  Poisson’s  ratio  permitted 
the  calculation  of  Young’s  modulus  E  by  the 
relation 


Young’s  modulus  for  the  surface  layer  was  de¬ 
termined  to  be  approximately  22,000  psi. 
Similarly,  the  next  layer,  from  7.5  to  20  ft 
was  determined  to  have  a  G  of  6,700  psi,  a 
nu  of  0.495,  and  an  E  of  20,000  psi.  The 
third  layer,  from  20  to  40  ft,  was  determined 
to  have  a  G  of  10,000  psi,  a  v  of  0.495,  and 
an  E  of  31,700  psi.  The  fourth  layer,  from 
40  to  60  ft,  was  determined  to  have  a  G  of 
18,000  psi,  a  v  of  0.492,  and  an  E  of  ap¬ 
proximately  53,000  psi. 

CEWES  staff  members  also  used  the 
method  proposed  by  Seed  and  Idriss  (1970) 
for  determination  of  an  empirical  parameter 
K2  to  relate  shear  modulus  G  to  effective 
mean  confining  stress  .  In  this  method, 

knowledge  of  the  confining  stress  and  shear 
modulus  at  a  number  of  points  allows  one  tc 
calculate  the  value  of  for  each  soil  layer. 
This  permits  the  estimation  of  shear  modulus 
for  other  points  in  the  layer.  The  formula  pro¬ 
posed  by  Seed  and  Idriss  is 

G  =  1000*  K2  (ct^  ) x/l 

where  is  the  average  of  the  vertical  and 

horizontal  effective  stresses.  The  K0  values 
calculated  at  the  GBR-X  site  ranged  from  31 
to  89.  The  design  values  recommended  for 
K2  were  68  for  the  uppermost  soil  layer  from 
0  to  7.5  ft,  33  for  the  second  layer  from  7.5  to 
20  ft,  42  for  the  third  layer  from  20  to  37.5  ft, 
48  for  the  fourth  layer  from  37.5  to  50  ft,  55 
for  the  fifth  layer  from  50  to  55  ft,  and  65  for 
the  sixth  layer  from  55  to  60  ft.  Although  we 
did  not  netl  to  use  K2  to  estimate  shear  mod¬ 
ulus  for  this  project,  had  the  project  site  been 
moved  out  of  the  immediate  area  we  could 
have  used  K2  to  estimate  values  for  shear 
modulus  at  the  new  site.  The  design  values 
selected  for  K0  and  the  modulus  values  are 
shown  in  Figure  9. 

The  last  in  situ  test  performed  was  a  plate 
bearing  test.  This  consisted  of  static  and  cy- 
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Figure  9.  Geotechnical  test  results 
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clic  loads  imposed  on  a  26.6-in.  square  steel 
plate.  From  this  test,  a  Young’s  modulus  E 
of  123,600  psi  was  determined.  This  does  not 
correlate  well  with  the  seismic  methods  or  the 
K2  parameter  method.  One  possible  explana¬ 
tion  might  be  that  the  plate  bearing  test  mea¬ 
sures  the  properties  of  a  relatively  small  mass 
of  soil  and,  at  this  location,  happened  to  fall 
on  a  denser,  stiffer  pocket  of  soil. 

Of  the  in  situ  soils  tests  performed,  the 
seismic  tests  provided  the  most  information 
on  the  site  conditions.  Refraction  methods 
have  the  advantage  of  providing  information 
on  layering  as  well  as  wave  velocities  without 
requiring  borings.  Crosshole  and  downhole 
methods,  because  borings  are  required,  allow 
the  collection  and  examination  of  soil  samples 
and  permit  the  direct  measurement  of  soil 
properties  in  each  layer.  Calculation  of  K2 
values  from  the  tests  performed  at  one  loca¬ 
tion  gives  one  the  flexibility  to  estimate  dy¬ 
namic  soil  properties  at  a  slightly  different 
location,  without  the  expense  of  additional  dy¬ 
namic  testing. 

Summary 

The  overall  dynamic  stiffness  of  the 
DCCB/tower/turret  structural  system  is  criti¬ 
cal  to  the  performance  of  the  GBR-X  radar 
system.  The  uncertainty  of  the  stiffness  con¬ 
tribution  of  the  DCCB  led  to  the  requirements 
for  actual  dynamic  structural  testing.  The  re¬ 
sults  of  these  tests,  along  with  other  design 
data  developed  by  CEHND,  were  used  by 
Raytheon  and  its  consultants  to  prove  that  the 
total  system  would  provide  adequate  stiffness. 
Foundation  stiffness  for  the  tower  was  an  im¬ 
portant  element  of  the  total  system  stiffness. 
The  geotechnical  testing  at  the  site  verified 
that  the  tower  foundation  design  would  pro¬ 
vide  acceptable  performance. 

The  structural  and  geotechnical  testing  pro¬ 
grams  discussed  in  this  paper  were  crucial  to 


ensuring  the  quality  of  not  only  the  GBR-X 
facility  but  that  of  the  entire  radar  system. 
Through  these  test  programs,  the  Huntsville 
Division  was  able  to  assist  both  our  customer 
and  the  radar  system  designers,  thereby  con¬ 
tributing  to  the  assurance  of  total  design  qual¬ 
ity  for  the  GBR-X  program. 
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Special  Seismic  Design  Criteria  for  the  US  Chemical 
Stockpile  Disposal  Program 

by 

R.  Stephen  Wright,  PE, '  and  Boyce  L  Ross ,  PE] 


Abstract 

As  required  by  Public  Law  99-145,  the  US  Army  Corps  of  Engineers  is  currently 
in  the  process  of  designing  and  constructing  eight  chemical  weapons  demilitariza¬ 
tion  facilities.  The  facilities  will  be  used  to  destroy  the  US  inventory  of  obsolete  and 
unserviceable  chemical  weapons.  These  weapons  contain  extremely  lethal  nerve 
and  blister  agent  as  well  as  explosives.  The  life  safety  and  environmental  risks 
associated  with  these  facilities  are  unprecedented  for  military  construction  and 
compare  with  those  for  nuclear  power  plants.  To  mitigate  these  risks  and  assure 
the  safe  operation  and  shutdown  of  these  facilities  in  the  event  of  earthquakes,  highly 
specialized  seismic  design  criteria  were  developed.  This  paper  discusses  the  special 
seismic  design  spectra  developed  for  each  site  as  well  as  analysis  procedures, 
facility  and  equipment  design  requirements,  and  specialized  quality  control  proce¬ 
dures. 


Program  Background 

Public  Law  99-145,  The  Department  of  De¬ 
fense  Authorization  Act  of  1986,  directed  the 
destruction  of  the  United  States  inventory  of  ob¬ 
solete  and  unserviceable  chemical  weapons. 
This  mission  was  identified  as  the  Chemical 
Stockpile  Disposal  Program  (CSDP).  Alterna¬ 
tives  considered  for  the  CSDP  included  a  single 
national  disposal  facility,  two  regional  facili¬ 
ties,  and  on-site  destruction.  In  February 
1988,  the  Department  of  Defense  Authoriza¬ 
tion  published  its  Record  of  Decision  (ROD) 
for  CSDP  in  support  of  the  Programmatic  En¬ 
vironmental  Impact  Statement  (PEIS)  (Head¬ 
quarters,  Department  of  the  Army  1988).  The 
ROD  selected  onsite  disposal  as  the  safest 
alternative  for  destruction  of  the  stockpile. 
Destruction  of  munitions  at  each  site  will 


involve  construction  of  incineration  facilities 
at  eight  sites  within  the  Continental  United 
States  (CONUS)  as  shown  in  Figure  1 .  The 
facility  at  Tooele,  UT  is  the  first  CSDP  facility 
to  be  constructed  within  the  CONUS.  This 
facility  will  utilize  the  technology  from  the 
Johnston  Atoll  Chemical  Agent  Disposal  Sys¬ 
tem  (JACADS).  As  shown  in  Figure  2,  all 
CSDP  operations  in  the  CONUS  are  scheduled 
to  be  completed  by  1999. 

Present  chemical  stockpile 

Lethal  chemical  agents  are  of  two  basic 
types  (nerve  and  blister)  and  are  configured  in  a 
variety  of  munitions  and  bulk  containers.  Bulk 
containers  include  spray  tanks  and  ton  contain¬ 
ers.  Almost  94  percent  of  the  total  stockpile  is 
stored  within  the  CONUS.  Approximately  61 


1  Structural  Engineer,  US  Army  Engineer  Division.  Huntsville;  Huntsville,  AL. 
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Figure  1.  CONUS  chemical  stockpile  storage  sites 
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percent  of  this  stockpile  is  stored  in  bulk  form 
(ton  containers  or  spray  tanks.)  Figure  1  shows 
the  types  of  munitions  and  chemical  agents 
stored  at  each  CSDP  site.  The  Newport  AAP 
and  Aberdeen  Proving  Grounds  sites  store 
only  bulk  items  and  will  differ  from  the  re¬ 
mainder  of  the  sites  since  they  will  not  be 
required  to  process  items  which  contain 
explosives  or  propellants. 

Program  management 

The  Department  of  Defense  Authorization 
assigned  the  overall  program  management  of 
the  CSDP  to  the  Program  Executive  Officer, 
Program  Manager  for  Chemical  Demilitariza¬ 
tion  located  in  Edgewood,  MD.  Contracting 
for  engineering  services  for  both  the  process 
and  facility  designs  is  being  provided  by  the 
Huntsville  Division,  Corps  of  Engineers 
(CEHND)  located  in  Huntsville,  AL.  Corps 
of  Engineer  Districts  will  provide  engineering 
services  for  support  facilities  within  their  geo¬ 
graphic  regions  during  construction  and  will 
be  responsible  for  administering  the  construc¬ 
tion  contracts.  Design  services  for  both  pro¬ 
cess  and  facilities  have  been  contracted  by 
CEHND  to  The  Ralph  M.  Parsons  Company, 
Pasadena,  CA. 

General  Facility  Description 

The  CSDP  facilities  consist  of  several  dis¬ 
tinct  process  and  support  facilities.  Figure  3 
shows  the  layout  of  the  CSDP  facilities. 

Process  facilities 

The  following  process  facilities  contain  or 
process  toxic  chemicals  and  are  categorized  as 
Essential  Facilities  as  defined  in  TM  5-809-10 
(Headquarters,  Department  of  the  Army  1982). 

The  actual  disassembly  and  destruction  of 
the  chemical  weapons  occur  in  the  Munitions 
Demilitarization  Building  (MDB).  The  MDB 
houses  the  basic  process  equipment  and  control 
systems  necessary  to  remotely  disassemble, 
punch,  and  drain  munitions  and  bulk  items; 
to  incinerate  chemical  agent  and  other  toxic 


liquid  and  solid  waste;  and  to  decontaminate 
munition  bodies  and  other  metal  items.  The 
MDB  contains  munitions  processing  areas  used 
to  prepare  munitions  for  incineration.  Within 
the  munitions  processing  area  is  the  Toxic 
Cubicle  (TOX)  which  contains  two  storage 
tanks  for  agent  removed  from  munitions:  a 
500-gal  agent  holding  tank  and  a  1 ,300-gal 
surge  tank  to  hold  additional  agent  in  an  emer¬ 
gency.  The  greatest  potential  for  a  significant 
release  of  agent  due  to  a  seismic  event  origi¬ 
nates  in  the  TOX.  The  agent  is  then  pumped 
to  the  Liquid  Incinerator  (L1C)  for  incinera¬ 
tion.  The  MDB  contains  four  incineration 
areas;  the  Deactivation  Furnace  (DFS)  inciner¬ 
ates  drained  rockets  and  mines,  fuzes,  explo¬ 
sives,  and  propellants.  The  LIC  incinerates 
drained  agent  and  spent  decontamination  solu¬ 
tions.  The  Metal  Parts  Furnace  (MPF)  decon¬ 
taminates  drained  ton  containers  and  bulk 
items.  Finally,  the  Dunnage  Incinerator  (DUN) 
incinerates  both  contaminated  and  uncontami¬ 
nated  dunnage. 

The  MDB  is  a  two-story  reinforced  concrete 
building  approximately  281  ft  long  by  144  ft 
wide.  Building  height  is  approximately  45  ft. 
The  structural  design  is  based  on  a  concrete 
framing  system  with  concrete  load-bearing 
walls  and  columns  and  composite  building 
panel  siding.  Lateral  loads  are  resisted  by  the 
concrete  shear  walls.  The  first  and  second 
floor  plans  are  shown  in  Figures  4  and  5, 
respectively. 

The  buildings  for  the  Pollution  Abatement 
System  (PAS)  and  the  DUN  PAS  are  struc¬ 
tural  steel,  braced-frame  systems.  The  PAS 
and  DUN  PAS  areas  contain  the  equipment 
used  to  process  the  gaseous  emissions  of  the 
incineration  system  to  meet  environmental 
requirements. 

The  Container  Handling  Building  (CHB) 
provides  temporary  storage  for  chemical  mu¬ 
nitions  prior  to  unpacking  them  in  the  MDB 
building.  The  CHB  is  a  pre-engineered  steel- 
frame  building,  except  for  the  transition  area 
north  of  the  MDB  building.  The  transition 
area  consists  of  reinforced  concrete  walls  and 
structural  steel  framing. 
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.  CSDP  facility 


Figure  4.  Munitions  demilitarization  building,  first  floor 


EXPLOSIVE 
CONTAINMENT  j; 


re  5.  Munitions  demilitarization  building,  second  floor 


The  MDB  filter  area  (FIL)  has  HVAC  ex¬ 
haust  filters  units  and  an  exhaust  stack  which 
are  located  near  the  MDB  mechanical  equip¬ 
ment  room.  The  filter  units  are  designed  for 
agent  contaminated  exhaust  air  from  the 
MDB.  The  building  is  a  structural  steel  frame 
with  three  monitor  houses  on  a  platform  and 
one  on  slab  on  grade. 

Nonprocess  buildings 

The  following  facilities  do  not  house  toxic 
chemicals  and  are  considered  standard  facili¬ 
ties  as  reported  in  TM  5-809-10  (Headquar¬ 
ters,  Department  of  the  Army  1982). 

The  Process  and  Utility  Building  (PUB) 
houses  bulk  chemical  storage,  brine  reduction, 
and  boilers  for  steam  and  hot  water,  battery 
charging,  and  residue  handling.  The  structural 
system  is  a  braced-frame  steel  building  with 
metal  siding  and  roof  panels. 

Process  Support  Building  (PSB)  houses  the 
administrative  staff  and  is  a  one-story  structure 
constructed  of  wood  modules. 

Monitor  Support  Building  (MSB)  is  a  one- 
story  structure  constructed  of  wood  modules, 
which  will  house  the  onsite  maintenance  facil¬ 
ities  for  the  monitoring  equipment. 

Entry  Control  Facility  (ECF)  is  a  rein¬ 
forced  concrete  structure  which  houses  secur¬ 
ing  personnel. 

Personnel  and  Maintenance  Building  (PMB) 
is  a  single-story  wood  module  building.  The 
building  is  a  support  facility  and  includes 
dressing  areas  for  employees  to  wear  hazard 
protection  attire. 

Environmental  Considerations 

The  life  safety  and  environmental  risks  asso¬ 
ciated  with  the  CSDP  facilities  are  unprece¬ 
dented  for  military  construction  and  compare 
with  those  for  nuclear  power  plants.  To  miti¬ 
gate  these  risks  and  assure  the  safe  operation 
and  shutdown  of  these  facilities  in  the  event  of 
earthquakes,  highly  specialized  seismic  design 


criteria  were  developed.  The  Programmatic 
Environmental  Impact  Statement  (PEIS)  was 
a  major  influence  on  the  final  seismic  design 
criteria  for  the  CSDP  program.  This  document, 
prepared  in  compliance  with  the  National  En¬ 
vironmental  Policy  Act,  assessed  the  health 
and  environmental  impacts  of  destroying  the 
nation’s  stockpile  of  lethal  chemical  agents. 
The  major  focus  of  the  PEIS  was  the  environ¬ 
mental  consequences  of  accidents  involving 
explosions,  fires,  and/or  spills.  In  support  of 
the  PEIS,  a  risk  analysis  was  performed  to  de¬ 
termine  scenarios  which  could  lead  to  off-post 
fatalities.  Accident  initiators  which  were  con¬ 
sidered  included  processing  plant  equipment 
failures  and  various  external  events  (seismic 
events,  meteorites,  tornadoes  and  high  winds, 
lightning,  and  air  crashes)  and  human  errors. 
In  the  PEIS  hazard  analysis,  earthquakes  were 
a  major  risk  contributor  in  plant  operations, 
contributing  about  30  percent  of  the  total  pro¬ 
grammatic  risk  from  onsite  disposal. 

With  the  exception  of  the  TOX,  the  PEIS 
assumed  that  the  facilities  would  be  designed 
for  seismic  loads  using  the  static  lateral  force 
procedure  in  the  1985  Uniform  Building  Code. 
Conservatively,  the  PEIS  based  the  risk  analy¬ 
sis  for  the  MDB  at  all  sites  on  the  Tooele,  UT, 
seismic  zone  (zone  3),  although  the  order  sites 
are  in  lower  seismic  zones.  As  a  risk  mitigative 
measure  to  minimize  the  potential  of  a  release, 
the  PEIS  required  that  the  TOX  agent  tanks  and 
structural  system  meet  more  stringent  seismic 
criteria  based  on  Nuclear  Regulatory  Commis¬ 
sion  (NRC)  standards. 

Additional  risk  mitigative  measures  that 
were  recommended  and  adopted  included: 

•  Sizing  the  sump  in  the  toxic  cubicle  to 
contain  the  entire  contents  of  an  agent 
storage  tank.  This  reduces  the  spillage 
area,  and  therefore  reduces  the  agent 
evaporation  if  the  tank  contents  are 
spilled. 

•  Installing  seismically  actuated  cutoff 
valves  on  the  main  gas  supply  and  seis- 
mically  actuated  circuit  breakers  in  the 
plant. 
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The  hazardous  nature  of  the  chemical  agents 
being  destroyed  dictated  that  the  design  of  the 
CONUS  onsite  disposal  plants  be  intensely 
scrutinized  and  managed.  Therefore,  it  was  de¬ 
cided  to  standardize  the  designs  of  the  onsite 
disposal  plants.  These  designs  would  be  as 
nearly  identical  as  possible,  given  the  variations 
in  environmental  conditions,  siting,  and  inven¬ 
tory  at  each  disposal  site.  Standardization  of  de¬ 
signs  at  all  sites  would  assure  the  highest 
degree  of  conformance  with  critical  safety  and 
environmental  requirements,  and  would  miti¬ 
gate  the  risk  of  all  accidents  including  those 
caused  by  seismic  events. 

The  design  team  has  developed  the  “stan¬ 
dard”  disposal  plant  and  will  adapt  it  to  each 
onsite  location.  This  process,  nicknamed 
“cloning,”  greatly  reduces  the  design  effort  as 
well  as  improving  configuration  control  and 
quality  assurance. 

Two  standard  disposal  plant  designs  were 
developed.  One  design  is  a  mixed  munition 
plant  which  is  capable  of  processing  all  muni¬ 
tion  configurations.  The  mixed  munition  stan¬ 
dard  design  is  being  used  at  five  facilities: 
Tooele,  Anniston,  Umatilla,  Pueblo,  and  Lex¬ 
ington.  The  use  of  standardized  facilities  dic¬ 
tated  the  seismic  criteria  for  these  five  sites. 
The  Tooele  site  load  environment  was  used  at 
all  five  sites  because  Tooele  is  in  the  highest 
seismic  zone  (i.e.  Zone  3)  of  the  five  sites. 

The  second  standard  is  a  bulk  item  plant. 
This  design  is  to  be  used  at  locations  which 
do  not  have  any  explosively  configured  muni¬ 
tions.  This  plant  is  required  at  two  locations, 
Newport  and  Aberdeen. 

In  addition  to  the  two  standard  designs, 
two  unique  designs  will  also  be  required  to 
complete  the  CSDP.  One  design  will  be  a 
CSDP  plant  to  be  located  near  an  existing  non- 
lethal  BZ  plant  now  in  operation  at  Pine  Bluff 
Arsenal  (PBA).  The  other  unique  design  is 
that  of  a  Chemical  Demilitarization  Training 
Facility  (CDTF),  to  be  located  at  Edgewood 
Arsenal  near  the  Program  Manager’s  office. 


This  facility  will  be  used  to  provide  highly 
standardized  central  training  for  all  CSDP 
plant  operators.  The  programmatic  schedule 
has  resulted  in  the  first  designs  being  the 
mixed  munition  plant  at  Tooele,  UT,  and  the 
CDTF  at  Edgewood  Arsenal. 

Seismic  Response  Spectra 

As  required  in  the  PEIS,  the  toxic  room  and 
agent  ta  iks  are  to  be  designed  to  meet  stringent 
seismic  standards  related  to  NRC  criteria.  The 
NRC  criteria,  specifically  10CFR  100,  re¬ 
quire  determination  of  the  most  severe  earth¬ 
quakes  that  could  occur  within  200  miles  (320 
km)  of  the  disposal  site.  Therefore,  studies 
were  performed  to  determine  the  specific  re¬ 
sponse  spectra  for  the  Maximum  Credible 
Earthquake  (i.e.  the  Safe  Shutdown  Earthquake) 
that  could  occur  at  each  site  (URS/John  A. 
Blume  and  Associates  1987).  Peak  ground  ac¬ 
celerations  from  this  study  are  shown  in  Table 
1 .  The  response  spectrum  is  used  to  design  the 
TOX  within  the  MDB  to  totally  contain  the 
stored  agei  t  in  the  event  of  the  Maximum 
Credible  Earthquake. 


Table  1 

Toxic  Cubicle  Response  Spectra 


Site 

MCE 

PGA1 

Actual 

Design 

PGA 

Comment 

Tooele,  UT 

0  81g 

0.81g 

Highest  MCE 

Umatilla,  OR 

0.25g 

0.81g 

Clone  of  Tooele  j 

Anniston,  AL 

0.28g 

0.81g 

Clone  of  Tooele 

Pueblo,  CO 

0.21g 

O.Stg 

Clone  of  Tooele 

Lexington,  KY 

0.1 8g 

0  81g 

Clone  of  Tooele 

Pine  Bluft,  AR 

0.34g 

0.81  g 

New  design 

Newport,  IN 

0.18g 

0.18g 

New  design 

Aberdeen,  MD 

0.1 8g 

0.18g 

Clone  of  Newport 

'  Maximum  Credible  Earthquake;  Peak  Ground  | 

Acceleration.  j 


Final  Seismic  Criteria 

According  to  the  PEIS,  the  TOX  at  the 
Tooele,  UT  plant  was  designed  for  the  Maxi¬ 
mum  Credible  Earthquake  for  the  Tooele  site. 
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The  response  spectrum  method  of  dynamic  anal¬ 
ysis  was  used  to  analyze  the  TOX.  The  holding 
tank  in  the  TOX  was  designed  for  the  dynamic 
analysis  procedures  in  TM  5-809-10-3  (Head¬ 
quarters,  Department  of  the  Army  1986),  taking 
into  account  the  sloshing  effect  of  the  liquid. 
Piping  in  the  TOX  was  not  analyzed  dynami¬ 
cally  because  of  its  small  size.  However,  pipe 
supports  were  designed  to  sustain  the  maximum 
credible  earthquake.  The  TOX  at  the  five 
mixed  munition  sites  will  be  standardized 
from  the  Tooele  design.  The  TOX  at  the  Pine 
Bluff  and  Newport  will  be  new  designs.  The 
TOX  at  Aberdeen  will  be  standardized  from 
the  Newport  design.  Table  1  compares  the 
peak  ground  acceleration  (zero  period)  actu¬ 
ally  used  for  the  CSDP  design  with  the  peak 
ground  acceleration  determined  by  the  site- 
specific  studies  discussed  earlier. 

With  the  exception  of  the  TOX,  the  CSDP 
structures  are  designed  for  the  static  lateral 
force  procedure  in  TM  5-809-10,  which  is 
consistent  with  the  1985  Uniform  Building 
Code.  All  process  facilities  are  essential  and 
therefore  have  an  importance  factor  of  1 .5. 

All  other  facilities  have  an  importance  factor 
of  1.0.  As  shown  in  Table  2,  the  final  CSDP 
criteria  for  seismic  zones  is  more  stringent 
than  that  required  by  the  1985  and  1988 
Uniform  Building  Codes  and  TM  5-809-10. 
Based  on  assumptions  from  the  PEIS  and  re¬ 
quirements  due  to  standardization  of  facilities, 
the  process  facilities  at  all  mixed  munition 
sites  are  to  be  designed  to  seismic  zone  3  cri¬ 


teria.  Most  of  the  mixed  munition  plant  struc¬ 
tures  will  be  cloned  from  Tooele;  however, 
some  foundations  at  the  other  sites  will  need 
to  be  redesigned  due  to  a  lower  allowable  soil 
bearing  pressure  than  at  Tooele.  In  order  to 
reduce  the  amount  of  redesign,  the  seismic  zone 
requirements  for  the  nonprocess  buildings  at 
the  other  sites  were  reduced  to  meet  the  actual 
site  conditions,  as  shown  in  Table  2. 

All  equipment  will  be  anchored  to  the 
structure  in  accordance  with  the  Specification 
CEGS  15240,  Seismic  Protection  of  Mechani¬ 
cal,  Electrical  Equipment,  using  the  design 
guidance  from  TM  5-809-10.  This  assures  that 
the  equipment  remains  intact  after  a  seismic 
event,  but  not  necessarily  operational.  With 
few  exceptions,  the  equipment  is  designed  to 
the  same  seismic  zone  and  importance  factor 
as  the  building  in  which  it  is  housed.  A  nota¬ 
ble  exception  is  that  the  Pollution  Abatement 
System  ductwork  is  designed  for  an  import¬ 
ance  factor  of  1.0  instead  of  the  building  im¬ 
portance  factor  of  1.5.  The  reason  for  this 
reduction  is  that  there  is  no  requirement  for 
this  ductwork  to  be  undamaged  after  a  seismic 
event,  but  there  is  a  requirement  for  the  duct¬ 
work  to  remain  intact  so  as  not  to  collapse  and 
injure  personnel. 

Special  Quality  Control  Criteria 

In  order  to  mitigate  the  risk  of  damage  to 
structures,  systems,  or  components  after  a 
seismic  event,  the  CSDP  adopted  a  stringent 
programmatic  quaiity  assurance  (QA) 
plan.  This  plan  encompasses  the  entire 
program,  beginning  with  design  and 
equipment  fabrication,  extending  into  con¬ 
struction  and  installation  of  equipment, 
and  finally  systemization  and  operations. 
The  QA  program  classifies  equipment, 
systems,  and  structures  into  three  classes: 
(1)  QA  Class  I  items  are  equipment,  sys¬ 
tems,  or  structures  whose  failure  or  mal¬ 
function  would  detrimentally  affect  the 
ability  to  maintain  containment  of  chemi¬ 
cal  agent  or  explosive  effects;  or  influ¬ 
ence  safe  shutdown  or  safety;  or  whose 
failure  could  cause  an  offsite  release  of 
toxic  material  affecting  the  health  and 


Table  2 

CSDP  Seismic  Zone  Comparisons 

CSDP  Design  1 

Facilities 

UBC  85/ 

Non- 

Site 

TM  5-809-10 

UBC  88 

Process 

process 

Tooele,  UT 

3 

3 

3 

3 

Umatilla,  OR 

1 

2B 

3 

2 

Anniston,  AL 

2 

1 

3 

2 

Puebio,  CO 

1 

1 

3 

1 

Lexington,  KY 

2 

1 

3 

2 

Pine  Bluff,  AR 

1 

1 

3 

2 

Newport,  IN 

2 

1 

?  _ . . 

2 

Aberdeen,  MD 

i— _ J 

1 

2 

1 
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safety  of  the  public.  (2)  QA  Class  II  items 
are  equipment,  systems,  or  structures  which 
could  cause  shutdown  of  the  process.  (3)  QA 
Class  III  are  items  of  equipment,  systems,  or 
structures  which  cannot  adversely  effect  the 
process  or  safety  requirements  of  the  program. 
These  items  are  procured  to  normal  industry 
standards,  codes,  and  constructed  to  normal 
specifications. 

As  a  result  of  this  QA  classification  system, 
equipment  and  structures  which  if  damaged  dur¬ 
ing  a  seismic  event  that  could  cause  release  of 
agent,  loss  of  life,  or  a  process  shutdown  re¬ 
quire  an  inordinate  amount  of  inspections,  certi¬ 
fications,  and  factory  testing.  As  one  example, 
as  was  previously  mentioned,  the  TOX  was 
identified  as  a  major  source  of  agent  release 
in  the  event  of  an  earthquake.  As  a  result, 
this  structure  is  classified  as  a  QA  Class  I 
structure,  which  requires  stringent  quality  as¬ 
surance  requirements  such  as  ( 1 )  certified 
mill  test  reports  for  materials  of  construction, 
(2)  greater  number  of  sampling  and  testing 
than  required  normally,  (3)  placement  plans, 
(4)  strict  identification  of  contractor  inspection 
hold  points,  (5)  weld  testing  in  the  form  of  ra¬ 
diography  and  ultrasonics  for  100  percent  of  all 
full  penetration  welds,  (6)  random  testing  of 
all  other  welds,  and  factory  performance  tests 
for  equipment  within  the  structure  and  for  com¬ 
ponents  such  as  floor  sumps. 

As  is  apparent,  this  QA  program  is  very 
costly  and  adversely  affects  construction  pro¬ 
ductivity.  Critical  equipment,  systems,  and 
structures  which  could  be  damaged  during  a 
seismic  event  have  been  carefully  identified 
to  assure  safe  operations.  For  these  items, 
stringent  fabrication,  testing,  construction, 
and  installation  documentation  and  testing  have 
been  programmatically  defined,  and  have  been 
given  the  highest  priority  in  assuring  a  safe  and 
operational  facility. 

Lessons  Learned 

A  major  lesson  learned  from  the  CSDP  is 
that  environmental  permit  considerations  can 
dictate  the  overall  facility  design,  including  the 
seismic  design  criteria.  The  PEIS  assumed 


more  stringent  seismic  design  criteria  than  re¬ 
quired  by  TM  5-809-10.  The  CSDP  design  was 
required  to  incorporate  these  stricter  require¬ 
ments.  If  the  PEIS  requirements  had  not  been 
incorporated,  the  CSDP  design  and  construction 
schedule  would  have  been  severely  disrupted 
due  to  additional  environmental  reviews. 

Numerous  design  problems  have  been  en¬ 
countered  due  to  the  stringent  seismic  design 
requirements  of  the  Tooele,  UT  facility.  For 
example,  several  equipment  vendors  did  not 
have  a  clear  understanding  of  the  special  seis¬ 
mic  design  requirements  for  equipment  an¬ 
chorage  in  TM  5-809-10,  which  are  more 
extensive  than  those  in  the  Uniform  Building 
Code.  Some  vendors  did  not  correctly  follow 
the  procedures  in  TM  5-809-10  which  are  con¬ 
trolled  by  the  equipment  weight  and  flexibility. 
Therefore,  several  equipment  shop  drawings 
and  calculations  had  to  be  revised  and  resub¬ 
mitted  for  review,  causing  delays  in  the  pro¬ 
grammatic  schedule. 

The  seismic  design  requirements  have  cre¬ 
ated  numerous  construction  difficulties  at  the 
Tooele,  UT  CSDP  facility.  A  major  problem 
is  the  tightly  spaced  reinforcement  in  the  con¬ 
crete  shear  walls  in  the  Munitions  Demilitari¬ 
zation  Building.  These  shear  walls  have 
numerous  penetrations  for  mechanical  and 
electrical  equipment.  In  order  to  meet  ACI 
special  seismic  design  requirements,  the  stirrup 
spacing  cannot  be  greater  than  one -quarter  of 
the  wall  thickness.  Most  of  the  shear  walls 
are  10  in.  thick  with  a  required  stirrup  spacing 
around  the  penetrations  of  only  2-1/2  in. 

Since  the  other  four  mixed  munition  plants 
are  clones  of  the  Tooele  facility,  the  same 
shear  wall  reinforcement  and  spacing  will  be 
used  at  those  sites.  From  a  construction  stand¬ 
point,  the  special  seismic  design  requirements 
have  caused  many  difficulties  and  are  costly 
to  the  overall  program. 

Despite  the  design  and  construction  prob¬ 
lems,  the  special  seismic  design  criteria  are 
necessary  to  meet  critical  safety  and  environ¬ 
mental  concerns  in  the  event  of  an  earth¬ 
quake.  The  special  design  criteria  have 
satisfied  the  guidelines  of  the  CSDP  which 
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are  to  assure  safe  operations  during  the  chemi¬ 
cal  stockpile  disposal  process. 
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Steel  Deck  Diaphragm  Design  Methods: 
Tri-Services  Manual  vs.  Steel  Deck  Institute 


by 

Chris  Glatt,  PE 1 


Abstract 

For  Corps  of  Engineers  projects,  the  design  of  shear  diaphragms  constructed 
from  light-gage  corrugated  metal  deck  is  usually  governed  by  the  Tri-Services 
Manual  5-809-10  (US  Government  Printing  Office  1982).  The  Diaphragm  Design 
Manual  ( Steel  Deck  Institute  1981,  1987)  is  also  used,  mainly  for  diaphragms  with 
nonwelded  connections.  In  this  paper,  the  two  methods  are  briefly  described,  and 
their  results  are  compared  to  determine  if  they  predict  equivalent  design  shear 
strengths.  Design  strength  values  are  compared  for  diaphragms  most  commonly 
used  on  military  building  projects  in  the  US  Army  Engineer  District,  Kansas  City. 
In  addition,  results  from  several  sensitivity  studies  are  compared  to  determine  the 
influence  of  individual  parameters.  These  results  indicate  that  the  methods  do  not 
always  agree,  and  additional  research  is  needed  to  evaluate  areas  of  disagreement 
between  the  methods. 


Introduction 

Background 

Shear  diaphragms  used  on  Corps  of  Engi¬ 
neers  building  projects  are  commonly  con¬ 
structed  from  light-gage,  corrugated  metal 
panels,  which  are  connected  at  the  panel  side- 
laps  (“seams”)  to  interior  structural  supports 
(purlins,  joists,  bearing  walls,  etc.)  and  to  edge 
and  end  members  (Figure  1).  These  connec¬ 
tions  are  at  discrete  points  and  may  be  made 
with  welds,  screws,  power-driven  pins,  or  a 
combination  thereof.  Under  shear  loading, 
these  diaphragms  undergo  shear  deformation 
which  is  affected  by  warping  of  the  corruga¬ 
tions  and  by  localized  deformations  at  the  fas¬ 
tener  locations.  This  complex  behavior  has 
been  the  subject  of  much  testing  and  analysis, 
leading  to  the  development  of  several  design 


specifications,  including  the  two  discussed  in 
the  following  paragraph. 

The  design  and  construction  of  horizontal 
diaphragms  for  most  US  military  facilities  is 
governed  by  the  Tri-Services  Technical  Man¬ 
ual  5-809-10  (US  Government  Printing  Office 
1982),  hereafter  referred  to  as  the  TM.  An¬ 
other  commonly  used  design  method  is  that  of 
the  Steel  Deck  Institute  (SDI),  the  Diaphragm 
Design  Manual  (SDI  1987).  The  SDI  criteria 
are  being  applied  with  increasing  frequency 
on  recent  US  Army  Engineer  District,  Kansas 
City  (KCD),  military  building  projects  for 
two  main  reasons.  First,  more  steel  decks  are 
being  installed  with  nonwelded  fasteners  such 
as  screws  or  power-driven  pins.  In  this  case, 
the  SDI  criteria  are  used  because  the  TM  does 
not  address  nonwelded  diaphragms  except  to 
say  “Fastening  methods  other  than  welds. ..may 
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Figure  1 .  Typical  diaphragm  configuration,  plan  view 
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be  used  provided  that  equivalence  to  the 
welded  method  can  be  shown  by  approved  test 
data.  The  results  of  such  test  data  will  be  pre¬ 
sented  by  means  of  equations  or  tables  for  qD 
and  F...”(qD  and  F  are  the  diaphragm  design 
shear  strength  and  flexibility).  Since  the  SDI 
equations  are  based  on  testing  and  their  results 
can  easily  be  expressed  in  terms  of  qD  and  F, 
the  TM  requirement  can  be  interpreted  as  al¬ 
lowing  the  use  of  SDI  design  criteria.  The 
other  reason  SDI  criteria  are  used  is  that  more 
projects  are  being  designed  to  meet  industry 
or  commercial  standards;  in  other  words,  no 
“military”  criteria  are  allowed  if  industry  stan¬ 
dards  (such  as  SDI  criteria)  exist.  Either  of 
these  methods  can  be  used  for  diaphragm  de¬ 
sign  without  cause  for  concern,  as  long  as 
they  give  the  same,  correct  answers;  i.e.,  they 
predict  the  actual  diaphragm  behavior  with 
reasonable  accuracy.  With  this  in  mind,  the 
most  common  types  of  diaphragms  used  on 
KCD  projects  were  studied.  The  following 
paragraphs  include  a  brief  discussion  of  the 
two  methods,  values  for  diaphragm  strengths 
calculated  using  both  methods,  evaluations  of 
these  results,  conclusions,  and  recommenda¬ 
tions  for  further  studies. 

Scope  of  study 

This  paper  is  restricted  to  consideration  of  di¬ 
aphragm  shear  strengths  for  diaphragms  with 
all  welded  connections.  Although  stiffness  is 
an  equally  important  design  consideration,  it 
is  discussed  only  briefly,  with  emphasis  on  its 
relationship  to  strength  calculations.  It  is  also 
worth  noting  that  the  number  of  diaphragms 
studied  was  small,  considering  the  wide  variety 
of  deck  panel  profiles,  thicknesses,  widths, 
and  fastener  patterns  available. 

The  approach  taken  was  to  define  a  “typical” 
diaphragm,  as  follows,  and  compute  design 
shear  strengths  using  both  methods.  Then  sen¬ 
sitivity  studies  were  made  to  assess  the  influ¬ 
ence  of  several  variables. 

The  typical  diaphragm  was  defined  by  con¬ 
sidering  common  loading  requirements  for 
KCD  projects.  Since  design  loads  due  to  earth¬ 
quake  or  wind  are  relatively  moderate  in  the 


Midwest,  designs  for  regularly  shaped  low-rise 
buildings  usually  require  diaphragm  design 
strengths  of  about  200  to  400  pounds/lineal 
foot  (plf).  and  stiffnesses  of  about  10  kips/in. 
Also,  the  most  economical  framing  system  for 
vertical  loads  typically  results  in  deck  spans 
of  4  to  6  ft  between  open-web  steel  joists. 
These  two  considerations  usually  lead  to  the 
use  of  a  22-gage,  l-I/2-in.-deep,  single-sheet 
deck  with  relatively  few  welds.  Therefore, 
for  comparison  purposes  in  this  paper,  the  typ¬ 
ical  diaphragm  was  defined  as  a  22-gage,  nar¬ 
row  rib  deck  welded  to  the  framing  in  a  36/4 
pattern  (the  first  number  is  the  panel  width, 
the  second  the  number  of  framing  welds  across 
the  panel),  with  two  1-1/2-in.  seam  welds  per 
span.  Using  the  typical  diaphragm  results  as  a 
baseline,  several  studies  examined  the  effect  of 
changing  one  variable,  over  a  range  of  values 
commonly  found  on  KCD  projects.  These  sen¬ 
sitivity  studies  addressed  the  following  parame¬ 
ters  (values  studied  are  shown  in  parentheses 
and  illustrated  in  Figure  2): 

•  Deck  vertical  load  span  (3  to  9  ft). 

•  Deck  thickness  (22,  20,  and  1 8  gage). 

•  Deck  type  (narrow  and  wide  rib). 

•  Framing  weld  pattern  (36/4,  36/7,  30/6. 
and  30/3). 

It  is  emphasized  that  a  detailed  analysis  of 
how  or  why  the  methods  work  (or  do  not  work) 
is  not  within  the  scope  of  this  paper;  instead, 
the  aim  is  to  see  if  the  results  of  the  methods 
agree  and  to  identify  the  types  of  diaphragms 
for  which  the  results  do  not  agree. 

Description  of  Methods 
SDI  method 

The  SDI  approach  to  steel  deck  diaphragm 
design  is  based  on  theory  as  well  as  testing. 
Theoretical  strength  formulas  have  been  de¬ 
veloped,  based  on  static  equilibrium,  for  three 
fastener  failure  modes.  Another  strength 
formula  has  been  developed  based  on  an  over¬ 
all  buckling  limit  state.  Similarly,  a  general 
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I  -3/4"  FOR  WIDE-RIB  DECK 
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OTHER  PATTERNS  STUDIED  INCLUDE: 


36/T 

30/6 

30/3 
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stiffness  equation  has  been  developed  based  on 
theory  of  elasticity  and  modified  to  account  for 
panel  warping  and  connector  slip.  A  brief  de¬ 
scription  of  the  equation  development  follows; 
for  detailed  discussion  of  the  equations  and  defi¬ 
nition  of  the  terms  therein,  the  reader  is  referred 
to  the  SDI  manual  (SDI  1981  and  1987). 

The  SDI  strength  and  stiffness  equations 
all  are  generic  with  respect  to  the  fastener 
type,  so  that  the  strength  and  stiffness  of  a  par¬ 
ticular  diaphragm  can  be  evaluated  as  a  func¬ 
tion  of  fastener  type.  In  other  words,  for  a 
given  diaphragm  system,  a  change  in  connec¬ 
tor  type  will  affect  the  diaphragm  response 
only  to  the  extent  that  the  connector  response 
changes.  These  formulas  have  been  verified 
by  large-scale  tests  of  diaphragm  systems.  In 
addition,  equations  have  been  developed  to 
predict  the  strengths  and  stiffnesses  of  common 
fasteners  such  as  welds,  screws,  and  power 
driven  steel  pins,  based  on  individual  fastener 
tests.  The  difference  in  reliability  for  the  dif¬ 
ferent  fastener  types  is  accounted  for  in  the 
safety  factors  used  to  relate  the  ultimate  dia¬ 
phragm  strength  to  the  design  strength.  These 
safety  factors  were  developed  using  “Load 
and  Resistance  Factor  Design”  (LRFD)  meth¬ 
ods  which  utilize  statistical  techniques  to  re¬ 
flect  the  variations  in  connector  quality  and 
the  likelihood  of  potential  overloads.  The 
safety  factors  recommended  by  SDI  for  welded 
and  mechanically  fastened  diaphragms  are 
2.75  and  2.35,  respectively. 

The  results  of  these  strength  and  stiffness 
equations  have  been  tabulated  by  SDI,  for 
diaphragms  fastened  with  welds,  screws,  and 
power-driven  steel  pins.  The  tabulated  values 
were  developed  using  the  following  assump¬ 
tions: 

•  Steel  Fy  =  33  ksi,  Fu  =  45  ksi. 

•  Deck  profiles  match  the  typical  profiles 
given  in  SDI  Publication  No.  27  (SDI 
1989). 

•  Deck  panels  span  four  supports  (e.g., 
joists) 


•  The  number  of  diaphragm  edge  connec¬ 
tors  along  the  deck  span  is  equal  to  the 
number  of  sidelap  connectors  along  the 
deck  span. 

•  The  framing  weld  pattern  at  interior  sup¬ 
ports  is  the  same  as  at  panel  ends. 

TM  method 

The  TM  design  approach  is  also  based  on 
theory  as  well  as  full-scale  diaphragm  tests. 
The  TM  equations  address  only  two  types  of 
diaphragm  connectors  -  welds  and  button- 
punches  (button-punches  are  used  only  for 
sidelap  connections).  The  TM  does  not  in¬ 
clude  background  information  explaining  how 
the  equations  were  developed,  nor  are  there 
any  published  documents  containing  such  in¬ 
formation;  however,  the  researchers  who  de¬ 
veloped  the  equations  have  documented  the 
work  in  an  unpublished  report,  which  they 
graciously  provided  to  the  writer.  A  brief 
summary  of  that  report  follows. 

The  general  TM  equation  for  diaphragm 
shear  strength  contains  three  terms,  each  of 
which  includes  coefficients  calibrated  by  full- 
scale  testing  so  that  the  predicted  overall  dia¬ 
phragm  strength  provides  a  safety  factor  of  3.0. 
An  additional  strength  equation  (Equation  5-10) 
addresses  local  buckling  of  the  panel  edge 
flute  between  sidelap  connections.  This  equa¬ 
tion  applies  only  when  the  edge  flute  width  is 
less  than  1/2  in.,  which  is  true  for  narrow-rib 
decks.  In  fact,  the  edge  flute  width  for  inter¬ 
mediate  rib  decks  is  only  5/8  in.,  according  to 
the  SDI  profiles  given  in  Reference  4  of  the 
TM.  Therefore,  it  is  questionable  if  this  equa¬ 
tion  should  apply  for  intermediate  rib  decks 
as  well. 

The  results  presented  in  the  following 
pragraphs  were  developed  using  the  same  as¬ 
sumptions  as  described  in  section  2.1  of  the 
TM  for  the  SDI  tabulated  values,  except  the 
TM  equations  are  based  on  F  =55  ksi  in¬ 
stead  of  45  ksi. 
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Differences  between  methods 

One  general  difference  between  the  SDI 
and  TM  methods  is  that  the  SDI  method  iso¬ 
lates  fastener  properties,  so  that  their  effect 
on  diaphragm  properties  can  be  evaluated  rela¬ 
tively  quickly.  Another  general  difference  is 
that  in  the  TM  equations,  strength  and  stiff¬ 
ness  terms  are  interdependent,  while  the  SDI 
equations  address  them  separately.  Conse¬ 
quently,  the  SDI  method  makes  it  easier  to  iso¬ 
late  the  effects  of  the  individual  parameters  on 
strength  or  stiffness. 

In  addition  to  these  general  differences,  the 
following  specific  differences  in  the  SDI  and 
TM  formulations  exist.  First,  the  type  of 
deck  or  corrugation  profile  is  accounted  for  in 
both  strength  and  stiffness  calculations  for  the 
TM  (by  means  of  the  moment  of  inertia 
terms),  while  in  the  SDI  equations,  deck  type 
is  not  a  factor  in  diaphragm  strength.  Second, 
the  size  of  framing  welds  is  not  a  variable  in 
the  TM  equations  as  it  is  in  the  SDI  equations 
(the  results  presented  below  used  3/4-in.-diam 
welds  for  the  TM  values  and  5/8-in.-diam 
welds  for  the  SDI  values).  Third,  the  sheet 
steel  yield  or  ultimate  strengths  are  not  vari¬ 
ables  in  the  TM  formulas  as  they  are  accord¬ 
ing  to  SDI  (the  values  presented  below  are 
based  on  Fu  =  55  and  45  ksi  for  the  TM  and 
SDI,  respectively).  However,  according  to 
the  SDI  manual,  “In  round  welds  made  with¬ 
out  washers,  the  material  strength  F  may  not 
have  great  significance  especially  w'iien  it  is 
below  60  ksi.”  Finally,  the  factor  of  safety 
used  in  the  TM  strength  equations  is  3.0,  or 
about  10  percent  greater  than  the  SDI  safety 
factor  of  2.75. 

In  addition  to  these  differences  in  the  for¬ 
mulations  used  by  each  method,  the  results 
may  differ  due  to  factors  affecting  the  actual 
test  data  used  in  developing  each  method. 

One  such  factor  is  the  amount  of  data  gener¬ 
ated.  According  to  persons  with  knowledge 
of  the  testing  done  for  these  methods,  the  SDI 
method  is  based  on  several  hundred  tests  per¬ 
formed  within  the  last  15  years,  while  the  TM 
testing  consisted  of  less  than  100  tests  done 
in  the  1960’s.  It  stands  to  reason  that  the 


repeatability  or  reliability  of  the  TM  test  data 
would  be  more  suspect.  The  reliability  of  the 
weld  strengths  predicted  by  the  SDI  equations 
has  been  thoroughly  studied,  through  LRJFD 
analyses  based  on  many  small-scale  tests;  in 
comparison,  the  reliability  of  the  TM  weld 
strengths  is  relatively  unknown. 

Another  factor  which  could  skew  the  test 
data  is  the  quality  of  welding  used  in  the  test 
assemblies.  The  welding  done  for  the  SDI 
tests  was  reportedly  intended  to  represent 
realistic  field-type  welding.  The  test  assem¬ 
blies  used  for  the  TM  tests  were  reportedly 
welded  by  highly  skilled  welders,  for  corpo¬ 
rate  entities  (deck  manufacturers)  interested 
in  obtaining  the  maximum  performance  from 
their  product.  It  would  be  difficult  to  establish 
if,  in  fact,  the  welding  quality  differed  for  the 
two  testing  programs;  nonetheless,  it  should 
be  considered  as  a  valid  explanation  for  dis¬ 
agreement  between  the  results  of  the  two 
methods.  It  is  critical  that  welding  done  for 
diaphragm  tests  represent  field-quality  weld¬ 
ing,  since  the  performance  of  the  finished 
diaphragm  is  highly  dependent  on  the  skill  of 
the  welder.  In  fact,  the  SDI  manual  recom¬ 
mends  against  using  sidelap  welds  for  sheets 
0.0295  in.  (22-gage)  or  less  in  thickness,  due  to 
the  inherent  difficulty  of  making  such  welds. 
This  concern  about  field  welding  quality  is  es¬ 
pecially  significant  for  KCD  projects,  because 
the  contract  is  usually  awarded  to  the  low  bid¬ 
der,  who  then  performs  his  own  quality  con¬ 
trol.  Recent  experience  on  KCD  projects  has 
shown  that  contractor  quality  control  has  con¬ 
tributed  to  cases  where  construction  quality 
did  not  meet  designers’  expectations. 

Analytical  Method 

Results  were  analyzed  by  plotting  values 
for  design  shear  strength  from  the  TM  and 
SDI  equations  on  the  same  graph,  for  varying 
span  lengths.  The  data  from  SDI  equations 
were  taken  directly  from  tables  provided  in 
the  SDI  Manual.  Results  from  TM  equations 
were  generated  using  a  short  FORTRAN  pro¬ 
gram,  with  some  input  variables  calculated  by 
hand.  Program  output  was  checked  with  hand 
computations  and  output  of  other  programs. 


874 


Glatt 


CESEC91 


Results  and  Evaluation 
Typical  diaphragm 

Strength  values  for  the  typical  diaphragm 
(22-gage,  narrow-rib  deck,  36/4  framing  weld 
pattern,  2-seam  weld/span)  predicted  by  the 
SDI  and  TM  equations  are  shown  in  Figure 
3a.  The  two  curves  are  essentially  parallel, 
with  strengths  increasing  almost  linearly  as 
span  lengths  decrease.  The  SDI  values  consis¬ 
tently  exceed  the  TM  values  by  about  65  plf,  or 
about  20  percent  of  the  average  SDI  strength. 
About  one-half  of  this  difference  is  attributed 
to  the  higher  safety  factor  used  in  the  TM 
equations  (3.0  compared  to  2.75  for  the  SDI 
equations). 

Sensitivity  studies 

The  sensitivity  of  the  diaphragm  strength 
to  deck  thickness,  for  18-  and  20-gage  decks, 
is  also  shown  in  Figure  3a.  Note  that,  although 
the  shape  and  slope  of  the  curves  are  similar, 
the  TM  values  increase  substantially  more  than 
the  SDI  values,  as  deck  thickness  increases 
from  22  to  18  gage.  As  a  result,  the  two  meth¬ 
ods  agree  within  10  percent  for  the  20-gage 
deck,  and  the  TM  values  for  the  1 8-gage  deck 
range  from  10  to  30  percent  greater  than  the 
SDI  values. 

The  second  sensitivity  study  considered 
the  deck  profile.  The  SDI  strengths  shown  in 
Figure  3a  apply  to  all  deck  types.  The  TM 
values,  however,  increase  for  wide-rib  decks 
compared  to  narrow  rib  decks  (see  Figure  3b). 
This  difference  is  attributed  almost  entirely  to 
TM  Equation  5-10,  which  is  based  on  local 
buckling  of  the  panel  edge  flute.  Although 
the  SDI  equations  address  the  same  behavior 
(“strut-like  buckling,”  in  SDI  terms),  the  SDI 
equations  do  not  include  deck  type  as  a  sepa¬ 
rate  variable.  Note  that  for  22-gage  decks, 
the  influence  of  Equation  5-10  is  significant 
only  for  span  lengths  less  than  4  ft.  Thicker 
decks,  however,  are  increasing!  /  sensitive  to 
this  equation. 

The  effects  of  the  framing  weld  pattern,  the 
third  variable  studied,  arc  shown  in  Figures  4a 


and  b.  Results  shown  in  Figure  4a  show  how 
SDI  strengths  vary  for  36/7,  30/6,  36/4,  and 
30/3  patterns.  A  corresponding  set  of  curves 
for  the  TM  data  is  shown  in  Figure  4b.  For 
22-gage  decks,  the  change  in  diaphragm 
strengths  follows  the  same  trend  for  all  weld 
patterns,  according  to  both  methods,  with  the 
strength  slightly  more  sensitive  to  the  weld 
pattern  as  spans  decrease. 

Stability  checks 

Overall  buckling  of  the  diaphragm  is  an¬ 
other  failure  mode  which  was  considered. 
Both  methods  include  provisions  limiting  the 
design  strength  based  on  the  critical  buckling 
load.  Results  from  these  equations  show  that 
buckling  does  not  control  over  the  other 
strength  equations  unless  deck  spans  are  well 
over  10  ft  and  many  fasteners  are  used.  Since 
such  diaphragms  are  seldom  used  in  build¬ 
ings,  more  detailed  studies  were  not  made. 

Summary  and  Conclusions 

The  most  obvious  conclusion  indicated  by 
these  results  is  that  diaphragm  behavior  is 
complex,  due  to  the  number  and  interaction  of 
variables  involved.  It  is  difficult  to  make  gen¬ 
eral  statements  which  apply  to  all  of  the  dia¬ 
phragms  studied.  It  is  overemphasis  to  repeat 
that  the  main  purpose  of  this  report  is  to  iden¬ 
tify  areas  where  the  TM  and  SDI  methods  dis¬ 
agree,  to  pinpoint  why  the  predicted  results 
differ,  or  which  results  more  accurately  re¬ 
flect  actual  diaphragm  behavior.  With  that  in 
mind,  the  following  conclusions  were  drawn, 
based  on  the  results  presented. 

•  For  the  typical  diaphragm  (22-gage,  nar¬ 
row-rib  panels  fastened  with  few  welds), 
the  TM  equations  predict  slightly  lower 
strengths  than  the  SDI  equations. 

•  The  results  of  the  SDI  and  TM  equations 
are  equally  sensitive  to  two  of  the  vari¬ 
ables  studied,  and  support  observations 
reported  by  others  (SDI  1987).  These 
variables,  and  their  effect  on  diaphragm 
response,  are  as  follows: 
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*  Span  -  Strength  increases  almost  lin¬ 
early,  with  decreasing  span  length. 

*  Framing  weld  pattern  -  Strength  in¬ 
creases  as  the  spacing  of  framing  welds 
is  reduced. 

•  For  the  remaining  variables  studied,  the 
results  of  the  SDI  and  TM  equations  are 
not  in  good  agreement.  These  parameters 
and  their  predicted  effects  on  diaphragm 
response  are: 

*  Deck  thickness  -  Strength  increases  al¬ 
most  linearly  with  increasing  thickness 
according  to  both  methods,  but  the  TM 
equations  are  much  more  sensitive  to 
deck  thickness. 

*  Deck  type  -  According  to  the  TM  equa¬ 
tions,  wide-rib  decks  are  stronger  than 
narrow-rib  decks,  especially  for 
shorter  spans  and  thicker  decks.  The 
strengths  predicted  by  the  SDI  equa¬ 
tions  are  not  affected  by  deck  type. 

•  Assuming  that  the  TM  equations  were 
correctly  applied  when  developing  data 
for  these  comparisons,  the  reasons  the 
SDI  and  TM  results  differ  could  include 
the  following: 

*  The  data  from  the  testing  done  to  de¬ 
velop  both  methods  agree,  but  the  equa¬ 
tions  do  not  accurately  fit  the  data,  or 
the  equations  extrapolate  beyond  the 
range  of  test  data.  This  seems  unlikely 
given  the  amount  of  time  and  effort  ex¬ 
pended  in  developing  each  method. 

*  The  equations  fit  the  data,  but  the  data 
disagree  due  to  differences  in  the  meth¬ 
ods  or  models  used  in  the  testing  pro¬ 
grams.  Such  differences  include  the 
following: 

n  Framing  weld  diameter  (3/4  in.  for 
TM,  5/8  in.  for  SDI). 

n  Steel  strength  (Fu  =  55  ksi  for  TM, 
45  ksi  for  SDI). 


n  Welding  quality  (see  previous 
paragraph). 

Obviously,  more  detailed  knowledge  of 
full-scale  diaphragm  tests  is  needed  to  assess 
which  method  is  “correct”  (i.e.,  more  repre¬ 
sentative  of  most  actual  installations).  In  the 
writer’s  opinion,  the  first  two  factors  cited 
above  are  plausible  reasons  why  the  TM 
strengths  would  tend  to  increase  more  than 
the  SDI  strengths  as  deck  thickness  increases. 
However,  they  may  be  minor  compared  to  the 
third  item  -  the  welding  quality.  For  the  rea¬ 
sons  discussed  above,  the  quality  of  welding 
not  only  emphasizes  the  effects  of  the  two 
variables  just  described,  but  is  also  a  critical 
concern  because  the  value  of  the  TM  design 
method  is  questionable  if  it  is  based  on  labora¬ 
tory  conditions  that  do  not  represent  actual 
construction  practices. 

No  specific  reasons  for  the  other  major  area 
of  disagreement  -  the  effect  of  deck  type  or 
corrugation  profile  (rib  width)  on  diaphragm 
strength  -  were  found  during  this  investigation. 

Recommendations 
for  Further  Study 

Based  on  this  above  discussion,  it  is  recom¬ 
mended  that  more  detailed  evaluations  of  the 
two  methods  be  made  to  determine  which  more 
accurately  predicts  actual  behavior  of  steel  deck 
diaphragms  as  constructed  in  the  field  with  em¬ 
phasis  on  decks  of  at  least  18-gage  thickness. 
The  type  of  deck  should  also  be  investigated  to 
assess  its  influence  on  diaphragm  response.  In 
particular,  attention  should  be  given  to  the  qual¬ 
ity  of  the  welded  connections  to  determine  if 
the  tested  diaphragms  are  representative  of  real¬ 
istic  construction  practices. 
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Seismic  Structural  Engineering  Research 
at  the  Corps  of  Engineers  Laboratories 


by 

Dr.  Robert  L.  Hall 1  and  John  R.  Hayes,  Jr..  PE 2 


Abstract 

This  presentation  provides  a  brief  overview  of  the  combined  research  capabili¬ 
ties,  ongoing  research  programs,  and  planned  research  activities  at  the  US  Army 
Construction  Engineering  Research  Laboratory  (CECER)  and  the  US  Army  Engi¬ 
neer  Waterways  Experiment  Station  ( CEWES)  in  the  seismic  structural  engineering 
arena.  The  presentation  serves  as  basic  familiarization  for  those  who  are  unfamiliar 
with  the  seismic  research  activities  at  the  two  laboratories. 


Introduction 


The  US  Army  Coips  of  Engineers  (USACE) 
constructs  and  maintains  infrastructure  in  seis- 
mically  active  regions  both  in  the  United 
States  (US)  and  internationally.  In  the  US, 
both  the  large  USACE  Civil  Works  programs 
and  the  military  construction  programs  for  the 
Army  and  Air  Force  include  work  in  high  seis¬ 
mic  risk  zones;  internationally,  USACE  mili¬ 
tary  construction  programs  extend  to  high 
seismic  risk  regions.  The  military  facilities  are 
likewise  maintained  by  Engineering  an  Hous¬ 
ing  personnel  under  the  general  guidance  of  the 
Engineering  and  Housing  Support  Center 
(CEHSC).  USACE  has  also  become  involved 
in  postearthquake  disaster  recovery  efforts  in 
support  of  the  Federal  Emergency  Manage¬ 
ment  Agency. 

Because  of  this  extensive  USACE  involve¬ 
ment  in  structural  engineering  in  areas  poten¬ 
tially  affected  by  large  magnitude  earthquakes. 


CEWES  and  CECER  have  developed  seismic 
engineering  capabilities  to  perform  both  long¬ 
term  research  on  USACE-unique  problems 
and  to  assist  USACE  agencies,  principally 
CECW,  CEMP,  and  the  various  division  and 
district  offices  with  specific  technical  prob¬ 
lems  that  arise.  This  paper  concentrates  on 
the  seismic  structural  engineering  research 
and  capabilities  that  exist  at  the  two  labora¬ 
tories,  but  it  is  important  to  note  at  the  outset 
that  a  key  component  of  research,  design,  and 
analysis  in  the  seismic  field  is  geotechnical 
engineering.  At  CEWES,  the  Earthquake  En¬ 
gineering  and  Geosciences  Division  of  the 
Geotechnical  Laboratory  (CEWES-GG)  is  re¬ 
sponsible  for  seismic  research  and  analysis  to 
support  all  USACE  mission  areas,  both  mili¬ 
tary  and  civil  works.  CEWES-GG  works  in 
the  research  arena  with  structural  engineers  at 
both  CEWES  and  CECER  and  also  provides 
needed  analysis  to  support  field  activities. 


1  Structures  Laboratory,  US  Army  Engineer  Waterways  Experiment  Station,  Vicksburg,  MS. 

2  Engineering  and  Materials  Division,  US  Army  Construction  Engineering  Research  Laboratory, 
Champaign,  IL. 
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The  structural  engineering  research  activities 
at  CECER  are  conducted  by  the  Structural  Engi¬ 
neering  and  Physical  Security  Team  of  the  Engi¬ 
neering  and  Materials  Division  (CECER-EM-E); 
at  CEWES,  they  are  conducted  by  Structural 
Analysis  Group  of  the  Structural  Mechanics  Di¬ 
vision,  Structures  Laboratory  (CEWES-SS-A). 
In  general,  the  two  groups  have  separate,  but 
complementary,  research  thrusts  driven  by  his¬ 
torical  organizational  mission  areas.  At  CEWES- 
SS-A,  research  concentrates  on  technical 
issues  associated  with  the  construction  of 
large-mass  civil  works  structures  (e.g.  locks 
and  dams);  these  structures  pose  unique  foun¬ 
dation,  structural,  and  fluid-structure  interac¬ 
tion  phenomena  that  are  largely  unique  to  the 
US  ACE  Civil  Works  infrastructure,  tradition¬ 
ally  a  primary  CEWES  research  support  area. 
The  structural  work  is  complemented  by  the 
geotechnical  and  fluid-structure  interaction  ca¬ 
pabilities  found  in  other  divisions  at  CEWES. 
On  the  other  hand,  CECER-EM-E  performs 
research  related  to  building  structures,  consis¬ 
tent  with  the  traditional  CECER  research  to 
support  construction  on  military  installations. 
This  work  focuses  on  the  more  flexible  frame 
and  shear  wall  building  construction  found  at 
Army  posts  and  Air  Force  bases.  CECER 
structural  research  is  complemented  by  the  ar¬ 
chitectural,  planning,  and  other  talents  there 
that  are  required  for  successful  facility  design 
research. 

Both  CEWES  and  CECER  perform  research 
under  the  auspices  of  US  ACE-funded  research, 
development,  test,  and  evaluation  (RDT&E) 
programs  controlled  by  the  Directorate  of  Re¬ 
search  and  Development  (CERD)  and  sup¬ 
ported  by  CECW  and  CEMP.  These  programs 
are  devised  to  foster  long-term  research  focus 
in  USACE  problem  areas.  In  addition,  both  lab¬ 
oratories  have  performed,  and  continue  to  per¬ 
form,  numerous  research  projects  for  USACE 
and  other  clients  on  a  cost-reimbursable 
basis;  such  projects  tend  to  have  more  short¬ 
term  focus  that  support  the  customers  in  solv¬ 
ing  immediate  problems. 

This  paper  briefly  describes  the  seismic 
structural  engineering  research  capabilities  af 
CECER  and  CEWES,  their  recent  past  and  on¬ 


going  seismic  research  initiatives  and  their 
planned  future  research  activities.  USACE. 
and  indeed  all  federal  agencies,  have  new  im¬ 
petus  to  maintain  these  capabilities  and  pro¬ 
mote  research  on  both  building  structures  and 
civil  works  facilities  On  16  November  1990, 
Congress  passed  Public  Law  101-614,  the  Na¬ 
tional  Earthquake  Hazards  Reduction  Program 
(NEHRP)  Reauthorization  Act.  The  act  re¬ 
quires,  among  other  items,  that  “The  President 
shall  adopt,  not  later  than  December  1,  1994, 
standards  for  assessing  and  enhancing  the  seis¬ 
mic  safety  of  existing  buildings  constructed 
for  or  leased  by  the  Federal  Government 
which  were  designed  without  adequate  seis¬ 
mic  design  and  construction  standards.”  Be¬ 
yond  the  obvious  concern  that  engineers 
should  have  for  life  safety,  USACE  will  be  in¬ 
volved  with  national  efforts  to  comply  with 
this  law.  The  laboratories  can  serve  a  vital 
role  in  these  efforts. 

Seismic  Structural  Engineering 
Research  at  CEWES 

CEWES  seismic  research  has  focused  on  em¬ 
ploying  improved  and  more  rigorous  analytical 
techniques  to  be  used  in  designing  large  lock 
and  dam  structures.  Such  techniques,  and  the 
needed  geotechnical  support,  are  not  typically 
available  to  division  or  district  personnel.  Key 
areas  of  complexity  found  by  CEWES  include 
soil -fluid-structure  interaction,  temporal-spatial 
loading  phenomena  associated  with  long- 
period  seismic  waves,  and  system  response 
phenomena. 

CEWES  has  a  broad  capability  to  perform 
both  analytical  and  experimental  structural  en¬ 
gineering  research.  For  analytical  research, 
CEWES  has  a  variety  of  linear  and  nonlinear 
finite  element  programs  available  and  has 
both  minicomputer  (Silicon  Graphics  work¬ 
stations  and  MicroVax  II)  and  supercomputer 
(Cray  Y-MP)  capabilities.  A  full  contingent 
of  Field  test  personnel  and  instrumentation  is 
complemented  by  newly  acquired  forced  vi¬ 
bration  testing  equipment,  including  1,000 
and  2,000-lb  force  electrohydrauiic  inertial 
mass  shakers  (two  each),  and  three  50-lb 
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force  electrohydraulic  shakers.  This  vibration 
testing  equipment  is  further  complemented  by 
a  ruggedized  laptop  80386-based  microcom¬ 
puter  for  data  acquisition  and  analysis  and 
identification  of  linear  and  nonlinear  system 
dynamic  response  parameters.  Within  the 
CEWES  Structural  Mechanics  Division,  there 
are  38  engineers  with  68  degrees  from  22  dif¬ 
ferent  universities.  This  large,  well-qualified 
in-house  work  force  is  augmented  by  seismic 
experts  form  prominent  universities  and  pri¬ 
vate  engineering  firms.  Professors  from  the 
University  of  California  at  Berkeley,  North 
Carolina  State  University,  West  Virginia  Uni¬ 
versity,  and  Oklahoma  State  University  have 
recently  performed  various  tasks  for  CEWES 
under  contract.  Finally,  the  CEWES  Gradu¬ 
ate  Institute  affords  CEWES  the  opportunity 
to  utilize  professors  at  Mississippi  State,  Loui¬ 
siana  State,  and  Texas  Tech  universities. 

Key  Research  Projects 
Analysis  of  the  Seven  Oaks  Dam 

This  project  was  performed  for  the  US 
Army  Engineer  District,  Portland.  The  pro¬ 
posed  dam  is  a  major  flood  control  project  lo¬ 
cated  approximately  2  km  upstream  from  the 
mouth  of  the  Santa  Ana  River  Canyon,  near 
the  south  branch  of  the  San  Andreas  Fault. 

The  north  branch  of  the  fault  crosses  the  reser¬ 
voir  about  1  km  upstream  from  the  proposed 
dam  site.  The  analysis  emphasized  the  outlet 
structures  associated  with  the  dam,  including 
the  intake  tower,  which  leans  against  an  adja¬ 
cent  abutment,  and  the  gate  chamber  for  the 
dam,  which  is  embedded  in  rock  and  con¬ 
nected  to  the  tower  by  a  pressurized  tunnel. 
The  site’s  project'd  Maximum  Credible  Earth¬ 
quake  (MCE)  hao  i  peak  ground  acceleration 
(PGA)  of  0.7  g;  the  Maximum  Probable  Earth¬ 
quake  (MPE)  PGA  was  0.5  g.  Three-dimen¬ 
sional  finite  element  analyses  were  performed 
on  the  structures;  the  analyses  concentrated 
on  potential  separation  of  the  tower  and  the 
abutment,  and  associated  pounding  during  a 
major  earthquake.  Response  spectrum  analy¬ 
ses  were  performed  on  the  gate  chamber;  re¬ 
sponse  spectrum  analyses  and  time-history 
analyses  were  performed  on  the  intake  tower. 


Unique  features  of  the  analyses  included 
three-dimensional  ground  motion  input, 
added  mass  to  account  for  reservoir  effects, 
and  inclusion  of  rock  abutment  flexibility. 

Analysis  of  the  Folsum 
Concrete  Gravity  Dam 

This  project  was  performed  for  the  US 
Army  Engineer  District,  Sacramento.  The 
dam  is  located  on  the  American  River,  about 
20  miles  upstream  from  the  city  of  Sacramento, 
CA.  The  seismic  safety  of  the  structure  was 
evaluated  for  a  magnitude  6.5  earthquake’s 
occurring  on  the  East  Branch  of  the  Bear 
Mountains  Fault  Zone;  anticipated  PGA  was 
0.35  g.  The  analysis  focused  on  the  concrete 
gravity  dam  section  of  the  overall  project.  It 
used  a  state-of-the-art  twodimensional  finite 
element  analysis  technique  developed  by  the 
University  of  California  at  Berkeley,  EGAD- 
84,  to  determine  the  maximum  principal  ten¬ 
sile  stresses  in  the  outer  faces  of  the  dam. 
Based  on  these  analyses,  CEWES  concluded 
that  the  dam  will  maintain  its  integrity  during 
and  after  the  anticipated  earthquake. 

General  analysis  of  overturning 
stability  of  intake  towers 

Since  the  intake  tower  is  a  key  component 
of  any  dam  system,  and  its  relatively  high  cen¬ 
ter  of  gravity  provides  a  large  potential  for 
overturning,  CEWES  undertook  a  study  to  de¬ 
velop  simplified  rational  methods  of  determin¬ 
ing  overturning  potential  using  the  spectral 
accelerations  and  velocities  associated  with 
first  mode  responses  of  intake  towers  to  seis¬ 
mic  ground  motions. 

Simplified  seismic  analysis 
of  concrete  gravity  dams, 
including  foundation  stiffness 

In  research  for  CEWES  by  North  Carolina 
State  University,  a  two-dimensional  finite  ele¬ 
ment  model,  SDFDAM,  was  developed.  The 
model  uses  the  key  observations  that  horizon¬ 
tal  ground  motions  and  first-mode  structural 
responses  are  the  most  significant  parameters 
in  dam  load-response  analyses  to  simplify 
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calculational  procedures.  Structural  re¬ 
sponses  are  modified  to  account  for  rock-foun¬ 
dation  and  structure-water  interactions. 

Olmsted  Lock  preliminary  dynamic 
analysis 

This  project  was  performed  for  the  US 
Army  Engineer  District,  Louisville.  CEWES 
used  the  commercial  nonlinear  dynamic  finite 
element  analysis  program  ADINA  to  perform 
this  analysis.  The  analysis  was  again  a  two- 
dimensional  approach.  The  unique  aspect  of 
this  project  was  that,  unlike  any  other  civil 
works  projects  in  areas  of  potentially  high  seis¬ 
micity,  the  proposed  structure  was  founded  on 
piles,  which  had  to  be  simulated  in  the  analysis. 

Seismic  vulnerability  analyses  of  strategic 
air  command  bases  in  California.  Headquar¬ 
ters,  Strategic  Air  Command  (HQ  SAC)  sup¬ 
ported  this  project.  The  work  was  performed 
jointly  by  CECER  and  CEWES.  This  project 
consisted  of  preliminary  seismic  vulnerability 
screening  and  analyses  of  the  facilities  at  Beale, 
Castle,  and  March  Air  Force  Bases.  CEWES- 
GG  performed  geotechnical  evaluations  to  de¬ 
termine  anticipated  PGA  for  the  analyses. 
CEWES-SS-A  and  CECER-EM-E  jointly  per¬ 
formed  site  visits  to  perform  preliminary 
screenings.  CECER-EM-E  led  the  structural 
analysis  work,  assisted  by  CEWES-SS-A. 

CEWES-SS-A  has  developed  a  comprehen¬ 
sive  long-range  seismic  research  program  that 
concentrates  upon  improved  design  and  analy¬ 
sis  procedures  for  Civil  Works  structures  and 
has  begun  developing  closer  ties  to  other  fed¬ 
eral  agencies  involved  in  seismic  research, 
particularly  the  National  Institute  of  Standards 
and  Technology  (NIST)  and  the  National  Sci¬ 
ence  Foundation.  Key  proposed  research  pro¬ 
jects  include: 

•  Seismic  response  of  locks.  This  pro¬ 
gram  would  develop  formalized  proce¬ 
dures  for  seismic  analyses  of  locks.  New 
guidance  would  cover  selecting  optimum 
analysis  methods,  applying  external 
loads,  and  determining  whether  two-di¬ 
mensional  or  three-dimensional  models 
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are  required.  Added  computational  tools 
would  also  be  developed.  Proposed  for 
FY92-FY96. 

•  Seismic  response  of  reinforced  con¬ 
crete  structures.  This  project  would  de¬ 
velop  comprehensive  design  guidance  for 
Civil  Works  reinforced  concrete  stric¬ 
tures.  Special  attentions  would  be  paid 
to  reinforcement  details,  ductility  require¬ 
ments,  and  shear  strength.  Proposed  for 
FY92-FY95. 

•  Seismic  response  of  dams.  This  project 
concentrates  upon  bringing  state-of-the- 
art  research  results  together  in  a  design 
guidance  document  Topics  to  be  covered 
include  response  spectra  criteria,  effects 
of  traveling  seismic  waves  on  long  struc¬ 
tures,  effects  of  reservoir  bottom  absorp¬ 
tion,  stability,  nonlinear  structural  effects, 
effects  of  vertical  ground  motion  compo¬ 
nents,  and  calculation  of  traditional  mo¬ 
ment,  shear,  and  thrust  values  from  finite 
element  calculations. 

•  Seismic  response  of  outlet  works.  This 
project  will  develop  design  and  analysis 
procedures  for  intake-outlet  structures. 
The  project  will  key  on  recent  research 
results  at  the  University  of  California  at 
Berkeley,  in  which  water  mass  effects  on 
intake  towers  were  studied.  In  addition, 
the  interactions  of  intake  towers  with 
their  access  bridges  will  be  analyzed. 
Proposed  for  FY93-FY97. 

•  Seismic  structural  risk  analysis.  This 
project  will  apply  structural  engineering 
reliability  analysis  procedures  to  Civil 
Works  structural  design  and  evaluation. 
The  vehicle  for  initiating  the  project  will 
be  a  workshop  of  refiability  analysis  ex¬ 
perts.  Ultimately,  a  microcomputer- 
based  procedure  will  be  developed  to 
assist  engineers.  Proposed  for  FY93- 
FY97. 

•  Urban  search  and  rescue.  This  project 
will  develop  guidance  for  employing  ex¬ 
pedient  measures  to  aid  in  search  and  res¬ 
cue  for  victims  trapped  in  structures  after 
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natural  disasters  occur.  The  guidance 
will  cover  rapid  shoring,  excavating,  and 
cutting  techniques.  Proposed  for  FY92- 
FY96. 

Seismic  Structural  Engineering 
Research  at  CECER 

Seismic  structural  engineering  research  at 
CECER  has  emphasized  building  structures. 
The  majority  of  CECER’s  seismic  research 
since  1970  has  centered  upon  supporting  de¬ 
sign  guidance  that  is  disseminated  through  the 
triservice  technical  manuals,  TM  5-809-10, 
“Seismic  Design  for  Buildings”;  TM  5-809- 
10-1,  “Seismic  Design  Guidelines  for  Essen¬ 
tial  Buildings”;  and  TM  5-809-10-2,  “Seismic 
Design  Guidelines  for  Upgrading  Existing 
Buildings”  (Headquarters,  Department  of  the 
Army,  1982,  1986,  and  1988,  respectively). 
From  FY72  through  FY88,  CECER  produced 
a  series  of  approximately  20  technical  reports 
on  seismic  design  of  building  structures,  most 
of  which  led  directly  to  procedures  outlined 
in  the  triservice  manuals. 

A  unique  combination  of  factors  has  influ¬ 
enced  the  evolution  of  the  CECER  seismic  re¬ 
search  program.  First,  the  nearby  University 
of  Illinois  at  Urbana-Champaign  (UIUC),  with 
its  renowned  structural  engineering  research  ca¬ 
pabilities,  has  been  a  solid  seismic  research 
partner;  UIUC  professors  have  worked  under 
contractual  arrangements,  as  informal  mentors 
and  as  cooperative  research  partners  with 
CECER-EM-E.  In  addition,  UIUC  graduate 
students  frequently  work  as  graduate  assistants 
to  the  eight  full-time  CECER-EM-E  structural 
researchers,  providing  valuable  assistance  and 
insights.  The  UIUC  laboratory,  computational, 
and  library  facilities  are  also  available  to  CECER 
staff  members;  and,  CECER  engineers  can  take 
graduate  courses  on  campus.  The  second  unique 
characteristic  at  CECER  is  the  presence  of  the 
Biaxial  Shock  Test  Machine  (BSTM),  one  of 
this  country’s  three  large  public  sector  shaking 
tables.  The  BSTM  is  a  valuable  tool  that  can 
be  used  to  simulate  earthquake  ground  motion 
effects  on  model  structures  and  structural  com¬ 
ponents.  The  BSTM  is  complemented  by  a 
large  structural  load  floor  and  associated  test¬ 


ing  equipment,  including  several  load  actuators 
and  a  1,000,000-lb  MTS  load  frame.  CECER 
has  balanced  these  academic  and  experimental 
capabilities  with  contract  access  to  prominent 
US  engineering  firms.  Finally,  CECER-EM- 
E  is  complemented  by  the  other  building  re¬ 
search  talents  within  CECER,  especially  the 
architectural  and  construction  engineering  tal¬ 
ents  that  link  structural  engineering  research 
to  the  comprehensive  design,  construction, 
and  maintenance  processes  associated  with 
military  construction. 

With  the  obvious  emphasis  that  is  being 
placed  upon  evaluating  and  upgrading  exist¬ 
ing  facilities,  the  CECER  seismic  research 
program  has  placed  increased  emphasis  on  ex¬ 
isting  construction. 

Recent  Research  Efforts 

Seismic  instrumentation  plans 
and  preliminary  seismic  vulnerability 
assessments  for  Fort  Lewis 

This  research  was  supported  by  CEMP-ET. 
CECER  had  earlier  performed  research  pro¬ 
jects  to  develop  the  procedures  outlined  in 
TM  5-809-10-2  for  evaluating  existing  facil¬ 
ity  vulnerabilities.  This  project  used  those 
procedures  to  perform  a  preliminary  assess¬ 
ment  at  Fort  Lewis.  In  the  process,  CECER 
surfaced  the  potential  vulnerabilities  of  unre¬ 
inforced  masonry  construction  found  in  many 
historically  significant  structures. 

Seismic  evaluation  for  Fort  Ord 

This  research  was  supported  by  CEMP-FT. 
CECER  had  previously  performed  prelimi¬ 
nary  vulnerability  analyses.  In  this  project, 
CECER  performed  detailed  seismic  analyses 
on  several  facilities  and  developed  structural 
upgrading  concepts. 

Preliminary  seismic  analysis 
of  Presidio  of  San  Francisco 

This  project  was  also  funded  by  CEMP- 
ET.  CEMP-ET  asked  that  CECER  employ  a 
rapid  seismic  analysis  procedure  developed 
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by  the  Naval  Civil  Engineering  Laboratory  to 
perform  vulnerability  analyses,  both  to  verify 
the  model  and  to  determine  Presidio  seismic 
vulnerabilities. 

Seismic  instrumentation  systems 

Funded  by  CEMP-ET,  CECER  installed  ac¬ 
celerometers  in  key  locations  in  the  hospital 
facilities  at  Fort  Ord,  the  Presidio  of  San  Fran¬ 
cisco,  and  Fort  Campbell.  The  1989  Loma 
Prieta  earthquake  triggered  the  systems  at 
both  California  installations,  providing  valu¬ 
able  structural  response  data.  CECER  is  ana¬ 
lyzing  the  data  for  its  significance  in  refining 
structural  response  models. 

Seismic  vulnerability  analyses 
of  strategic  air  command  bases 
in  California 

This  was  a  cooperative  project  with 
CEWES  and  was  described  earlier  in  this 
paper.  CECER  is  producing  summary  reports 
of  the  work  in  the  analyses. 

Seismic  retrofit  techniques 
for  existing  concrete  buildings 

This  is  an  ongoing  CERD-funded  RDT&E 
project.  The  multiyear  research  program  fo¬ 
cuses  on  two  separate,  but  related,  areas.  The 
first  is  base  isolation  technology  in,  primarily, 
retrofit  applications;  the  CECER  goal  is  to 
develop  a  standard  triaxial  testing  device  and 
associated  test  procedures  for  off-the-shelf 
base  isolation  hardware.  There  is  no  current 
standard  procedure  for  designers  to  use  in  em¬ 
ploying  base  isolation,  a  situation  that  has  dis¬ 
couraged  its  use.  Parallel  with  this  is  a  major 
research  effort  to  develop  appropriate  retrofit 
techniques  for  nonductile  concrete  frames, 
which  are  inherently  vulnerable  to  seismic  mo¬ 
tions.  The  Army  and  Air  Force  have  hundreds 
of  buildings  of  this  type  that  were  constructed 
before  the  mid- 1970’s;  particularly  in  seismic 
zones  3  and  4,  they  are  very  vulnerable.  Cur¬ 
rent  research  centers  on  testing  beam-column 
subassemblages  on  the  BSTM  to  understand 
their  actual  behavior  characteristics;  follow-on 
research  will  examine  retrofit  techniques  that 


minimize  intrusion  on  building  functions,  such 
as  viscoelastic  damping  mechanisms.  CECER 
is  performing  the  research  jointly  with  the  Uni¬ 
versity  of  Illinois,  which  has  received  funding 
from  the  National  Center  for  Earthquake  Engi¬ 
neering  Research  for  its  efforts  on  the  project 
and  to  construct  some  of  the  test  specimens. 

Biaxial  response  relationships 
of  concrete  frame  systems 

This  is  an  FY9I  new  start  project  that  has 
two  primary  thrusts.  Both  the  Army  and  Air 
Force  have  many  concrete  frame  buildings, 
many  of  which  have  structural  masonry  infills 
that  significantly  modify  frame  responses  to 
earthquake  motions.  The  first  thrust  is  to  ana¬ 
lyze  via  scaled  testing  on  the  BSTM  both  the 
in-plane  and  out-of-plane  behavior  of  ma¬ 
sonry  infills.  CECER  is  performing  this  work 
jointly  with  the  University  of  Illinois.  While 
CECER  will  perform  the  dynamic  tests,  the 
University  is  performing  full-scale  static  tests 
of  the  same  systems;  that  work  is  funded  by 
the  National  Science  Foundation.  The  other 
major  thrust  in  this  project  is  the  definition  of 
torsional  behavior  in  nonductile  concrete 
frame  facilities  typical  of  older  military  con¬ 
struction  and  subsequent  development  of  opti¬ 
mization  techniques  for  placing  retrofit 
systems  that  minimize  torsional  responses. 

Shear  strength  of  multiwythe 
masonry  walls 

This  project  examines  the  inherent  in-plane 
shear  strengths  of  multiwythe  load-bearing 
brick  wall  systems  through  test  specimen  test¬ 
ing  on  the  CECER  structural  load  floor.  Such 
walls  are  typical  in  historical  facilities  found  at 
Fort  Lewis  and  other  posts,  and  they  form  the 
primary  lateral  force  resisting  systems  in  the  fa¬ 
cilities.  Preliminary  indications  are  that  the  in- 
plane  shear  strength  of  these  systems  does  not 
vary  linearly  with  the  number  of  wythes  pres¬ 
ent.  This  project  will  better  enable  strength  as¬ 
sessments  of  existing  facilities  to  be  made. 

As  a  follow-on  to  the  initial  project,  CECER 
will  repair  the  test  samples  and  reload  the 
walls  to  analyze  the  effectiveness  of  existing 
repair  techniques. 
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Improved  rapid  seismic 
analysis  procedure  (RSAP) 

This  is  a  recent  new  start  project  in  the  cen¬ 
trally  funded  Small  Business  Innovative  Re¬ 
search  (SBIR)  program.  The  existing  RSAP, 
which  is  recommended  by  TM  5-809-10-2  for 
evaluating  existing  structures,  was  developed 
by  the  Naval  Civil  Engineering  Laboratory  in 
the  early  1980’s  for  use  on  microcomputers. 
Both  microcomputer  technology  and  structural 
engineering  have  made  significant  advances 
since  then.  CECER  experience  with  seismic 
vulnerability  assessments  shows  the  existing 
RSAP  model  provides  inadequate  definition  of 
structural  response.  This  project  focuses  on  pro¬ 
viding  current  technology  analytical  capabili¬ 
ties  for  simplified  analyses  that  indicate 
whether  potential  structural  damage  justifies 
more  rigorous  dynamic  nonlinear  analyses  for 
thoroughly  assessing  existing  facilities. 

Use  of  shape  memory  alloys  in  active  seis¬ 
mic  control  of  building  structures.  This  proj¬ 
ect  will  be  a  late  FY91  new  start  project  in 
the  SBIR  program.  In  this  project,  CECER 
will  explore  the  use  of  rare-earth  alloys  that 
exhibit  magnetostrictive  characteristics  (i.e., 
they  change  their  lengths  by  large  amounts 
when  subjected  to  electric  currents)  in  building 
structures.  Such  materials  may  be  fabricated 
into  secondary  frame  member  inserts  to  alter 
building  story  lateral  stiffnesses  on  demand, 
thus  altering  dynamic  responses  to  seismic 
ground  motions.  Basic  research  has  shown 
these  materials  to  exhibit  large  current-in¬ 
duced  strains,  rapid  mechanical  response,  low 
hysterisis,  variable  elastic  moduli,  and  high 
electrical  efficiency.  Initial  studies  will  cen¬ 
ter  on  the  materials  themselves;  later  research 
will  include  appropriate  control  mechanisms. 

CECER  has  set  a  number 
of  ambitious  goals  for  itself 
for  the  upcoming  years 

First,  in  its  multiyear  CERD-supported 
RDT&E  plans,  seismic  upgrading  of  existing  fa¬ 
cilities  receives  increased  emphasis;  with  the 
dominant  military  construction  materials  being 
reinforced  concrete  (frames)  and  masonry,  the 


research  program  will  emphasis  them.  Second, 
CECER  is  seeking  multiagency  federal  support 
for  constructing  a  base  isolator  test  facility  that 
could  be  used  to  develop  national  standards  for 
base  isolator  implementation  in  construction. 
Third,  CECER  is  working  with  the  UIUC,  the 
University  of  Michigan,  the  University  of  Min¬ 
nesota,  and  the  University  of  Texas  at  Austin, 
to  develop  a  central  US  consortium  for  building 
seismic  research;  the  consortium  will  empha¬ 
size  cooperative  research  initiatives  and  key  on 
experimental  research  involving  the  BSTM  in 
an  upgraded  triaxial  configuration.  This  will 
provide  the  opportunity  to  leverage  limited 
USACE  research  funding  with  that  of  the  Na¬ 
tional  Science  Foundation  and  others.  Last, 
and  perhaps  most  significant,  CECER-EM-E 
is  working  to  develop  closer  ties  to  the  prac¬ 
ticing  engineering  communities,  both  within 
the  Army  and  without.  CEMP-ET  has  recently 
requested  a  proposal  from  CECER-EM-E  to 
develop  an  Army-wide  plan  for  compliance 
with  the  new  public  law;  this  work  should  ex¬ 
pand  CECER-EM-E  contacts  from  those  al¬ 
ready  in  place  (CEMP-ET,  CEHSC,  CESPD, 
CENPD,  CEMRD  and  CESPK)  to  include  other 
key  players.  Since  the  building  construction 
found  on  military  installations  is  not  peculiar 
to  the  military,  CECER-EM-E  is  broadening 
its  federal  agency  contact  base  through  closer 
involvement  with  members  of  the  Interagency 
Committee  on  Seismic  Safety  in  construction; 
prominent  partners  include  the  National  Insti¬ 
tute  for  Standards  and  Technology,  the  Na¬ 
tional  Science  Foundation,  the  General 
Services  Administration,  the  Department  of 
Veterans  Affairs,  the  State  Department,  and 
our  sister  services,  the  Air  Force  and  Navy. 
Key  proposed  research  projects  include: 

Seismic  retrofit  techniques 
for  existing  concrete  buildings 

The  technical  aspects  of  this  project  were 
described  previously.  The  ultimate  goal  of 
the  project  is  to  develop  comprehensive  struc¬ 
tural  upgrading  approaches  for  existing  non- 
ductile  concrete  frame  facilities  that  provide 
adequate,  economic  seismic  safety  but  are  not 
disruptive  to  facility  functions.  Ongoing  proj¬ 
ect,  with  anticipated  completion  in  FY94. 
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Biaxial  response  relationships 
of  concrete  frame  systems 

The  technical  aspects  of  this  project  were 
described  earlier  in  the  paper.  This  project  is 
a  6.1  (basic!  research  initiative.  It  will  transi¬ 
tion  into  more  applied  research  that  will  de¬ 
velop  sufficient  characterization  of  masonry 
infill  responses  to  in-plane  and  out-of-plane 
loads  and  of  reinforced  concrete  frame  behav¬ 
ior  under  combined  in-plane/out-of-plane  mo¬ 
tions  to  develop  upgrade  design  criteria. 
Ongoing  project,  with  anticipated  completion 
in  FY93. 

Repair/strengthening  of  unreinforced 
and  underreinforced  masonry 

With  the  predominance  of  older  masonry 
construction  on  military  installations,  suitable 
means  of  strengthening  masonry  wall  sys¬ 
tems,  both  as  preearthquake  strengthening 
and  as  post-earthquake  repair,  are  needed. 

This  project  will  assess  experimentally  the  ad¬ 
equacy  of  proposed  strengthening  techniques 
and  develop  guidance  for  field  applications. 
Proposed  for  FY92-FY94. 

Seismic  vulnerability  assessment 
of  nonstructurai  components 

Most  vulnerability  research  efforts  center 
on  structural  systems.  This  project  will  exam¬ 
ine  critical  nonstructurai  items  in  typical  facil¬ 
ities  that  could  cause  injury  or  loss  of  life  if 
they  fail  in  an  earthquake.  The  study  will  ex¬ 
amine  life-support  systems  in  hospitals  for 
their  vulnerabilities  and  the  dynamic  response 
characteristics  of  key  facility  hardware  (e.g. 
suspended  ceilings,  ductwork,  architectural 
details,  etc.)  through  analysis  and  experiment 
to  develop  procedures  for  assessing  system 
seismic  vulnerabilities.  Proposed  for  FY93- 
FY95. 

Decision  matrix 
for  seismic  upgrading 

With  the  anticipated  emphasis  on  upgrad¬ 
ing  existing  facilities  in  the  future,  more  ade¬ 
quate  means  of  performing  cost-benefit 


analyses  for  different  upgrade  options  are 
needed.  This  project  will  develop  more  accu¬ 
rate  means  of  assessing  all  costs  associated 
with  proposed  upgrade  schemes,  both  actual 
monetary  costs  and  intangible  costs  (e.g.  mis¬ 
sion  disruption).  Proposed  for  FY95-FY97. 

Seismic  protection 

for  nonstructurai  components 

This  project  will  be  a  successor  to  the  as¬ 
sessment  project  already  described.  Once 
vulnerabilities  are  identified  in  an  existing  fa¬ 
cility  or  during  the  design  of  a  new  facility, 
appropriate  mounting  and  internal  structure 
details  for  nonstructurai  components  are  re¬ 
quired.  This  project  will  employ  both  analyti¬ 
cal  and  experimental  means  to  develop  less 
seismically  vulnerable  systems,  ultimately  re¬ 
sulting  in  design  guidance  for  field  applica¬ 
tion.  Proposed  for  FY96-FY98. 

Retrofit  of  precast  concrete 
wall  system  connections 

This  project  will  develop,  analyze,  and  test 
strengthening  schemes  for  existing  precast 
wall  panel  connections  that  will  permit  sub¬ 
stantial  seismic  motion  and  associated  struc¬ 
tural  ductility.  Many  existing  tilt-up  panel 
structures  on  military  installations  are  poorly 
detailed  in  the  regions  where  the  panels  con¬ 
nect  to  primary  framing  systems,  potentially 
leading  to  catastrophic  failures.  Proposed  for 
FY97-FY99. 

Conclusion 

In  the  decade  ahead,  seismic  engineering 
is  likely  to  assume  a  more  important  role  in 
USACE  design  and  construction  activities, 
both  because  of  growing  life  safety  concerns 
and  because  of  legislative  initiatives.  While 
most  new  construction  will  not  pose  significant 
challenges  simply  because  building  codes  and 
associated  USACE  design  guidance  now  in¬ 
clude  significant  seismic  design  requirements, 
the  large  inventory  of  existing  military  and 
civil  works  structures  built  before  the  1970's 
code  changes  will  require  examination  and 
possible  upgrading.  CECER  and  CEWES 


have  significant  research  capabilities  that  can 
be  focused  on  the  challenges,  both  individu¬ 
ally  and  in  concert,  and  both  laboratories 
have  proposed  major  research  programs  to  ad¬ 
dress  some  of  the  more  significant  shortcom¬ 
ings  in  current  US  ACE  procedures.  The 


decade  poses  a  unique  opportunity  for 
CECER  the  CEWES,  and  other  USACE  part¬ 
ners,  to  work  together  in  solving  and  nation’s 
infrastructure  problems,  both  in  the  seismic 
field  and  others. 
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Overview  of  CPAR/REMR 


by 

William  E.  Roper 1 


Overview  of  the  First  Three 
Years  of  the  Construction 
Productivity  Advancement 
Research  Program  (CPAR) 

Products  are  now  being  developed  and 
transferred  into  application  from  the  first  two 
years  of  the  program.  The  selection  of  the 
next  group  of  partners  for  the  FY91  program 
is  almost  completed.  These  innovative  tech¬ 
nologies  will  have  a  significant  impact  for  im¬ 
proving  productivity  in  the  construction 
industry. 

The  1989  program  consisted  of  16  projects, 
utilizing  $2.73  million  from  the  Corps  and 
$9.09  million  from  industry  partners.  In 
FY90  the  Corps  provided  $3,828  million  as 
its  contribution  to  the  cost-shared,  cooperative 
R&D  effort.  Construction  industry  partners 
contributed  $5,155  million,  for  a  total  pro¬ 
gram  of  $8,983  million.  Average  duration  of 
the  projects  is  two  years. 

The  13  projects  in  the  FY90  program  in¬ 
volved  22  firms  and  organizations  and  were 
selected  from  more  than  180  R&D  proposals 
made  to  Corps  laboratories.  The  CPAR  Exec¬ 
utive  Committee,  made  up  of  senior  Corps 
headquarters  executives,  selected  the  final  13 
projects  using  the  CPAR  Criteria  for  Evalua¬ 
tion,  which  emphasizes  benefits  to  construc¬ 
tion  productivity  and  Corps  missions,  and 
includes  other  actors  such  as  ease  of  adoption 
and  technology  transfer,  chance  of  success, 
project  duration,  and  cost. 

The  FY90  projects  included  an  innovative 
asphalt  repaving  process,  development  of 


light-weight  concrete  masonry  units,  improved 
design  procedures  for  masonry  construction, 
evaluation  of  improved  concretes,  including 
the  use  of  recycled  thermoplastics,  and  pro¬ 
cesses  for  bioremediation  of  hydrocarbon-con¬ 
taminated  soils  and  groundwater.  Substantial 
benefits  are  expected  from  the  project  when 
put  into  use  in  the  construction  industry,  rang¬ 
ing  from  20  percent  or  greater  reductions  in 
cost  to  reduction  in  job-site  injuries. 

The  organizations  participating  in  the  FY89 
and  90  programs  are  a  cross-section  of  the 
construction  industry,  and  include  engineering 
firms,  equipment  and  material  manufacturers/ 
suppliers,  trade  and  professional  groups,  aca¬ 
demic  institutions,  state  and  local  agencies, 
and  utility  companies. 

REMR:  Summary 
of  Accomplishments  and 
a  Look  to  the  Future 

The  primary  objective  of  the  Repair, 
Evaluation  Maintenance,  and  Rehabilitation 
(REMR)  Research  Program  was  to  identify 
and  develop  effective,  affordable  technology 
for  maintaining  and  extending  the  service  life 
of  existing  Corps  civil  works  structures.  Al¬ 
though  Corps  needs  were  the  driving  force  be¬ 
hind  the  research  conducted,  much  of  the 
results  have  application  outside  of  the  Corps. 
Accordingly,  another  of  the  Corps’  objective 
was  to  make  REMR  research  results  available 
to  other  Federal  agencies,  state  and  local  gov¬ 
ernments,  and  the  private  sector.  A  com¬ 
prehensive  technology  transfer  program  was 
developed  to  publicize  research  results  to  in¬ 
ternal  and  external  audiences. 


Directorate  of  Research  and  Development,  Headquarters,  US  Army  Corps  of  Engineers,  Washington, 
DC. 
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The  REMR  Research  Program  as  originally 
planned  was  successfully  completed  in  FY89 
on  schedule  and  within  budget.  It  has  clearly 
demonstrated  the  benefits  of  research  in  getting 
more  value  for  the  dollars  spent  on  REMR  ac¬ 
tivities.  During  the  final  year  of  the  research 
program,  savings  ;n  excess  of  $40  million  were 
attributed  to  the  use  of  REMR-developed  tech¬ 
nology.  These  saving  were  from  first  time  uses 
of  only  a  portion  of  the  technology  produced 
and  did  not  include  other  benefits  such  as  im¬ 
proved  safety  and  reliability,  reduced  opera¬ 
tional  manpower  requirements,  and  improved 
operational  capabilities.  Additional  savings 
and  benefits  accrue  each  time  the  technology 
is  used  and  with  estimated  savings  over  the 
next  five  years  exceeding  $200  million. 

Because  of  the  successes  of  REMR,  the 
high  demand  for  its  products  both  within  and 
outside  the  Corps,  and  the  opportunity  for  sim¬ 
ilar  successes  on  other  REMR-type  problems, 
we  initiated  a  REMR-I1  Research  Program. 


We  expect  the  program  to  continue  for  seven 
years  with  an  added  cost  of  $35  million.  Dur¬ 
ing  this  time  frame,  REMR-II  will  address 
new  and  different  needs  which  have  been 
identified  by  Corps  field  offices.  It  will  con¬ 
centrate  on  problems  and  areas  which  have 
the  potential  for  large  payoffs  and  widespread 
application. 

A  few  examples  include  studies  of  new 
concepts  in  maintenance  and  repair  of  concrete 
structures,  precast  concrete  for  repair  and  re¬ 
habilitation  of  structures  other  than  lock 
walls,  evaluation  of  new  repair  materials,  and 
nondestructive  evaluation  systems  for  diverse 
applications.  Studies  will  also  be  initiated  on 
levee  rehabilitation  and  the  effects  of  vegeta¬ 
tion  on  levee  reliability,  new  cost-effective 
reservoir  shoreline  erosion  control  proce¬ 
dures,  new  developments  in  seismic  stability 
analysis,  acoustic  emissions  monitoring  for 
geotechnical  applications,  and  methods  to  re¬ 
duce  rock  erosion  in  spillway  channels. 
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Methodology  for  a  Reliability-Based  Condition 
and  Evaluation  of  Navigation  Structures 

by 

Dr.  Mary  Ann  Leggett 


Abstract 

A  regional  assessment  of  future  modernization  needs  by  Corps  of  Engineers 
Division  offices  with  significant  inland  navigation  missions  was  requested  in  1989 
by  the  Director  of  Civil  Works,  US  Army  Corps  of  Engineers  (HQUSACE).  Due  to 
the  limited  amount  of  funding  available  for  maintenance,  rehabilitation,  or  replace¬ 
ment  of  aging  navigation  structures,  these  assessments  would  aid  in  forming  a 
nationwide  planning  and priorization  system.  In  1 990,  the  Inland  Waterways  User ’s 
Group  began  formulation  of  this  information  into  an  economic  traffic-based  na¬ 
tional  assessment  model,  General  Equilibrium  Model  ( GEM ).  As  work  on  GEM 
progressed,  the  user’s  group  realized  that  a  navigation  structure ’s  condition  should 
also  be  considered.  In  the  final  months  of  fiscal  year  1990,  the  Structures  Branch 
of  Engineering  Division  at  HQUSACE  brought  together  a  multi-discipline  team  to 
determine  the  feasibility  of  modeling  a  navigation  structure’s  condition.  This  team 
established  the  basis  of  a  methodology  for  a  reliability-based  engineering  assess¬ 
ment  model  for  navigation  systems.  The  purpose  of  this  paper  is  to  present  the 
findings  of  the  multi-discipline  team  and  to  review  progress  to  date  on  this  reliability- 
based  method. 


Introduction 

The  condition  of  the  Nation’s  navigation 
system  has  a  widespread  effect  on  the  country’s 
economy,  as  its  cargo  includes  agricultural, 
petroleum,  and  forest  products,  coal,  crude  oil, 
and  industrial  chemicals.  In  addition  to  carrying 
over  15  percent  of  the  Nation’s  intercity  freight, 
transportation  by  water  impacts  international 
commerce  by  carrying  exports  to  coastal  harbors. 
Like  all  other  transportation  routes,  there  is  a 
tremendous  expense  associated  with  delays  or 
suspension  of  operation  on  the  waterways. 

The  infrastructure  of  the  inland  navigation 
system  is  currently  deteriorating  due  to  aging 


of  the  system’s  structures.  Many  of  these 
structures  have  exceeded  their  design  life  and i 
or  capacity,  and  major  maintenance  work  is 
necessary  to  keep  them  operational.  As  each 
structure  ages,  its  maintenance  cost  increases 
Locks  1  and  2  on  the  Kentucky  River  are  ap¬ 
proximately  150  years  old,  while  Lock  and 
Dam  26  (Melvin  Price)  is  less  than  3.  Al¬ 
though  the  median  age  is  approximately  37, 
more  than  40  percent  of  the  structures  are 
over  50  years  old.  Fifty  years  was  the  design 
life  for  most  structures.  Performance  below 
satisfactory  levels  could  occur  at  any  time, 
further  straining  an  overloaded  system.  An 
additional  consideration  is  that  the  structures 
in  a  particular  waterway  were  generally  built 


1  Information  Technology  Laboratory,  US  Army  Engineer  Waterways  Experiment  Station,  Vicksburg,  MS. 
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at  the  same  time,  compounding  the  situation 
for  Corps  Divisions  such  as  the  Ohio  River 
and  Lower  Mississippi  VaJley  Divisions.  Also, 
generally  the  size  of  the  currently  used  tows  is 
greater  than  that  for  most  of  the  older  locks. 

Major  capital  requirements  will  be  needed 
for  rehabilitation  and  modernization  of  the  in¬ 
land  navigation  system.  Presently,  revenue 
for  major  projects  is  provided  by  allocation  in 
the  Federal  budget  and  by  usage  of  the  fuel 
taxes  placed  in  the  Inland  Waterways  Trust 
Fund.  Available  funding  will  not  be  sufficient 
to  meet  all  of  the  system’s  requirements. 

Solution  Objective 

A  long-term  investment  strategy  is  needed 
for  identifying  and  prioritizing  the  critical 
needs  within  the  inland  navigation  system. 
When  considering  investment  decisions  for 
navigation  structures,  three  main  areas  need 
to  be  addressed: 

•  Planning  for  future  rehabilitation  work. 

•  Current  operation  and  maintenance  work. 

•  Design  for  future  modernization  needs. 

Therefore,  the  purpose  of  this  initial  study  was 
to  establish  a  methodology  for  determining  an 
engineering  systems  performance  or  the  likeli¬ 
hood  (probability)  of  a  malfunction  occurring. 
Then,  this  engineering  condition-based  evalua¬ 
tion  can  be  used  in  the  determination  of  the  opti¬ 
mum  course  of  action  for  the  decision  problem 
under  the  restriction  of  limited  resources.  Addi¬ 
tionally,  it  would  provide  a  consistent  means  of 
comparing  the  relative  condition  of  different 
components  of  a  structure,  the  relative  perfor¬ 
mance  of  alternative  designs,  and  the  overall 
condition  of  different  structures. 

Reliability  Method 

Reliability  is  defined  as  the  mathematical 
probability  that  a  system  will  operate  as  re¬ 
quired.  Methods  of  reliability  have  been  used 
to  study  the  lifetime  of  systems  and  to  relate 


this  lifetime  to  factors  that  determine  perfor¬ 
mance.  Civil  engineers  have  begun  to  use  re¬ 
liability  analysis  to  permit  the  reasonable 
quantification  of  the  expected  condition  of  a 
system.  The  recent  Load  and  Resistance  Fac¬ 
tor  Design  (LRFD)  method  for  steel  structures 
utilizes  reliability  methods.  For  probabilistic 
analysis,  parameters  used  in  the  calculations  are 
treated  as  random  variables,  where  they  are  rep¬ 
resented  by  probability  distributions  rather  than 
explicit  values.  Results  from  this  probabilistic 
analysis  may  be  expressed  as  a  reliability  index. 

Traditionally,  the  safety  of  structures  and 
their  components  is  measured  in  terms  of  a 
factor  of  safety  (FS).  For  any  performance 
mode,  the  factor  of  safety  is  expressed  in  the 
form 

FS  =  C/D  (1) 

where  C  =  capacity  function  and  D  =  demand 
function  .  This  capacity  function  could  be 
strength  or  ultimate  stress,  while  applied  load 
or  applied  stress  is  represented  by  the  demand 
function.  When  capacity  is  less  than  demand, 
a  structure  will  perform  unsatisfactorily.  The 
limit  state  for  FS  is  achieved  when  capacity 
equals  demand  or 

C/D  =  1  (2) 

In  deterministic  analysis,  the  components  are 
designed  such  that  the  ratio  in  Equation  2  ex¬ 
ceeds  unity  by  some  acceptable  minimum 
value.  Therefore,  this  acceptable  value  is  de¬ 
pendent  upon  the  problem  and  performance 
mode  being  investigated. 

In  probability  analysis,  the  uncertainty  in  ca¬ 
pacity  and  demand  can  be  expressed  by  a  proba¬ 
bility  distribution  for  each  variable.  Figure  1 
depicts  general  capacity  and  demand  distributions 
and  their  limit  state.  These  probability  distribu¬ 
tions  are  constructed  by  allowing  one  or  more 
of  the  independent  variables  from  a  determinis¬ 
tic  analysis  to  be  random  variables  and  perform¬ 
ing  the  calculations  using  the  random  variables 
rather  thaw  a  single  value.  Then,  the  probability 
of  unsatisfactory  performance  P(u)  is 
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P(u)  =  P(C  <  D)  =  P(C/D  <  1 )  (3) 

and  the  reliability  R  is 

R  =  1  -  P(u)  (4) 

Usually  the  distributions  of  capacity  and  de¬ 
mand  are  unknown,  since  the  distributions  of 
the  input  parameters  on  which  they  are  based 
is  unknown.  But  if  the  mean  p  and  standard 
deviation  o  of  the  input  parameters  are 
known,  then  the  mean  and  standard  deviation 
of  capacity  and  demand  may  be  determined. 
Reliability  may  then  be  expressed  as  a  function 
of  the  means  and  standard  deviation  of  capac¬ 
ity  and  demand  by  a  reliability  index  p  . 


The  safety  margin  SM  is  defined  as 


SM  =  C  -  D 


(5) 


When  its  value  is  less  than  zero,  unsatisfac¬ 
tory  performance  occurs.  Expected  value  or 
mean  E[SM]  and  standard  deviation,  agM,  of 
the  safety  margin  may  be  expressed  as 


E[SM]  =  E[C]  -  E[D] 


CSM  *  =  o£ 


(6) 

(7) 


Estimates  of  the  mean  and  standard  deviation 
of  capacity  and  demand  can  be  derived  using 
simulation  methods,  Taylor  series  approxima¬ 
tions,  or  point  estimate  methods.  It  can  be  as¬ 
sumed  that  capacity  and  demand  are  normally 
distributed,  since  most  distributions  can  be  ap¬ 
proximated  using  a  normal  distribution.  Then, 
the  probability  of  unsatisfactory  performance 
may  be  calculated  as 


-E[SM] 

P(u)  =  P(SM  <  0)  =  d>  — —  (8) 

CSM 

where  O  =  cumulative  standard  normal  distri¬ 
bution.  Equation  8  may  be  rewritten  as 

P(u)  =  <D  (-p)  (9) 

where 

_  __  E[C]  -  E[D]  (10) 

°sm  Voj  +  a^ 

This  reliability  index  includes  information 
concerning  the  magnitude  and  uncertainty  in 
the  variables  and  can  provide  a  consistent 
means  of  comparing  the  performance  among 
different  navigation  structures. 

Lock  Wall  Example 

An  example  was  prepared  to  illustrate  the 
application  of  reliability  analysis  to  the  prob¬ 
lem  of  sliding  of  an  anchored  lock  wall.  It 
represented  the  analysis  of  multiple  random 
variables,  their  possible  correlation,  and  the 
different  classes  of  probability  distributions 
that  the  variables  might  assume.  The  problem 
is  illustrated  in  Figure  2  with  a  free -body  dia¬ 
gram  shown  in  Figure  3.  It  consists  of  a  con¬ 
crete  lock  wail  20  ft  high  and  10  f*  wide, 
founded  on  a  competent,  jointed  limestone 
and  anchored  by  two  rows  of  anchors.  Water 
surface  is  at  pool  level  on  one  side  of  the  wall 
and  at  tailwater  level  on  the  other  side  of  the 
wall.  Probabilistic  methods,  using  the  point 
estimate  procedure,  were  used  to  determine 
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Figure  2.  Illustration  of  lock  wall  sample  problem 


Figure  3.  Free-body  diagram 


the  reliability  against  sliding  due  to  the  differential  water  force. 

The  weight  W  is  given  by 
W  =  (20)  (10)  Yconc 

Headwater  P  .  and  tailwater  P  ^  forces  are 

wl  w2 

P„1  = 

pw2  =  (0.5)7wH^2 

Total  uplift  force  U£  is 

_  2Hw2  +  (1-E)*(Hw1-Hw2) 

UE  =  10YW— - - - 1 - 


(ID 


(12) 

(13) 


(14) 


where  E  =  drain  efficiency  factor  and  10  =  width  of  monolith.  T(  and  T.,  are  the  anchor 
forces  per  lineal  foot  of  lock  wall.  Effective  base  resultant  N'  is 

N'  =  W  +  T,  +  T2  -  U£  05) 

and  the  maximum  available  base  shear  resistance  S  is 

max 

sm„  =  N- (tan  f>  (16) 

where  <j>'  =  drained  friction  angle  of  the  limestone-concrete  interface.  The  demand  D  ,  causing 
the  monolith  to  slide,  is  the  difference  between  P  ,  and  P  ,  ,  or 

wl  w2 

D  =  P„,-P„2  =  ((>'5)rw<H^-Hi2)  <17' 
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Capacity  C  ,  resisting  sliding,  is  the  maximum  base  shear  force  Smax 
Sntax  =  (W  +  Tt  +T2-UE)(tanf) 


or 


(18) 


Exact  solution  for  the  expected  values  of  capacity  and  demand  are  obtained  by  integrating  the 
function  over  the  probability  distributions  of  the  random  variables. 

E[CJ  =  JJXJJ/J  (W  +  T,  +T2  -UE)ttn*f(W.T1.T2,llE.Hwl,Hw2,« 

dw  dT,dT2dUEdHw,dHw2d.|> 

E[D]  =  JJ(0.5)yw(Hi,  -  Hj2)f(Hwl,Hw2)dHw,dHw2  (20, 

Standard  deviations  are  calculated  as 


ax  =  Vvar  [X]  =  Ve[X2]  -  (E[X])2  (2l 

where  X  =  C  or  D  and  E[X2]  is  evaluated  by  replacing  the  functions  in  Equations  19  and  20 
with  their  squares. 

In  the  point  estimate  method,  the  probability  distribution  of  a  random  variable  X  is  replaced 
by  a  discrete  probability  distribution  having  only  two  values  X+  and  X  with  probability 
weights  of  P+  and  P  .  Values  and  probability  weights  are  chosen  to  match  the  mean  and  stan¬ 
dard  deviation  for  the  distribution  being  represented,  and  Table  1  summarizes  these  values  for 
the  lock  wall. 


Table  1 

Summarization  of  Values  from  Point  Estimante  Method 


Variable 

Standard 

Deviation 

*♦ 

p* 

X. 

P. 

Concrete  density  (lb/ft3) 

Yconc 

145 

5 

140 

0.5 

150 

0.5 

Friction  angle  (deg) 

<e 

30 

5 

34.3 

0.425 

24.18 

0.5 

Anchor  forces  (lb/ft) 

T 

,  | 

15000 

0.9 

0 

0.1 

Headwater  (ft) 

14.69 

IBM 

17.17 

0.677 

13.15 

0.323 

Tailwater  (ft) 

9.14 

IEM| 

0.536 

7.32 

0.464 

Drain  efficiency  {%) 

E 

0.677 

TF'jm 

0.641 

0.359 

A  major  distinction  between  navigation  and  other  structures  is  accounting  for  the  variation  of 


the  water  levels.  In  this  sample  problem,  the 
headwater,  or  pool,  and  tailwater  levels  are  not 
independent.  Tailwater  cannot  exceed  the 
headwater.  For  any  headwater  level,  the  tail- 
water  level  is  bounded  by  zero  and  the  headwa¬ 
ter  level.  Therefore,  the  values  for  a  joint 
distribution  as  shown  in  Table  2  must  be  ob¬ 
tained  by  combining  the  marginals  and  adjust¬ 
ing  for  the  correlation  coefficient. 


Table  2 

Joint  Probability  Values  for  Water  Levels 

Condition 

Headwater 

Tailwater 

P 

+• 

17.17 

11.25 

0.5156 

+  ' 

17.17 

7.32 

0.1614 

-  + 

13.51 

11.25 

0  0204 

— 

13.51 

7.32 

0.3026 
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Having  expressed  the  random  variables  as  pairs  of  point  estimates,  numerical  integration  is 
used  to  calculate  the  expected  value.  For  capacity. 


E[C]  =  X  {[Cw,Hwl,Hw2,Ti,T2,UE]  n  [Pw.Hw1.Hw2,T,.T2.Uf1} 


(22) 


where  the  capacity  function  is  summed  over  all  combination  of  the  +  and  -  point  estimates 
weighted  by  the  product  of  their  associated  p  values.  The  other  variables  can  be  evaluated  by 
the  same  process.  Equation  10  is  then  used  to  determine  P  ,  whose  values  are  given  as  a  func¬ 
tion  of  anchor  reliability  in  Table  3. 


Actual  Application 

This  reliability-based  procedure  is  currently 
being  applied  to  establish  an  engineering  assess¬ 
ment  of  Lock  and  Dams  2,  3,  and  4  on  the 
Lower  Monongahela  River.  Four  main  areas 
which  are  being  evaluated  include: 

•  Structural  stability  of  gravity  dams. 

•  Steel  structures  as  related  to  lock  gates. 

•  Concrete  deterioration. 

•  Structural  stability  of  pile  foundations. 

For  each  of  these  four  areas,  the  reliability 
model  is  being  calibrated  using  a  structure 
which  meets: 

•  Current  design  criteria. 

•  One  that  has  suffered  extreme  distress . 

Then  <.he  model  will  be  used  to  predict  the 
reliability  for  structures  on  the  Lower  Monon¬ 
gahela. 

To  examine  the  structural  stability  of  gravity 
dams,  a  number  of  structures  which  reflect  a  va¬ 
riety  of  conditions  were  selected:  monoliths 
with  and  without  anchors,  monoliths  with  and 
without  earth  backfill,  dam  piers,  and  struc¬ 


tures  with  limited  data  versus  those  with  volu¬ 
minous  data.  Structures  will  be  analyzed  for 
sliding  stability,  overturning  and  bearing  ca¬ 
pacity,  and  each  mode  of  performance  will  be 
computed  under  three  pool  conditions.  A 
comparison  of  reliability  among  the  selected 
structures  will  then  be  assessed. 

Reliability  index  for  a  vertically  framed 
miter  gate  will  be  defined  to  be  the  minimum 
of  the  indices  for  the  component  members  of 
the  gate.  Both  the  old  and  new  miter  gates  at 
Emsworth  Lock  and  Dam  are  being  evaluated 
to  provide  extreme  end  points  for  possible 
conditions.  The  evaluations  are  being  based 
upon  statically  determinate  deterministic  mod¬ 
els  of  the  individual  components.  A  variety 
of  structural  elements  under  various  combina¬ 
tions  of  loading  conditions  are  being  consid¬ 
ered.  These  loadings  include  those  due  to 
hydraulics,  boat  impact,  and  water  resistance. 

The  work  of  determining  a  reliability  index 
for  concrete  in  navigation  structures  will  ad¬ 
dress  the  rate  of  concrete  deterioration,  loss 
of  chamber  geometry,  and  overstressing  and 
cracking  of  relatively  thin  deteriorated  sec¬ 
tions.  Previous  work  under  the  Corps  of 
Engineers’  Repair,  Evaluation.  Maintenance, 
and  Rehabilitation  (REMR)  Program  will  be 
used  as  a  starting  point.  The  first  step  will  be  to 
develop  a  model  for  the  rate  of  deterioration  of 
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concrete,  resulting  in  a  probabilistic  estimate 
of  the  annual  rate  of  deterioration  as  a  func¬ 
tion  of  environmental  temperature, 
saturation,  operation  conditions,  and  state-of- 
stress  within  the  concrete.  A  reliability  index 
representing  operational  impairment  of  lock 
chambers  due  to  loss  of  geometry  from  con¬ 
crete  will  then  be  developed.  Also,  a  reliabil¬ 
ity  index  for  concrete  subject  to  overstressing 
and  cracking  in  thin  sections  subject  to  severe 
deterioration  will  be  formulated. 

The  reliability  index  for  evaluating  pile 
foundations  will  be  defined  as  the  minimum 
of  the  reliability  indices  for  the  overstressing 
of  the  individual  piles  within  a  pile  group.  The 
Corps  computer  program  for  pile  group  analy¬ 
sis  (CGPA)  will  provide  the  deterministic  basis 
for  the  evaluations.  This  code  efficiently  con¬ 
siders  the  three-dimensional,  statically  indeter¬ 
minate  response  of  a  pile  group  with  a  rigid 
cap  to  static  loading.  The  stresses  in  the  indi¬ 
vidual  piles  can  then  be  examined  in  the  deter¬ 
mination  of  the  reliability  index.  Loading  will 
principally  involve  combinations  of  dead 
weight,  live  loading,  hydraulic  pressures,  and 
impact  loadings. 

Conclusion 

A  reliability-based  engineering  analysis  is 
preferable  to  factors  of  safety  as  a  means  of  as¬ 
sessing  the  performance  level  of  navigation 
structures.  While  factors  of  safety  relate  to  the 
reserve  capacity  between  expected  loads  and 
structural  failure,  they  do  not  directly  relate  to 
serviceability  or  performance.  Design  values 
used  in  traditional  analysis  of  locks  and  dams 
are  conservatively  chosen  based  on  experience 
and  judgment.  Probabilistic  analysis  provides 
reliability  indices  based  on  the  average  value 
and  variability  of  the  input  variables. 

The  major  emphasis  of  this  initial  study  was 
to  develop  a  methodology  for  an  engineering 
assessment  of  the  condition  of  navigation  sys¬ 


tems  by  means  of  a  reliability-based  model  that 
is  mathematically  sound.  This  work  will  pro¬ 
vide  the  basis  for  general  criteria-development 
and  supporting  PC-based  models  to  assess 
aging  structures.  In  order  for  future  develop¬ 
ment  of  a  generalized  end-product,  the  current 
model  will  need  to  be  expanded  to  incorpo¬ 
rate  a  wider  range  of  components  and  perfor¬ 
mance  modes.  Additional  work  needs  to 
include  evaluating  more  structures,  thereby  al¬ 
lowing  refinement  of  the  curve  used  to  pre¬ 
dict  reliability  and  obtainment  of  a  greater 
confidence  level. 
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Investigation  of  Lift  Gate  Failure  Locks  27, 
Mississippi  River 


by 

Robert  D.  Kelsey1  and  Thomas  R.  Ruf,  PE1 


Abstract 

In  March  1989,  severe  damage  to  the  upstream  leaf  of  the  main  lock  lift  gate  at 
Locks  27  was  discovered.  A  study  was  undertaken  to  determine  the  cause  of  the 
damage  and  to  determine  what  remedial  measures  should  be  taken.  The  study 
consisted  of  testing  samples  of  material  removed  from  the  lift  gate,  performing  an 
in-depth  structural  analysis  of  the  lift  gate,  and  instrumenting  the  lift  gate.  The 
material  tests  were  performed  to  determine  strength,  toughness,  hardness,  and 
chemical  composition  of  the  lift  gate  material.  The  structural  analysis  consisted  of 
an  examination  of  the  original  computations  and  a  computer  analysis  utilizing  a 
three-dimensional  finite  element  model  of  the  lift  gate.  Strain  gages  were  installed 
to  determine  actual  member  stresses.  Conclusions  from  the  study  concerning  causes 
of  failure  and  a  summary  of  remedial  measures  taken  are  presented. 


Introduction 

Locks  No.  27  are  located  on  the  Chain  of 
Rocks  Canal  (which  bypasses  the  Chain  of 
Rocks  stretch  of  the  Mississippi  River)  at 
Granite  City,  IL,  185.1  miles  above  the  mouth 
of  the  Ohio  River.  Construction  of  the  locks 
was  completed  in  1953.  The  locks  consist  of 
a  main  lock,  1 ,200  x  1 10  ft,  and  an  auxiliary 
lock,  600  x  1 10  ft.  The  lock  gates  consist  of 
vertical  lift  gates  at  the  upstream  end  of  the 
locks  and  miter  gates  at  the  downstream  end  of 
the  locks.  Prior  to  the  addition  of  a  low-water 
dam  at  the  Chain  of  Rocks  on  the  Mississippi 
River  in  the  early  1960’s,  and  a  subsequent 
raise  in  pool  elevation  at  Locks  27,  alterations 
were  made  to  the  lift  gates  and  upper  sills  to  ac¬ 
commodate  the  higher  head  caused  by  the  addi¬ 
tion  of  the  low-water  dam.  The  low-water  dam 
was  constructed  to  increase  the  depth  of  water 
over  the  downstream  miter  gate  sills  at  Locks 


and  Dam  26,  which  did  not  provide  adequate 
draft  for  loaded  tows  at  low  river  stages. 

Each  lift  gate  consists  of  two  welded  struc¬ 
tural  steel  leafs  which  span  the  width  of  the 
lock  chamber  (110  ft).  Each  leaf  is  30  ft  high. 

A  skin  plate  on  the  upstream  side  of  each  leaf 
forms  the  vertical  damming  surface.  Plate 
girders  transfer  horizontal  loads  acting  on  the 
skin  plate  to  the  reactions  at  the  lock  walls. 
The  top  girder  of  the  upstream  leaf  forms  a 
horizontal  damming  surface,  with  pressure 
from  upper  pool  acting  on  the  top  surface  and 
lower  pool  pressure  acting  on  the  bottom  of  the 
girder.  The  bracing  on  the  downstream  side  of 
the  leaf  between  the  girders  forms  a  truss  to  sup¬ 
port  vertical  loads.  Sealed  buoyancy  chambers 
are  intended  to  be  watertight  and  provide  a  re¬ 
duction  in  vertical  load.  Chains  and  associated 
machinery,  located  in  recesses  in  the  lock  walls 
at  each  end  of  the  gate,  provide  means  for 
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adjusting  the  elevation  of  the  leafs.  The  upper 
leaf  (downstream  leaf)  is  operated  (lowered  and 
raised)  for  each  lockage.  The  lower  leaf  (up¬ 
stream  leaf)  is  infrequently  operated,  to  adjust 
for  varying  pool  elevations  (see  Figure  1  for 
gate  geometry). 

Description  of  Damage 

In  March  1989,  a  construction  contract  was 
underway  at  the  project  to  make  repairs  to  the 
lock  wall  embedded  metals.  The  lock  was 
partially  dewatered,  and  both  lift  gate  leaves 
were  out  of  the  water  to  provide  clearance  for 
the  repair  work.  Under  normal  conditions, 
the  upstream  leaf  is  underwater  and  is  not  visi¬ 
ble.  An  inspection  of  the  gate  revealed  cracks 
in  the  bracing  and  girders  on  the  downstream 
side  of  the  upstream  leaf  of  the  main  lock  lift 
gate.  This  damage  was  serious  enough  to  war¬ 
rant  immediate  repairs  to  prevent  a  possible 
catastrophic  failure  of  the  gate.  Twenty-four 
braces  between  the  downstream  flanges  of  the 


girders  were  completely  fractured.  Twenty-two 
braces  were  partially  fractured.  Six  girder 
flanges  had  cracks  that  extended  through  the 
flange  and  into  the  girder  webs  3  to  42  in.  At 
two  of  these  locations,  the  cracks  also  went 
through  the  girder  flange  cover  plate.  Seven 
girder  flanges  were  partially  cracked.  Eleven 
girder/end  plate  connections  were  cracked 
with  cracks  varying  from  1  to  12  in.  Both 
ends  of  the  upstream  flange  of  the  top  girder 
were  bent  over  in  the  downstream  direction. 
Additionally,  all  buoyancy  chambers  were 
found  to  be  filled  with  water. 

initial  Repairs 

It  was  decided  to  complete  repairs  to  the  lift 
gate  with  hired  labor  as  soon  as  possible  so  that 
the  lock  closure  period  (in  effect  at  the  time  for 
the  embedded  metals  repair  contract)  would  not 
have  to  be  extended.  The  repairs  were  based  on 
the  original  and  alteration  designs,  with  the  in¬ 
tention  of  performing  an  in-depth  structural 
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analysis  at  a  later  date  with  possible  modifica¬ 
tion  at  that  time.  The  repair  work  involved 
several  operations.  The  gate  was  sprayed  off 
with  water  to  remove  loose  debris,  then  sand¬ 
blasted  at  critical  locations  to  facilitate  inspec¬ 
tion.  The  lock  was  dewatered,  and  the  gate 
was  placed  on  its  supports  at  the  bottom  of 
the  lock  chamber.  The  buoyancy  chambers 
were  drained  and  resealed. 

Cracks  which  had  not  progressed  all  the 
way  through  members  were  gouged  out  and 
rewelded.  Braces  which  were  completely 
fractured  were  removed  and  replaced  with 
members  of  equivalent  cross-sectional  area. 
Gussets  were  used  to  connect  braces  to  the 
girder  flanges  wherever  possible  to  facilitate 
construction  and  improve  fatigue  resistance. 
Welds  were  designed  assuming  the  braces 
were  all  carrying  the  maximum  allowable 
load. 

Cracks  partially  through  girder  flanges 
were  gouged  out  and  rewelded.  The  crack 
tips  in  girder  webs  were  found  using  dye  pene¬ 
trant.  The  cracks  were  arrested  by  drilling  a 
l-in.-diam  hole  at  the  crack  tip  to  remove  the 
crack  tip  and  some  uncracked  base  metal. 

The  hole  at  the  crack  tip  was  left  open.  At  lo¬ 
cations  where  the  crack  went  through  the 
cover  plate  and  girder  flange,  the  cover  plate 
was  removed  for  a  distance  of  18  in.  on  either 
side  of  the  crack  in  the  girder  flange.  A  new 
cover  plate  was  fabricated  to  length  and  con¬ 
tained  edge  preparation  for  splicing  into  the 
cover  plate.  The  new  cover  plate  was  lapped 
over  the  flange  so  the  weld  butt  joints  were 
staggered  to  enhance  crack  resistance. 

Cracks  through  the  end  plate  at  the  end  of 
the  girders  were  gouged  out  and  re  welded. 
Cover  plates  were  put  over  the  end  of  the 
girder  flange/end  plate  connection. 

Follow-Up  Inspections 
and  Investigations 

Initially,  it  was  thought  that  the  damage  to 
the  main  lock  lift  gate  was  due  to  the  ineffec¬ 
tiveness  of  the  buoyancy  chambers  and  the  re¬ 
sulting  additional  vertical  load.  Later,  it  was 


revealed  that  the  lift  gate  had  been  hit  by  a 
tow  in  1986.  An  inspection  after  the  :  ident 
indicated  damage  only  to  the  top  girder 
flange.  The  tow  rode  up  on  top  of  the  leaf 
and  had  to  be  backed  off  under  power.  It  was 
surmised  that  the  large  vertical  force  from  the 
weight  of  the  tow  could  have  caused  the  dam¬ 
age  to  the  bracing.  If  this  was  the  case,  the 
auxiliary  lock  lift  gate  should  not  have  any 
damage  as  it  had  not  been  hit  by  a  barge.  An 
inspection  of  the  upstream  leaf  of  the  auxil¬ 
iary  lock  lift  gate  was  made  after  repairs  to 
the  main  lock  lift  gate  were  completed  by 
hired  labor.  Some  damage  was  discovered, 
but  the  condition  of  the  gate  was  not  nearly  as 
serious  as  the  condition  of  the  upstream  leaf 
of  the  main  lock  lift  gate.  The  locations  of 
the  cracks  found  on  the  auxiliary  lock  lift  gate 
were  similar  to  the  main  lock;  therefore,  it 
was  presumed  that  the  source  of  the  damage 
was  the  same  for  both  and  that  the  cause  of 
the  main  lock  damage  was  not  barge  impact 
alone.  However,  this  could  have  been  a  rea¬ 
son  the  damage  to  the  main  lock  lift  gate  was 
more  severe  than  the  auxiliary  lock.  Another 
possible  reason  was  that  the  main  lock  had 
been  used  much  more  than  the  auxiliary  lock 
and  therefore  experienced  more  loading  cy¬ 
cles  on  the  gates  and  higher  fatigue. 

After  completion  of  the  repairs,  two  phases 
of  additional  analyses  and  testing  were 
planned.  Phase  I  consisted  of  material  test¬ 
ing,  review  of  the  original  and  alteration  struc¬ 
tural  computations,  and  additional 
inspections.  The  plan  was  to  periodically  in¬ 
spect  the  gates  until  the  cause  of  the  damage 
was  identified  and  remedied.  Phase  II  con¬ 
sisted  of  an  in-depth  structural  analysis  of  the 
gate  considering  all  available  information  and 
utilizing  a  three-dimensional  computer  model 
of  the  upstream  leaf. 

Several  possible  sources  of  the  damage 
were  identified  for  consideration.  The  follow¬ 
ing  were  considered  significant  enough  to 
have  warranted  further  investigation: 

•  Ineffectiveness  of  buoyancy  chambers . 

The  gates  were  designed  for  a  reduction 

in  the  dead  weight  due  to  buoyancy  from 
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the  air  chambers  located  near  the  bottom  of 
the  leafs.  However,  the  buoyancy  chambers 
were  found  to  be  flooded;  therefore,  the 
vertical  load  on  the  gate  was  higher  than 
what  was  assumed  in  the  original  design. 

•  Fabrication.  Many  of  the  welds  were  un¬ 
dercut,  which  reduced  the  cross-sectional 
area  of  the  bracing  and  caused  stress  risers 
and  susceptibility  to  cracking.  Also,  no  ev¬ 
idence  of  low  hydrogen  welding  practice 
(such  as  preheating,  low  hydrogen  electrode 
selection,  and  post  weld  preheat)  was  found 
by  examining  the  plans,  specifications,  and 
construction  photographs  from  the  original 
construction  and  alteration  contracts. 

•  Connection  details.  Some  of  the  bracing 
was  eccentric  with  the  assumed  panel 
points,  which  resulted  in  secondary  stresses 
due  to  bending  which  were  not  considered 
in  the  original  design.  The  alterations 
made  in  1960  also  induced  an  eccentricity 
into  some  of  the  connections.  The  girder 
flange/brace  connection  detail  also  causes 
a  stress  concentration  to  occur. 

•  Design  deficiency.  The  assumed  load 
paths,  method  of  analysis,  and  controlling 
loading  conditions  were  examined  to  de¬ 
termine  if  there  was  a  design  deficiency 
in  the  original  design  or  alteration  design. 

•  Defective  material.  Samples  of  material 
from  the  gates  were  retained  and  tested 
to  determine  if  the  gate  distress  was  due 
to  defective  material. 

•  Operational  considerations.  The  oper¬ 
ating  manual  was  reviewed  to  determine 
if  the  operating  procedures  stated  in  the 
manual  matched  the  design  computation 
assumptions.  The  actual  operating  proce¬ 
dures  used  by  the  lock  personnel  were 
also  investigated  to  determine  if  the  gate 
was  being  operated  according  to  the  oper¬ 
ating  manual. 

Examination  of  Computations 

The  original  and  alteration  design  computa¬ 
tions  were  obtained  and  reviewed  to  determine 


what  assumptions  were  made  in  the  design  so 
the  assumptions  could  be  compared  with  the 
actual  operating  conditions. 

Original  design  method 

The  bracing  was  designed  to  carry  vertical 
loads.  Vertical  water  loads  and  dead  loads 
(which  included  ice  and  mud  load)  were  as¬ 
sumed  to  be  divided  equally  between  the  skin 
plate  on  the  upstream  face  and  the  bracing  on 
the  downstream  face.  Horizontal  loading  is 
transferred  from  the  skin  plate  to  the  horizontal 
girders.  It  was  assumed  that  the  three  vertical 
diaphragms  prevented  differential  loading  be¬ 
tween  girders  and  caused  the  gate  to  deflect  uni¬ 
formly  in  the  horizontal  direction.  It  was  also 
assumed  the  downstream  bracing  served  to  pre¬ 
vent  local  buckling  of  the  downstream  girder 
flanges  as  well  as  support  the  vertical  load. 

The  bracing  was  assumed  to  act  as  five  sep¬ 
arate  trusses,  stacked  on  top  of  one  another. 
Each  truss  was  assumed  to  carry  a  portion  of 
the  total  vertical  load,  the  portion  being  the 
ratio  of  the  panel  height  to  the  total  leaf 
height. 

Buoyancy  chambers  located  in  the  bottom 
two  truss  panels  were  designed  to  be  filled  or 
emptied  to  vary  the  total  buoyant  force  from 
46  to  55  percent  of  the  total  gate  weight.  The 
loading  cases  considered  the  buoyancy  to  be 
either  0  (chambers  ruptured)  or  50  percent  of 
the  total  gate  weight.  In  the  cases  where  50- 
percent  buoyancy  was  considered,  the  buoyant 
force  was  considered  to  be  evenly  distributed 
about  the  structure.  The  gate  was  designed  for 

8.2- ft  head  while  supported  on  the  chains  and 

21.2- ft  head  while  supported  on  the  rests. 

Design  method  for  alterations 

The  designer  of  the  alterations  in  1960  dis¬ 
agreed  with  the  original  designer’s  assumption 
on  the  distribution  of  the  loading  on  the  trusses. 
It  was  stated  that  in  order  for  the  distribution  to 
take  place,  verticals  (6x6  angle  3/8  thick) 
must  be  installed.  Once  the  verticals  are  in 
place,  the  loading  distribution  would  have 
been  as  originally  assumed.  Almost  all  of  the 
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vertical  downstream  bracing  members  were 
added  during  the  1960  alterations. 

The  designer  of  the  alterations  used  the 
original  loading  cases  except  for  the  revised 
water  head  (due  to  the  addition  of  the  low- 
water  dam)  and  additional  dead  weight  due  to 
the  alterations.  The  revised  heads  were  17.3  ft 
for  the  gate  supported  on  the  chains  and  23.0  ft 
for  the  gate  supported  on  the  rests. 

Material  Testing 

Two  sets  of  material  tests  were  performed 
on  material  removed  from  the  upstream  leaves 
of  the  main  and  auxiliary  lock  lift  gates. 

Description  of  first  set  of  testing 

The  first  set  of  tests  was  performed  on  mate¬ 
rial  removed  from  the  main  lock  lift  gate.  Sam¬ 
ples  of  material  from  the  original  construction 
contract  and  alteration  contract  were  tested. 
Plate,  angle,  bar,  and  weld  material  were  tested. 
The  following  tests  were  performed: 

•  Charpy  V-notch.  Charpy  V-notch  tests 
provide  an  indication  of  a  material’s  abil¬ 
ity  to  absorb  energy,  which  is  directly  re¬ 
lated  to  toughness  (a  material’s  ability  to 
resist  crack  propagation).  Coupons  from 
the  plate,  bar,  and  angle  were  tested  at 
70, 55, 40,  and  32  deg  Fahrenheit,  in  both 
the  longitudinal  and  transverse  direction. 

•  Tensile.  Tensile  tests  to  determine  yield 
strength,  ultimate  strength,  and  percent 
elongation  were  performed  on  the  plate, 
bar,  and  angle  material. 

•  Chemical  analysis.  Chemical  analyses 
(measuring  the  percentage  of  the  following 
10  elements:  carbon,  manganese,  nickel, 
chromium,  copper,  molybdenum,  vana¬ 
dium,  sulfur,  phosphorus,  and  silicon)  of 
the  plate,  bar,  angle,  and  weld  material 
were  performed.  These  analyses  provided 
information  that  was  used  to  evaluate  two 
aspects  concerning  the  weldability  of  the 
material.  The  first  was  the  susceptibility  to 
underbead  cracking  (cracking  at  the  base 


of  a  weld).  The  second  was  poten*ial  for 
heat-affected  zone  cracking  (cracking  in 
the  base  metal  adjacent  to  the  weld). 

•  Micro  hardness  survey  and  Brinell 
hardness.  Two  micro  hardness  surveys 
were  performed  on  the  weld  samples. 
Brinell  harness  tests  on  the  plate,  bar,  and 
angle  were  performed.  Brinell  hardness 
tests,  along  with  micro  hardness  surveys 
and  chemical  composition  tests,  provided 
information  to  evaluate  the  susceptibility 
to  cracking. 

Results  from  first  set  of  testing 

•  Charpy  V-Notch.  The  data  from  the 
testing  for  the  angle  indicated  that  this 
material  had  poor  toughness  compared 
with  historical  data  for  similar  material 
(Barsom  and  Rolfe  1987).  The  low  val¬ 
ues  were  originally  thought  to  be  attrib¬ 
uted  to  the  size  of  test  coupons,  which 
were  limited  to  the  thickness  of  the  angle 
material  and  were  smaller  than  the  stan¬ 
dard  size  coupon  on  which  the  historical 
data  were  based.  The  data  for  the  bar 
tended  to  show  lower  energy  absorption 
at  higher  temperatures  when  compared 
with  historical  data.  The  values  for  the 
plate  were  considerably  lower  than  the 
historical  test  data. 

•  Tensile.  The  testing  indicated  the  yield 
strengths  for  the  angle  and  bar  exceeded 
the  minimum  required  by  ASTM  A36. 
However,  the  plate  yield  strength  was 
29,733  psi,  which  was  well  below  the 
minimum  requirement  of  36,000  psi. 

•  Chemical  analysis.  Based  on  the  chemi¬ 
cal  composition  tests,  the  base  materials 
did  not  appear  to  be  highly  sensitive  to  ei¬ 
ther  underbead  cracking  or  heat-affected 
zone  cracking.  The  chemical  analysis  for 
the  fillet  weld  indicated  a  high  carbon  con¬ 
tent  (0. 17  percent)  relative  to  the  chemical 
composition  for  typical  electrodes  (0.06  to 
0,08  percent  for  E60  electrodes,  0.08  to 

0. 1 2  percent  for  E70  electrodes).  The  weld 
metal  carbon  content  would  have  increased 
slightly  by  picking  up  carbon  from  the 
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base  metal  during  welding,  but  even  con¬ 
sidering  this,  the  carbon  content  was  high. 

•  Micro  hardness  survey  and  Brinell 
hardness.  The  test  data  showed  that  the 
angle  bar  and  plate  all  had  hardness  values 
which  were  below  the  maximum  suggested 
limiting  values  to  assure  satisfactory  perfor¬ 
mance  against  underbead  cracking  and 
heat-affected  zone  cracking,  thus  indicating 
the  material  was  satisfactory  in  this  respect. 

Conclusions  from  first  set  of  testing 

Based  on  a  limited  number  of  tests,  defi¬ 
nite  conclusions  concerning  the  quality  of  the 
materials  could  not  be  drawn  at  the  time. 
However,  there  were  indications  that  the  mate¬ 
rial  may  have  been  deficient  in  several  areas. 
The  Charpy  test  values  were  low,  indicating 
poor  toughness.  The  tensile  strength  of  the 
plate  was  also  somewhat  low.  The  carbon 
content  of  the  weld  metal  was  slightly  high, 
which  would  reduce  ductility  and  promote 
cracking.  Because  a  limited  number  of  tests 
were  performed  and  there  was  a  wide  scatter 
of  data,  and  the  data  appeared  to  indicate  the 
material  was  deficient  in  some  areas,  it  was 
decided  to  perform  additional  testing.  Some 
of  the  existing  material  that  had  been  re¬ 
moved  during  the  emergency  repair  contract 
was  retained  for  this  testing. 

Description  of  second  set  of  testing 

Additional  tests  were  performed  primarily 
because  the  previous  tests  revealed  that  the 
toughness  of  the  material  appeared  to  be  low. 
Other  concerns  were  that  the  carbon  content  of 
the  weld  metal  was  high  and  tensile  strength  of 
the  plate  material  was  low.  The  second  set  of 
tests  was  performed  on  material  removed 
from  the  upstream  leafs  of  the  main  and  auxil¬ 
iary  lock  lift  gates.  Plate  material  was  tested 
to  verify  previously  measured  Charpy  values 
(which  were  low),  carbon  content  (which  was 
high),  and  tensile  strength  (which  was  low). 
Charpy  V-notch  coupons  were  tested  at  0,  32, 
40,  55,  and  70  deg  Fahrenheit.  Only  trans¬ 
verse  Charpy  tests  were  performed.  Charpy 
tests  were  done  on  a  sample  of  angle  material 
used  for  repairs  made  by  hired  labor  on  two 


different  specimen  sizes  to  determine  how 
specimen  size  affected  the  test  results,  so  that 
this  information  could  be  used  to  determine  if 
Charpy  tests  done  on  the  original  angle  mate¬ 
rial  (from  the  original  construction  of  the  gate) 
were  low  due  to  specimen  size  (7.5  x  10  mm 
sub-size  versus  10x10  mm  full  size)  or  were 
actually  due  to  low  >ughness.  A  fracture 
analysis  of  a  crack  located  in  the  angle  was 
performed  to  determine  additional  information 
concerning  how  the  crack  developed.  Charpy 
tests  were  performed  on  the  material  used  for 
replacing  some  of  the  braces  in  the  repair  con¬ 
tract.  The  mill  test  reports  furnished  by  the 
contractor  indicated  the  material  had  adequate 
tensile  strength.  Charpy  and  tensile  tests  were 
performed  on  a  portion  of  girder  flange  plate 
(from  the  original  construction)  removed  from 
the  upstream  leaf  of  the  auxiliary  lock  lift  gate. 
Chemical  analyses  of  a  weld  were  performed  to 
verify  the  previous  test  which  indicated  high 
carbon  content. 

Results  from  second  set  of  testing 

•  Charpy  V-notch  tests.  The  values  for  the 
sub-size  test  coupons  were  slightly  lower 
than  the  values  for  the  full  size  coupons, 
but  the  difference  was  not  significant.  The 
previous  tests  of  the  angle  material  indi¬ 
cated  low  Charpy  values  (using  sub-size 
coupons).  It  was  concluded  that  the  low 
Charpy  values  from  the  first  set  of  material 
tests  for  the  angle  material  were  not  due  to 
specimen  size  as  originally  thought  but 
rather  low  toughness.  The  data  for  the 
plate  material  indicated  that  this  material 
(from  the  original  construction  contract) 
also  had  poor  toughness  relative  to  histori¬ 
cal  test  data.  The  data  for  the  plate  mate¬ 
rial  agree  with  the  previous  testing  and 
indicate  that  this  material  (from  the  alter¬ 
ation  contract)  has  very  poor  toughness  rel¬ 
ative  to  historical  test  data.  The  data  for 
the  replacement  angle  material  (from  the 
1989  repairs)  and  the  WT  material  (from 
the  1990  repair  contract)  indicated  that 
these  materials  had  adequate  toughness. 

•  Mechanical  tests.  The  yield  strengths 
(which  were  aeain  somewhat  low)  for  the 
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plate  material  verified  the  previous  testing. 
The  average  plate  yield  strength  was 
34,745  psi  and  the  lowest  strength  was 
29,893  psi,  both  of  which  are  below  the 
minimum  requirement  of  36,000  psi. 

•  Chemical  composition  tests.  The  car¬ 
bon  content  for  the  plate  (0.28  percent) 
exceeded  the  allowable  ASTM  A36  limit 
of  0.25  percent.  The  carbon  content  from 
the  previous  tests  from  November  1989 
(0.27  percent)  also  exceeded  this  limit. 

As  carbon  content  increases,  a  material 
will  tend  to  behave  brittlely.  However, 
even  though  the  carbon  content  was  high, 
the  elongation  for  2  in.  (28  and  29  percent 
from  the  tensile  test)  still  exceeds  ASTM 
A36  requirements  (23  percent  for  1-1/4-in. 
plate,  the  thickness  of  the  sample)  indicat¬ 
ing  that  adequate  ductility  was  provided. 
The  manganese  content  (0.42  percent)  was 
below  the  ASTM  A36  range  of  0.80  to 

1 .20  percent,  which  helped  explain  the  low 
yield  point.  The  carbon  equivalent  for  the 
plate  (0.36  percent)  was  still  below  the 
upper  limit  considered  critical  for  un¬ 
derbead  cracking  or  heat  affected  zone 
cracking.  The  weld  metal  carbon  content 
(0.15  percent)  was  slightly  lower  than  the 
carbon  content  measured  during  the  previ¬ 
ous  testing  (0.17  percent),  but  was  still 
rather  high.  As  stated  earlier,  the  high  car¬ 
bon  content  of  the  weld  metal  reduces  duc¬ 
tility  and  promotes  cracking. 

•  Fracture  analysis.  The  fracture  analysis 
revealed  that  the  fracture  was  of  a  fatigue 
nature,  due  to  a  one-way  bending  load, 
low-to-moderate  overload,  in  a  high- 
stressed  concentrated  area.  The  8-1/2 
grain  size  reported  from  the  etched  cross 
sections  indicated  a  fine  grain  size  micro¬ 
structure.  In  general,  a  grain  size  of  0  to  5 
would  be  considered  coarse  and  be  an  indi¬ 
cation  of  poor  toughness.  A  6  to  10  grain 
size  would  classify  the  material  as  fine 
grained,  which  would  be  preferable  in 
terms  of  toughness.  This  agreed  with  the 
Charpy  test  values  for  this  material  which 
showed  the  material  installed  during  the  re¬ 
pairs  made  by  hired  labor  had  good 
toughness. 


Conclusions  from 
second  set  of  testing 

The  tests  showed  that  the  Charpy  V-notch 
test  values  for  both  the  original  and  alteration 
plate  and  angle  material  were  low.  The  low 
toughness  values  indicate  that  once  a  crack 
initiates,  these  materials  will  have  little  abil¬ 
ity  to  resist  crack  propagation.  The  plate 
yield  strengths  were  also  slightly  low,  but  the 
ductility  of  this  material  appeared  good,  and 
the  ultimate  strength  was  adequate.  The  new 
material  added  during  the  repairs  made  by 
hired  labor  and  during  the  emergency  repair 
contract  appeared  to  be  adequate  in  terms  of 
toughness  and  strength. 

Computer  Analysis 

An  in-depth  structural  analysis  of  the  gate 
considering  available  information  and  utiliz¬ 
ing  a  three-dimensional  computer  model  of 
the  upstream  leaf  was  conducted.  The  pur¬ 
pose  of  the  analysis  was  to  analytically  deter¬ 
mine  member  stresses. 

A  three-dimensional  finite  element  model 
utilizing  the  computer  program  GTSTRUDL 
(GTICES  Systems  Laboratory  1985)  was  used 
to  analyze  the  leaf.  Bending  and  stretching 
(6  degrees  of  freedom)  elements  were  used  to 
represent  the  skin  plate,  girder  webs,  buoyancy 
chambers,  end  framing,  and  reaction  girder 
web.  Beam  elements  were  used  to  represent 
the  girder  flanges,  skin  plate  intercostals,  down¬ 
stream  bracing,  chain  girder,  reaction  girder 
flanges,  and  apron  braces.  The  model  consisted 
of  approximately  600  nodes  and  1,300  elements. 

Two  support  conditions  were  modeled:  on 
the  chains  and  on  the  rests.  When  the  gate  is 
supported  on  the  chains,  the  gate  is  supported 
vertically  at  the  midheight  of  the  leaf  on  the 
chain  girders  at  the  ends  of  the  leaf.  The  sup¬ 
ports  in  the  horizontal  direction  are  continu¬ 
ous  along  the  downstream  edge  of  the  end 
framing  on  each  side.  For  loading  cases  with 
the  gate  supported  on  the  rests,  the  same  hori¬ 
zontal  reactions  as  those  used  for  loading 
cases  on  the  chains  were  used.  The  vertical 
supports  are  located  at  points  beneath  the 
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buoyancy  chambers  at  the  extensions  of  the 
buoyancy  chamber  plates. 

All  internal  member  connections  were 
input  as  fixed.  Member  eccentricities  were 
input  where  necessary,  mostly  occurring  in 
the  downstream  bracing  where  some  joints 
were  not  constructed  concentric.  Joint  sizes 
were  also  input  where  appropriate.  The  down¬ 
stream  bracing  frames  into  18-in.-deep  girder 
flanges,  causing  the  members  to  have  a  signif¬ 
icantly  shorter  length  than  the  actual  distance 
between  the  modeled  nodes.  The  stiffnesses 
for  the  braces  were  computed  taking  into  ac¬ 
count  the  joint  size. 

The  loading  cases  originally  considered  for 
the  computer  analysis  followed  the  original 
design  computations  for  the  1960  gate  alter¬ 
ations  with  some  additions.  In  the  1960’s,  the 
buoyancy  chambers  were  deactivated,  and  the 
seal  at  the  sill  was  removed  in  an  attempt  to 
abate  vibration  of  the  gate,  so  load  cases  for 
these  conditions  were  added.  Originally,  it 
was  thought  the  problems  with  the  gate  were 
due  to  the  0  percent  buoyancy  case  which  was 
not  considered  for  the  loading  condition  for 
the  gate  supported  on  the  chains.  The  design 
head  for  the  gate  is  17.3  ft  for  the  gate  sup¬ 
ported  on  the  chains  and  23.0  ft  when  the  gate 
is  supported  on  the  rests. 

All  load  cases  consisted  of  a  vertical  hydro¬ 
static  load  on  the  top  girder  web,  horizontal 
hydrostatic  load  on  the  skin  plate  (the  magni¬ 
tude  depending  on  the  effectiveness  of  the 
seal  at  the  top  of  the  sill),  buoyant  forces 
from  the  chambers  (the  magnitude  depending 
on  the  state  of  effectiveness),  and  dead  load 
of  the  gate. 

The  analysis  was  run  numerous  times  as 
experiments  were  conducted  with  respect  to 
modeling  techniques.  As  a  test  of  behavior  of 
the  model,  a  failure  sequence  of  computer 
analyses  was  done.  The  mcdel  was  initially 
analyzed,  and  the  highest  stressed  member 
was  removed  and  the  model  was  reanalyzed, 
and  the  sequence  repeated.  If  the  model  had 
been  constructed  properly,  the  failures  could 
be  traced  one  by  one  and  would  correspond  to 


the  observed  failures.  The  model  was  revised 
until  a  failure  sequence  produced  reasonable 
results.  When  members  were  removed  near 
the  ends  of  the  gate,  the  load  increased  in 
members  in  the  same  vicinity,  the  type  of  be¬ 
havior  that  is  necessary  to  produce  the  failures 
that  were  observed. 

The  controlling  load  condition  was  found 
to  be  a  combination  of  the  case  added  to  ac¬ 
count  for  the  removal  of  the  seal  at  the  sill 
and  the  case  added  to  account  for  the  ineffec¬ 
tiveness  of  the  buoyancy  chambers.  For  the 
case  of  no  seal  at  the  sill,  the  net  pressure  var¬ 
ies  from  full  net  horizontal  pressure  at  the  top 
of  the  sill  to  zero  net  pressure  at  the  bottom  of 
the  leaf.  Additionally,  a  great  deal  of  water 
flows  through  the  4-in.-wide  gap  between  the 
skin  plate  and  the  sill.  Traveling  at  a  high  ve¬ 
locity,  a  decrease  in  pressure  against  the  skin 
plate  occurs  (due  to  a  “Bernoulli”  effect),  thus 
lowering  pressure  on  the  lower  portion  of  the 
skin  plate  even  further  (see  Figure  2).  This 
nonuniform  horizontal  loading  causes  a  mo¬ 
ment  about  an  axis  perpendicular  to  flow  to 
act  on  the  gate,  causing  an  increase  in  stresses 
in  the  downstream  braces. 
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The  results  of  the  analysis  using  the  addi¬ 
tional  loading  cases  described  above  showed 
improved  agreement  between  overstressed 
members  and  mem¬ 
bers  with  observed 
failures,  and  also  im¬ 
proved  agreement 
with  strain  gage  in¬ 
formation.  The  re¬ 
sults  of  the  analysis 
indicate  that  the  leaf 
undergoes  bending  in 
both  vertical  and  hori¬ 
zontal  directions,  not 
just  horizontal  bend¬ 
ing  as  was  originally 
assumed.  Bending  in 
the  vertical  direction 
causes  an  increase  in 
compression  in  the 
downstream  bracing 
for  certain  loading 

conditions  (see  Fig-  Figure  3.  Deflected 

ure  3).  shape 


Omission  of  important  load  case.  The 
original  designers  did  not  consider  a  load 
case  for  the  buoyancy  chambers  0  per¬ 
cent  effective  while  the  gate  is  supported 
on  the  chains.  During  the  gate  repairs, 
many  of  the  chambers  were  found  to  be 
filled  with  water.  The  additional  vertical 
load  of  the  water  in  the  buoyancy  cham¬ 
bers  caused  a  further  overstress  in  the 
downstream  bracing  members. 

Operating  procedures.  It  was  learned 
from  lock  personnel  that  the  lift  gate  had 
been  routinely  supported  on  the  chains 
for  all  levels  of  upper  and  lower  pool  due 
to  conflicting  information  given  in  the  op¬ 
erating  manual  and  tolerances  in  the  gate 
position  indicating  equipment.  The  gate 
had  been  supported  on  die  chains  for 
greater  hydrostatic  head  than  it  was  de¬ 
signed  for,  contributing  to  high  stresses 
in  the  downstream  bracing  as  indicated 
by  the  computer  analysis  of  this  loading 
condition. 
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The  following  conclusions  were  drawn 
from  the  structural  analysis: 

*  Improper  assumption  of  load  distri¬ 
bution.  It  was  apparent  that  horizontal 
loading  of  the  lift  gate  has  a  greater  ef¬ 
fect  on  member  forces  in  the  downstream 
bracing  than  was  believed  by  the  original 
designers.  The  original  designers  be¬ 
lieved  all  horizontal  loads  were  distrib¬ 
uted  to  the  girders  through  the  vertical 
diaphragms  and  the  downstream  bracing 
served  only  to  prevent  local  buckling  of 
the  girder  flanges  under  horizontal  load¬ 
ing.  However,  it  was  clear  from  the  com¬ 
puter  analysis,  and  substantiated  by  the 
strain  gage  testing,  that  the  lift  gate  acts 
as  a  unit  under  load  with  the  downstream 
bracing  affected  by  the  distribution  of  the 
horizontal  load.  The  additional  compres¬ 
sion  in  the  downstream  bracing  face  due 
to  vertical  loads  due  to  water  and  weight 
of  the  gate  itself  combined  with  these 
loads  caused  an  overstress  in  the  down¬ 
stream  bracing  members. 


•  Modeling  technique.  The  original 
designer’s  assumption  of  truss  behavior 
of  the  downstream  bracing  members  is 
unconservative.  Furthermore,  the  gate 
was  fabricated  with  many  eccentric 
joints.  Both  of  these  items  introduce 
bending  moments  into  the  downstream 
bracing  members  which  further  increased 
the  stress.  The  simplified  assumption 
that  the  downstream  bracing  behaved  as 
a  truss  was  made  necessary  by  the  crude 
analysis  tools  available  at  that  time. 

Instrumentation 

One  set  of  instrumentation  was  installed  on 
the  lift  gate  bracing  and  one  set  on  the  lifting 
chains. 

Bracing  instrumentation 

Because  of  the  complex  nature  of  the  struc¬ 
tural  analysis  of  the  lift  gate,  it  was  felt  that 
some  indication  of  service  stress  would  be 
helpful  in  determining  the  validity  of  some 
assumptions  concerning  the  analysis. 
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The  strain  gages  were  installed  immediately 
after  the  gate  repair  contract  was  completed  but 
before  the  lock  was  rewatered.  Gages  were  in¬ 
stalled  on  four  members  of  the  downstream 
bracing  system.  All  were  WT  9x35.5,  newly 
installed  during  the  gate  repair  contract. 

On  each  of  the  members  that  were  selected 
for  receiving  gages,  three  gages  were  installed, 
one  each  near  the  extreme  fibers  of  each  leg 
of  the  member.  The  gage  on  each  leg  was 
placed  at  the  same  location  along  the  length  of 
the  member,  at  a  reasonable  distance  from  the 
end  of  the  member  to  avoid  localized  effects  of 
connections.  In  this  way,  the  axial  force  and 
bending  moment  about  two  axes  could  be 
solved  for  simultaneously  and  then  compared 
directly  to  the  computer  analysis  results. 

The  strain  gages  used  were  capable  of 
indicating  strain  in  both  the  longitudinal  and 
transverse  directions.  This  type  of  gage  was 
chosen  because  it  could  confirm  the  validity 
of  the  strain  in  one  direction  using  Poisson’s 
ratio  and  the  strain  in  the  other  direction.  Ad¬ 
ditionally,  if  a  gage  failed  in  the  longitudinal 
direction,  the  transverse  value  could  be  used 
to  obtain  the  longitudinal  strain.  A  data  acqui¬ 
sition  unit  was  used  which  was  capable  of 
continuous  monitoring  of  the  strain  gages. 
Thus,  continuous  member  forces  were  ob¬ 
tained  as  the  gate  was  loaded  and  unloaded. 

Several  sets  of  gage  readings  were  taken, 
first  under  dead  load  only,  then  again  as  the 
lock  was  rewatered  and  eventually  put  into 
operation.  There  were  a  total  of  12  gages 
(4  members  x  3  gages).  Because  much  data 
were  obtained  over  time,  a  short  computer  pro¬ 
gram  was  written  to  convert  strains  into  the 
force  and  two  moments  in  each  member. 

Conclusions  from 
bracing  instrumentation 

For  the  original  loading  cases,  Jie  strain 
gages  indicated  member  forces  much  higher 
than  those  indicated  by  the  structural  analy¬ 
sis.  Additional  strain  gage  testing  on  the 
chains  was  later  performed  to  determine  if  the 
vertical  loading  assumptions  for  the  computer 


analysis  were  accurate  (see  the  results  from 
the  chain  instrumentation).  The  strain  gages 
indicated  problems  with  the  loading  and/or 
the  structural  model.  These  were  later  investi¬ 
gated  and  corrected  in  the  computer  analysis, 
and  better  agreement  was  obtained. 

Chain  instrumentation 

The  strain  gage  experiment  for  the  down¬ 
stream  bracing  members  indicated  forces 
greater  than  those  determined  from  the  prelim¬ 
inary  computer  analysis.  Two  possible  causes 
for  the  discrepancy  were  identified.  Either  the 
loading  for  the  structural  model  had  been  under¬ 
estimated,  or  the  model  itself  was  flawed,  giv¬ 
ing  incorrect  distribution  of  internal  forces.  By 
placing  strain  gages  upon  the  chains,  the  actual 
vertical  load  on  the  gate  could  be  determined. 

The  strain  gages  were  placed  upon  the 
chains  after  the  gate  was  repaired  by  contract 
and  placed  back  in  service.  The  data  acquisi¬ 
tion  equipment  was  similar  to  the  data  acquisi¬ 
tion  unit  used  during  the  previous  strain  gage 
experiments  except  it  could  not  record  continu¬ 
ous  readings  over  time.  Strain  gages  were 
placed  upon  the  chains  on  both  ends  of  the  gate. 

Conclusion  from  instrumentation 

The  results  of  the  experiment  showed  a 
total  measured  load  about  25  percent  lower 
than  that  obtained  by  structural  analysis.  How¬ 
ever,  there  were  many  factors  which  could 
have  caused  the  gage  readings  to  be  inaccu¬ 
rate.  Taking  all  of  these  possibilities  into 
account,  it  was  concluded  that  the  vertical 
loading  on  the  gate  used  for  the  analysis  had 
not  been  underestimated.  It  was  therefore  de¬ 
termined  that  the  differences  between  the  mea¬ 
sured  forces  in  the  downstream  bracing  and 
that  determined  from  analysis  were  due  to  the 
incorrect  estimation  of  horizontal  loads,  flaws 
in  the  structural  model  itself,  or  effects  of  the 
horizontal  load  on  the  downstream  bracing. 

It  was  later  discovered  from  the  computer 
analysis  that  Ihe  horizontal  loading  of  the  lift 
gate  had  a  much  greater  effect  on  member 
forces  in  the  downstream  bracing  than  was 
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believed  by  the  original  designers.  It  was  de¬ 
termined  that  the  lift  gate  acts  as  a  unit  and 
the  downstream  bracing  is  affected  by  the  dis¬ 
tribution  of  the  horizontal  load.  The  strain 
gage  experiment  was  instrumental  in  pointing 
the  investigation  in  the  proper  direction  to 
make  this  discovery. 

Repair  Contract 

During  the  Phase  I  and  Phase  II  investiga¬ 
tions,  after  the  repairs  were  completed  by 
hired  labor,  inspections  of  the  main  lock  lift 
gate  were  made.  During  the  third  inspection, 

7  months  after  repairs  were  completed  by  hired 
labor,  significant  new  damage  to  the  down¬ 
stream  bracing  was  found.  An  emergency  con¬ 
tract  to  repair  the  leaf  was  then  prepared  for  the 
purpose  of  repairing  and  strengthening  the  leaf. 
The  repair  contract  consisted  of  replacing  brac¬ 
ing  (20  braces  were  replaced  with  larger  size 
members),  repairing  welds,  welding  cover 
plates  on  girder  flanges,  and  weld  inspection. 
The  buoyancy  chambers  were  filled  with  sty¬ 
rene  pellets  to  ensure  their  effectiveness  in  the 
event  of  leakage.  Preliminary  results  from  the 
gate  structural  analysis  indicated  that  some 
members  in  the  downstream  bracing  were 
overstressed  under  certain  loading  conditions; 
therefore,  replacement  brace  sizes  were  in¬ 
creased.  High-strength  steel  and  minimum 
toughness  requirements  were  specified  for  the 
replacement  material.  Inspections  made  after 
the  repair  contract  have  indicated  only  minor 
distress  in  the  leaf. 

Conclusions 

Based  on  the  results  from  the  material 
testing  program,  structural  analysis,  and  other 
information  obtained,  at  least  five  factors  con¬ 
tributed  to  the  cracking  of  the  gate: 

•  Defective  material.  The  material  used 
to  fabricate  the  gate  and  the  material 
used  for  the  alterations  made  to  the  gate 
in  1960  both  had  very  poor  toughness  rel¬ 
ative  to  similar  material  being  produced 
presently.  These  materials  do  not  have 
the  ability  to  resist  crack  propagation 


once  a  crack  initiates  from  overstress  or 
fatigue. 

•  Design  assumptions.  Some  of  the  origi¬ 
nal  design  assumptions  concerning  load 
distribution,  load  cases,  and  modeling 
technique  were  unconservative.  This  re¬ 
sulted  in  actual  member  stresses  (as  indi¬ 
cated  by  the  computer  analysis  and 
instrumentation)  higher  than  those  pre¬ 
dicted  in  the  original  design.  In  addition, 
the  bracing  connection  details  are  rated 
in  a  high  fatigue  category  (American  In¬ 
stitute  of  Steel  Construction  1989),  and 
no  consideration  was  given  to  fatigue  in 
the  design. 

•  Operating  procedures.  The  operating 
procedures  were  such  that  under  certain 
conditions  the  gate  was  not  on  the  sup¬ 
ports  for  some  loading  conditions,  as  as¬ 
sumed  in  the  design.  This  resulted  in 
additional  load  in  the  bracing.  The  limit 
switches  for  the  leaf  have  since  been 
reset  to  account  for  tolerances  in  the  gate 
position  indicating  equipment  to  prevent 
the  condition  from  occurring  again. 

•  Fabrication  procedure.  As  stated  earlier, 
there  was  no  evidence  of  low  hydrogen 
welding  practice.  This  is  poor  practice 
considering  the  alterations  to  the  leafs  in 
1960  were  made  during  the  winter 
months.  These  practices  make  the  welds 
susceptible  to  cracking.  Also,  many  of 
the  welds  were  undercut,  which  reduced 
th>.  cross-sectional  area  of  the  bracing 
and  caused  stress  risers  and  susceptibility 
to  cracking.  Approximately  90  percent 
of  the  welds  connecting  the  downstream 
bracing  to  the  girder  flanges  were  found 
to  be  deficient  (did  not  meet  AWS  bridge 
specifications)  by  an  independent  testing 
laboratory  which  performed  an  inspec¬ 
tion  as  part  of  the  repair  contract.  Be¬ 
sides  undercutting  (which  was  the  most 
common  problem  found),  the  welds  did 
not  meet  AWS  profile  and  porosity  re¬ 
quirements.  The  seriously  deficient 
welds  were  repaired  during  the  repair 
contract. 
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•  Corrosion.  As  cracks  initiate  and  begin 
to  propagate,  corrosion  occurs  at  the 
crack  tip  and  reduces  the  critical  stress 
intensity  factor,  thus  promoting  crack 
growth.  Corrosion  also  causes  reduction 
in  the  net  area  of  members  resulting  in 
increased  stresses. 

The  final  District  recommendation  was  to 
replace  the  upstream  leaf  of  the  main  lock  lift 
gate.  There  are  currently  no  plans  to  replace 
the  auxiliary  lock  lift  gate;  however,  the  leaf 
will  be  periodically  inspected. 
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Seismic  Structural  Analysis  of  Olmsted  Lock 


by 


Dr.  Robert  L.  Hall 1  and  Tommy  L.  Bevins 1 


Abstract 

The  seismic  structural  analysis  of  the  Olmsted  lock  has  presented  many  challeng¬ 
ing  problems.  The  structure  is  a  unique  W -frame  lock,  1,600 ft  long  and  326 ft  wide. 
The  rock  outcrop  peak  ground  accelerations  are  0.44  g’s  for  the  Operating  Basis 
Earthquake  and  1.12  g’s  for  the  Maximum  Credible  Earthquake.  This  structure  is 
supported  by  a  pile  foundation.  This  is  the  first  lock  ever  to  be  designed/constructed 
on  a  geological  site  with  such  a  severe  earthquake  ground  motion  possible  for  the 
design  life  of  the  structure.  The  combination  of  geometry ,  foundation,  and  extensive 
ground  motion  has  created  problems  with  predicting  hydrodynamic  loads,  structure 
accelerations,  and  determination  of  seismic  design  forces. 

This  paper  will  present  procedures  used  for  hydrodynamic  loads  and  describe 
how  these  and  other  loads  were  used  to  conduct  a  response  spectrum  calculation 
for  the  W -frame  lock.  A  procedure  for  extracting  finite-element  (FE)  response 
spectrum  stresses  for  developing  shears  and  moments  will  be  discussed.  A  compar¬ 
ison  between  an  FE  analysis  and  a  CW-frame  program  using  beam  elements  will 
also  be  presented. 


1  Structures  Laboratory,  US  Army  Engineer  Waterways  Experiment  Station,  Vicksburg.  MS. 
CESEC  91  Naif  &  8evins 
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Model  for  Seismic  Analysis  of  Pile  Groups 


by 

Reed  L.  Mosher, 1  Robert  Ebeling, 1  and  Paul  Mlakar* 


Abstract 

The  determination  of  displacement  of  the  pile  cap  and  displacements  and  forces 
of  individual  piles  is  essential  to  the  design  of  pile  foundation  subject  to  both  static 
and/or  dynamic  loading.  Saul's  (1968)  procedure  for  the  static  analysis  of  pile 
group  has  been  widely  used  for  determining  the  pile  cap  displacements  and  individ¬ 
ual  pile  forces  and  displacements  resulting  from  a  global  three-dimensional  loading. 
The  three-dimensional  procedure  employs  the  direct  stiffness  method  of  analysis 
and  assumes  the  pile  cap  to  be  rigid  and  the  pile -soil  system  to  be  represented  by  a 
set  of  linear  springs.  These  assumptions  allow  the  pile  foundation  to  be  reduced  to 
a  six-degree-of-freedom  system.  Notwithstanding  these  simplifications,  the  proce¬ 
dure  yields  reasonable  results  (O'Neill  and  Tsai  1984)  for  rigid  pile  caps. 

Saul’s  pile  group  analysis  procedure  was  extended  to  provide  a  simplified,  yet 
realistic  approach  for  determining  the  response  of  pile  foundations  subjected  to 
seismic  loading  (Jones,  Mlakar,  and  Mosher  1989).  Viscous  damping  of  pile-soil 
system  and  response  spectrum  loading  were  added  to  Saul’s  original  derivation  of 
the  frequency  equation  for  pile  groups  subjected  to  dynamic  loading.  The  formula¬ 
tion  of  the  mass  and  damping  matrices  was  developed  and  a  modal  analysis  with 
response  to  spectra  loading  wax  implemented. 

Since  this  research  work  was  first  published  (Jones,  Mlakar,  and  Mosher  1989), 
a  significant  amount  of  additional  development  and  refinement  work  has  been 
accomplished.  The  paper  will  present  the  new  results  from  this  latest  research  effort 
which  include  the  addition  of  the  stiffness  contribution  due  to  the  soil  in  contact  with 
pile  cap,  new  procedures  to  determine  the  contribution  to  mass  matrix  provided  by 
the  soil  under  the  pile  cap  based  on  the  displacements  of  the  piles,  refinement  of 
determination  of  viscous  damping  of  the  pile-soil  system  based  on  the  geometry  and 
motion  of  the  system,  addition  of  hysteretic  damping,  the  inclusion  of  additional 
degrees-of-freedom  to  account  for  the  flexibility  of  the  superstructure. 

The  approach  is  applied  to  ten  different  published  studies  to  demonstrate  the 
validity  of  the  approach  and  its  potential  as  a  design  tool.  The  results  of  these 
comparisons  will  be  reported  in  the  paper.  Comparisons  have  been  of  results 
between  this  simplified  method  and  the  more  comprehensive  finite  element  analysis 
using  computer  code  FLUSH. 


'  Information  Technology  Laboratory,  US  Army  Engineer  Waterways  Experiment  Station,  Vicksburg, 
MS. 

2  Structural  Division,  JAYCOR,  Vicksburg,  MS. 
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Design,  Construction,  and  Rehabilitation 
of  Eisenhower  and  Snell  Locks,  St.  Lawrence  Seaway, 

Massena,  New  York 


by 

Reed  L.  Mosher 1 


Abstract 

The  St.  Lawrence  Seaway  Development  Corporation  (SLSDC)  contracted  with 
the  Corps  of  Engineers  (Corps)  to  design  and  construct  Eisenhower  and  Snell  Locks. 
This  paper  will  present  a  historical  overview  of  Corps  involvement  over  the  past  36 
years  in  support  of  the  SLSDC  mission  related  to  lock  construction  and  maintenance. 

Buffalo  District  designed  and  constructed  Eisenhower  and  Snell  Locks  between 
1956  and  1958.  Soon  after  the  first  operating  season  in  1958,  construction-related 
structural  problems  and/or  deficiencies  began  to  appear.  A  2 -year  major  rehabil¬ 
itation  program  to  restore  Eisenhower  and  Snell  Locks  to  a  condition  of  full  stability 
was  completed  by  Buffalo  District  during  1969.  Throughout  the  years  the  Corps 
has  provided  technical  advice  to  SLSDC  to  assist  their  efforts  to  cope  with  the 
extraordinary  maintenance  associated  with  these  locks. 

Buffalo  District  reviewed  the  stability  of  the  Eisenhower  and  Snell  Lock  walls 
during  1984-85  and  recommended  a  major  rehabilitation  to  bring  the  lock  walls  into 
compliance  with  current  overturning  and  sliding  criteria.  SLSDC  engaged  a  con¬ 
sulting  engineer  to  design  the  necessary  structural  modifications.  Preliminary 
results  of  a  Corps-sponsored  REMR  research  program  to  evaluate  the  accuracy  of 
conventional  stability  analysis  methods  were  reported  in  April  1987  and  indicated 
that  the  current  methods  may  be  too  conservative.  Based  on  these  results  the  Corps 
determined  that  the  lock  walls  would  be  stable  under  the  newly  developed  criteria. 

During  fall  1988,  the  Corps  proposed  a  study  to  evaluate  the  internal  structural 
integrity  of  Eisenhower  and  Snell  Lock  walls.  The  study,  consisting  of  field  inves¬ 
tigations  and  complex  analytical  and  seismic  analyses,  is  currently  under  way  at 
WES.  This  paper  will  be  coauthored  by  Buffalo  District  and  WES  in  order  to  present 
an  accurate  discussion  of  the  current  study  effort. 

The  following  topics  will  be  discussed  in  this  presentation: 

•  Postconstruction  structural  problems. 

•  1968-69  major  rehabilitation  program. 

•  Record  of  structural  repairs  over  the  years. 


1  Information  Technology  Laboratory,  US  Army  Engineer  Waterways  Experiment  Station,  Vicksburg, 
MS. 
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•  Reanalysis  of  lock  wall  stability  during  changing  rimes. 

•  1989  anchor  investigation  study  and  conclusions. 

•  Current  structural  evaluation  and  preliminary  results. 

•  Seaway  impact  on  Corps  policy  over  the  years. 
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Structural  Reliability  and  Its  Impact  on  Design 

by 

Nathan  M.  Kathir,  PEX 


Abstract 

The  American  Institute  of  Steel  Construction  (A/SC)  issued  the  first  edition  of  a 
code  based  on  load  and  resistance  factor  design  (LRFD)  in  1986.  Before  the  LRFD 
was  published  in  the  US,  structural  steel  design  has  been  done  by  using  the  allowable 
stress  design  ( ASD )  method.  At  the  present  time,  other  code  writing  authorities  in 
the  US  are  exploring  the  possibility  of  issuing  LRFD-based  codes.  Keeping  up  with 
the  latest  developments  in  the  field  is  an  integral  part  of  total  design  quality.  The 
primary  purpose  of  this  paper  is  to  introduce  the  design  engineer  to  the  concept  of 
structural  reliability  and  its  potential  influence  on  structural  design.  This  paper 
reviews  existing  design  methods  and  traces  the  development  of  LRFD  format.  Basic 
structural  reliability  theory  is  presented,  and  its  relationship  to  LRFD  is  explained. 
Advantages  and  disadvantages  in  using  LRFD-based  codes  are  also  discussed. 


Introduction 

In  a  large  organization  such  as  the  Corps 
of  Engineers,  the  end  quality  of  a  product  de¬ 
pends  on  the  combined  effort  of  many  profes¬ 
sionals  having  very  diversified  fields  of 
expertise.  Management,  quality  control,  de¬ 
sign,  peer  review,  value  engineering,  construc¬ 
tion  management,  etc.  contribute  toward 
producing  this  quality  product  to  meet  a 
customer’s  needs.  This  paper  will  emphasize 
the  theme  of  the  conference,  “Total  Design 
Quality.”  An  engineer,  even  after  attaining 
professional  status  by  obtaining  the  license  of 
a  Professional  Engineer,  must  continually  edu¬ 
cate  himself/herself  to  remain  technically  pro¬ 
ficient  and  current.  Keeping  up  with  the 
latest  developments  in  the  field  is  an  integral 
part  of  total  design  quality. 

The  method  of  structural  steel  design  in 
the  US  has  undergone  major  changes  within 
the  last  5  years.  Most  of  the  building  codes  in 


the  US  adopt  the  specifications  by  the  Ameri¬ 
can  Institute  of  Steel  Construction  (AISC)  for 
use  in  structural  steel  design.  At  present,  AISC 
has  two  versions  of  the  code.  One  version  is 
the  9th  Edition  (AISC  1989)  of  the  traditional 
Allowable  Stress  Design  (ASD)  code,  also 
known  as  the  working  stress  method.  The 
other  version  is  the  first  edition  of  the  Load 
and  Resistance  Factor  Design  (LRFD)  code 
(AISC  1986).  An  engineer  in  private  practice 
has  the  option  of  using  either  one  of  the  codes 
at  the  present  time.  However,  it  is  very  likely 
that  in  the  near  future  only  the  LRFD  code 
will  be  in  use.  The  primary  purpose  of  this 
paper  is  to  review  and  summarize  the  theory 
and  rational  behind  the  development  of  the 
LRFD  code.  Having  an  understanding  of  the 
development  will  certainly  benefit  an  engi¬ 
neer  trying  to  use  the  code.  For  the  sake  of 
completion,  the  paper  will  start  with  a  review 
of  the  common  design  philosophies  in  struc¬ 
tural  design  and  the  methods  currently  used  in 
some  building  materials. 


1  Structural  Engineer,  US  Army  Engineer  District,  St  Paul;  St.  Paul,  MN. 
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Design  Philosophies 

There  are  two  philosophies  of  structural  de¬ 
sign  in  current  use  (Salmon  and  Johnson  1990). 
One  is  the  working  stress  method  of  design 
(WSD),  also  referred  to  as  the  ASD.  AiSC,  the 
American  Association  of  State  Highways  and 
Transportation  Officials  (AASHTO),  the  timber 
industry,  etc.  have  used  the  ASD  for  many 
years.  In  ASD,  design  is  done  corresponding  to 
the  actual  ’working  load’  and  the  calculated 
’working’  stresses  are  compared  with  a  set  of  al¬ 
lowable  stresses.  The  allowable  stresses  are 
usually  obtained  by  dividing  the  failure  stresses 
by  a  corresponding  factor  of  safety.  For  exam¬ 
ple,  tensile  failure  stress  in  steel  corresponds  to 
its  yield  stress. 

The  second  philosophy  of  design  is  the  limit 
states  design  (LSD).  The  methods  such  as 
strength  design  method  (SDM),  load  factor  de¬ 
sign,  ultimate  strength  design  (USD),  plastic 
design,  and  the  load  and  resistance  factor  de¬ 
sign  are  all  some  form  of  LSD.  In  this  philos¬ 
ophy  of  design,  a  structure  and  its  elements 
are  checked  at  various  “limit”  states.  A  limit 
state  is  a  condition  in  which  a  structure  or  one 
of  its  component  ceases  to  provide  its  intended 
function.  A  limit  state  does  not  necessarily 
imply  a  physical  failure  in  the  structure.  There 
are  two  types  of  limit  states.  At  the  service¬ 
ability  limit  state,  a  structure  becomes  unable 
to  provide  its  intended  function.  At  the 
strength  limit  state,  the  structure  becomes  un¬ 
safe.  In  an  LRFD  approach,  strength  limit 
states  are  checked  because  of  the  concern  for 
safety.  However,  in  some  situations,  service¬ 
ability  limit  states  such  as  deflection,  vibra¬ 
tion,  crack  width  (in  concrete  structures),  etc. 
are  checked  after  a  design  is  done  using  the 
strength  limit  state.  In  the  SDM,  design  loads 
are  multiplied  by  a  “load”  factor,  and  the  re¬ 
sulting  stresses  are  compared  with  the  corre¬ 
sponding  “failure”  strength.  In  the  SDM,  a 
designer  gets  a  feel”  for  the  structure  and  its 
members  at  their  “failure”  state  and  is  able  to 
analyze  the  structure  more  rationally. 

Within  the  Corps  of  Engineers,  the  Engi¬ 
neer  Manuals  and  Engineer  Technical  Letters 
are  some  of  the  guides  available  to  designers. 


EM  1110-1-2101,  “Working  Stresses  for 
Structural  Design”  (Headquarters,  Depart¬ 
ment  of  the  Army,  1972)  gives  the  allowable 
stresses  for  various  materials  under  different 
conditions.  ETL  1 1 10-2-312,  “Strength  De¬ 
sign  Criteria  for  Reinforced  Concrete  Hydrau¬ 
lic  Structures,”  (Headquarters,  Department  of 
the  Army,  1988)  is  used  for  reinforced  con¬ 
crete  hydraulic  structures  with  the  SDM.  The 
load  factors  given  in  the  ETL  1 1 10-2-312  are 
higher  than  those  given  in  the  American  Con¬ 
crete  Institute  (ACI)  318-89  code  (AC1  1989). 
This  ETL  also  specifies  the  use  of  48-ksi 
yield  strength  for  Grade  60  steel.  At  the  pres¬ 
ent  time,  a  draft  version  of  an  Engineer  Man¬ 
ual,  EM  1 1 10-2-XXXX,  “Strength  Design  for 
Reinforced  Concrete  Hydraulic  Structures” 
(Headquarters,  Department  of  the  Army,  draft 
version),  is  available.  This  EM  specifies  the 
use  of  Grade  60  steel  with  a  yield  strength  of 
60  ksi  and  load  factors  which  are  the  same  as 
those  specified  in  the  ACI  code  except  for  hy¬ 
draulic  structures.  For  hydraulic  structures, 
the  load  factors  are  multiplied  by  a  factor  of 
1.30. 

Reinforced  concrete  design 

In  reinforced  concrete  design,  “Building 
Code  Requirements  for  Reinforced  Con¬ 
crete,”  ACI  318-89,  (ACI  1989)  is  adopted  by 
many  code  authorities.  Until  1963,  ACI  had 
used  only  the  WSD  in  its  code.  In  the  1963 
edition,  it  introduced  an  alternate  method  of 
design  known  as  USD.  As  we  are  all  familiar 
now,  the  present  ACI  code  has  the  SDM  as 
the  primary  method  with  the  WSD  as  an  alter¬ 
nate  design  method.  Although  WSD  is  still 
used  in  a  few  special  circumstances,  SDM  is 
the  widely  used  design  method  for  reinforced 
concrete  design.  Work  is  presently  underway 
to  reevaluate  the  load  and  resistance  factors 
based  on  reliability  analysis  for  the  ACI  code. 

Other  structural  designs 

At  the  present  time,  the  wood  industry  is 
developing  an  LRFD  specification  for  wood 
construction.  AASHTO  specifies  the  use  of 
one  form  of  load  factor  design  and  is  in  the 
process  of  developing  an  LRFD  based  code. 
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The  American  Petroleum  Institute  has  explored 
the  possibility  of  adopting  an  LRFD  based  code 
for  the  design  of  offshore  structures.  With  the 
above  mentioned  developments,  a  structural  en¬ 
gineer  is  bound  to  come  across  designs  done 
using  an  LRFD  specification.  In  the  undergrad¬ 
uate  civil  engineering  curriculum,  many  univer¬ 
sities  across  the  country  have  started  teaching 
the  LRFD  based  design.  Therefore,  a  structural 
engineer  must  get  comfortable  with,  understand, 
and  be  able  to  use  LRFD  based  specifications. 

Structural  Reliability 

Other  branches  of  engineering  have  used 
the  theory  of  reliability  for  a  long  time.  In 
structural  engineering,  the  theory  of  reliabil¬ 
ity  has  been  utilized  primarily  during  the  last 
2  decades.  In  an  engineering  design,  the  mere 
fact  we  use  a  safety  factor  is  our  tacit  accep¬ 
tance  that  some  of  the  assumptions  in  the  anal¬ 
ysis,  design,  and  construction  are  not  known 
with  complete  accuracy.  A  safety  factor  is 
used  even  when  an  analysis  is  correct  which 
indicates  that  material  strengths  (resistance) 
and  the  design  loads  are  not  known  with 
enough  accuracy.  In  fact,  it  is  almost  impossi¬ 
ble  to  accurately  predict  some  of  the  future 
live  loads.  There  is  always  a  possibility  for 
understrength  of  the  material  or  for  overload¬ 
ing  to  occur.  Therefore,  it  becomes  logical  to 
treat  the  design  variables  statistically.  Struc¬ 
tural  reliability  theory  is  a  tool  to  treat  those 
parameters  as  random  variables.  Safety  can 
be  assured  only  in  terms  of  probability  that 
the  available  material  strength  will  be  able  to 
withstand  the  possible  maximum  load  during 
the  design  life. 

Consider  a  structural  member  with  a  nomi¬ 
nal  resistance  of  R  ,  subjected  to  a  nominal 
load  effect  of  Q  .  Note  that,  in  general,  both 
R  and  Q  are  random  variables.  Safety  mar¬ 
gin  M  of  the  member  is 


Pf=P(M<0)  (2) 

The  random  variables  R  and  Q  can  have 
any  type  of  distributions.  Also,  note  that 
Equation  1  represents  a  simple  form  of  the 
safety  margin.  It  is  quite  possible  that  the 
load  effect  term  Q  could  be  a  combination  of 
multiple  loads  and  the  expression  for  safety 
margin  could  get  more  complicated.  However, 
for  the  sake  of  explanation,  the  discussion  is 
continued  with  the  expression  for  M  as 
shown  in  Equation  1. 

Probability  density  (frequency)  functions  for 
the  load  and  the  resistance  variables  together 
with  the  terminology  used  are  shown  in  Figure  1 . 
When  the  density  functions  overlap  as  shown, 
then  there  is  a  possibility  of  failure.  Probability 
of  failure  can  be  qualitatively  indicated  within 
the  overlap  region  as  shown  in  Figure  1.  Proba¬ 
bility  of  failure  is  given  by  a  convolution  inte¬ 
gral.  When  the  random  variables  R  and  Q  are 
statistically  independent, 

oo 

Pf  =  /  Fr  (x)  fQ  (x)  dx  (3) 


or 

oo 

Pf  =  J  [1  -  FQ(x)]fR(x)dx  (4) 

— OO 

Probabilities  of  failure  and  success  (nonfail¬ 
ure)  are  always  complimentary  and  therefore, 

P  -  1  -  Pf  (5) 

s  f 

As  it  can  be  noticed  from  Figure  1,  proba¬ 
bility  of  failure  depends  on  the  relative  posi¬ 
tions  as  well  as  the  degree  of  dispersion  of  the 
density  functions. 


M  =  R  -  Q 


(1) 


Concept  of  Reliability  Index 


Expression  for  the  safety  margin  M  is  also 
known  as  failure  function.  Whenever  Q  ex¬ 
ceeds  R  ,  the  member  is  considered  failed. 
The  probability  of  failure  is 


Consider  a  case  where  both  R  and  Q  are 
normally  distributed  and  statistically  indepen¬ 
dent.  A  normally  distributed  random  variable 
R  which  has  a  mean  of  p  and  a  standard 
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deviation  a  is  denoted  by  N(p,a) .  There¬ 
fore,  R  and  Q  may  be  written  as: 

R  =  N  0^,  Or)  ( 


a  distance  of  (3  times  0M  from  the  origin. 
Knowing  [3  ,  the  probability  of  failure  can  be 
obtained  from  the  distribution  of  a  standard 
normal  curve. 


Q  =  N  (pQ,  oQ)  (7) 

Since  R  and  Q  are  normally  distributed,  the 
variable  M  is  also  normally  distributed.  Let 

M  =  N^,aM>  (8) 

The  random  variable  M  can  be  transformed 
into  a  standard  (unit)  normalized  variable  Z 
using  the  transformation 

(M  -  I^m)  (9) 


A  standard  normal  distribution  Z  can  be  de¬ 
noted  by  N(0,1).  Using  the  definitions  given 
in  Equations  2  and  9,  the  probability  of  fail¬ 
ure  becomes  as 


The  preceding  discussion  involved  the  defi¬ 
nition  of  reliability  index  for  a  structural 
member  or  element  having  a  simple  linear 
failure  function  involving  two  normally  dis¬ 
tributed,  statistically  independent  variables. 
There  have  been  methods  established  in  the 
literature  for  defining  reliability  involving 
nonnormal  variables,  correlated  variables,  and 
complex  failure  functions.  Three  such  refer¬ 
ences  are  Hasofer  and  Lind  (1974),  Ellingwood, 
et  al.  (1980),  and  Thoft-Christenson  and  Baker 
(1982).  For  log-normally  distributed  R  and 
Q  ,  it  has  been  shown  that  the  reliability  index 
is  approximately  equal  to 


fv2  +  V2 

'  R  Q 


Pf  =  P  Z  <  — 
f 


That  is 

p,=  4^U<-l»  CD 

V  / 

where  <f>  is  standard  normal  distribution  func¬ 
tion  and 

«  =  hi  =  ^R~^Q  (12) 

^ 

In  Equation  1 1,  is  replaced  by  (3  ,  de¬ 

fined  as  the  reliability  index.  Therefore, 

l*M”P0M  (,3> 

From  Figure  2  and  Equation  13,  it  can  be  no¬ 
ticed  that  the  mean  margin  of  safety  pM  is  at 


where  VR  and  are  the  coefficients  of  vari¬ 
ation  of  the  variables  R  and  Q  ,  respectively. 

Probability  Based  Design 

Previous  discussion  involved  the  defini¬ 
tions  of  reliability  and  the  reliability  index 
[3  .  To  be  of  practical  use,  the  (3  must  be 
taken  into  consideration  in  design.  To  obtain 
the  design  factors,  denominator  of  Equation  14 
is  approximated  as  (Ravindra  and  Galambos 
(1978),  and  Pinkham  and  Hansell  (1978)) 


^VR  +  Vq  s«<Vr  +  Vq)  (15) 

where  a  is  a  constant.  With  the  approxima¬ 
tion  of  Equation  15,  Equation  14  reduces  to 

pR  exp  (-cc(3Vr)  =  pQ  exp  (-apVQ)  (16) 
Defining 

4>  =  exp(-aj3V  )  (17) 
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PROBABILITY  DENSITY 


Figure  2.  Reliability  index  concept 
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Y,  =  exp  (-<x(5Vq)  (18) 

Equation  16  becomes 

=  YjHq  09) 

A  bias  factor  b  is  defined  as  the  mean  value 
divided  the  characteristic  or  nominal  value  of 
a  random  variable.  In  terms  of  the  nominal 
values.  Equation  19  is  written  as 

*t»RR„  =  Y,KqQ„  <20) 


reliability  for  all  members.  Note  that  in  Equa¬ 
tion  21  the  right-hand  side  could  include  more 
than  one  term  corresponding  to  the  load  effects 
of  multiple  loads  acting  concurrently.  In  that 
case,  each  load  would  have  independent  load 
factor.  Note  that  the  discussion  heretofore  has 
dealt  only  with  member  reliability.  Another 
area  where  research  is  still  being  done  is  the 
system  reliability.  It  is  conceivable  that  the 
load  and  resistance  factors  may  be  modified  in 
the  future  to  account  for  advantages  arising 
frcm  structural  system  reliability. 

Benefits  of  LRFD 


Equation  20  is  written  in  the  familiar  design 
form  as: 

4>Rn  >  yQn  (21) 

Note  that  Equation  21  is  the  design  format 
used  in  the  LRFD  design. 

<j>  =  resistance  factor  =  f  (p,  VR)  (22) 

Y  =  load  factor  =  g  (P,  VQ)  (23) 

Each  load  and  resistance  factor  depends  only 
on  its  uncertainty  (i.e.,  the  scatter  of  the  vari¬ 
able  V)  and  the  reliability  index  p  .  In  other 
words,  load  and  resistance  factors  are  chosen 
to  reflect  a  certain  level  of  “predetermined” 
safety  through  the  use  of  reliability  index. 

Code  writing  authorities  decide  the  required 
level  of  safety  considering  other  factors  such 
as  construction  practices,  and  environmental, 
social,  and  economic  considerations.  In  the 
format  available  to  a  designer,  the  LRFD  for¬ 
mat  as  shown  in  Equation  21  is  simple  to  use 
as  previously  familiar  ASD  methods. 

The  load  and  tesistance  factors  given  in 
the  AISC  LRFD  Specifications  (AISC  1986) 
were  obtained  after  extensive  research  and 
discussion.  Research  was  done  to  obtain  ma¬ 
terial  and  load  characteristics  and  to  calibrate 
the  load  and  resistance  factors  with  ASD  spec¬ 
ifications.  The  factors  given  in  the  LRFD 
specifications  are  supposed  to  give  uniform 


One  question  that  needs  an  answer  is 
“Why  LRFD?”  It  is  another  way  of  propor¬ 
tioning  structural  members.  When  the  LSD 
was  introduced  in  reinforced  concrete  design, 
the  load  factors  were  introduced  based  on  the 
previous  design  experience  and  on  an  elemen¬ 
tary  statistical  model  rather  than  an  extensive 
probabilistical  analysis  (MacGregor  1988). 

In  effect,  in  an  LRFD  based  design,  the  struc¬ 
tural  members  are  designed  to  reflect  a  prede¬ 
termined  level  of  safety.  Structural  reliability 
theory  has  helped  the  code  writers  to  quantify 
the  risk  involved. 

Saving  in  materials  is  also  possible  using 
LRFD.  In  cases  where  the  ratio  of  live  load 
to  dead  load  (L/D)  decreases  below  unity,  the 
LRFD  format  gives  lighter  members  compared 
to  that  obtained  using  ASD.  On  the  other  hand, 
when  the  ratio  L/D  increases  above  unity, 

LRFD  may  not  produce  savings  in  materials. 
However,  it  assures  uniform  reliability.  In  a 
study  by  AISC  (1988),  it  was  reported  that  in 
office  buildings,  designs  using  LRFD  resulted 
in  average  weight  savings  of  6.6  percent  for 
beams  and  3.6  percent  for  columns  for  a  com¬ 
bined  average  savings  of  5.5  percent.  In  park¬ 
ing  structures,  combined  average  savings  was 
10.1  percent.  Composite  floor  systems  pro¬ 
duced  a  savings  of  4  to  12  percent.  Although 
the  percentage  of  saving  using  LRFD  may  not 
be  very  high,  the  method  provides  a  uniform 
level  of  safety  for  all  members. 

Many  advantages  of  the  LRFD  method 
were  explained  in  detail  by  Beedle  (1986)  and 
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are  summarized  below.  LRFD  is  another  design 
tool  for  the  structural  engineer  and  an  added  op¬ 
tion.  ASD  is  an  approximate  way  to  account 
for  what  LRFD  does  in  a  more  rational  way. 

Use  of  individual  load  factors  will  lead  to  sav¬ 
ings  in  materials.  The  LRFD  makes  the  design 
in  all  materials  more  compatible  and  gives  the 
designer  a  framework  needed  to  handle  any  un¬ 
usual  situation.  The  LRFD  method  also  accom¬ 
modates  the  input  of  new  information  on  loads 
and  load  variations  when  that  information  be¬ 
comes  available.  Similarly,  new  information 
on  materials  also  can  be  easily  incorporated. 
Finally,  the  LRFD  makes  the  design  in  all  mate¬ 
rials  more  compatible. 

LRFD  and  the  Corps 

The  last  item  that  must  be  addressed  is 
“Should  the  Corps  of  Engineers  adopt  the 
LRFD  format?”  The  decision  authority  lies 
with  Headquarters,  US  Army  Corps  of  Engi¬ 
neers.  It  is  the  author’s  opinion  that  the  struc¬ 
tural  engineers  in  the  Corps  should  be  familiar 
with  the  method  and  could  have  it  as  an  option. 
The  Corps  can  adopt  the  LRFD  method  and 
still  retain  the  desired  level  of  reliability 
through  the  use  of  appropriately  calibrated  load 
and  resistance  factors.  Once  guidance  is  avail¬ 
able  on  LRFD,  the  routine  use  of  the  method  in 
design  should  not  pose  any  difficulty  for  struc¬ 
tural  engineers.  An  added  benefit  of  under¬ 
standing  the  reliability  theory  is  that  it  can  be 
utilized  in  other  areas  where  a  probabilistic  risk 
assessment  becomes  necessary  or  useful. 
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Lateral  Stability  of  Beams  Loaded  by  Transverse 
Members  Bearing  on  Their  Top  Flanges 

Bruce  Brand,  PE 1 


Abstract 

The  moment  capacity  of  steel  beams  is  often  limited  by  stability  considerations. 
Lateral  restraint  from  diaphram  action  inhibits  lateral  torsional  buckling  in  beams 
supporting  cast-in-place  decks.  Similar  lateral  restraint  is  hard  to  provide,  how¬ 
ever,  when  other  decking  systems  such  as  timber  or  precast  planks  are  used. 

The  closed-form  solutions  presented  here  take  into  account  the  restoring  mo¬ 
ments  exerted  by  transverse  members  on  the  top  flange  of  the  beam  on  which  they 
bear  and  shows  that  lateral  torsional  buckling  is  greatly  inhibited  by  these  restoring 
moments. 


Introduction 

There  have  been  many  treatments  of  the 
problem  of  lateral  torsional  buckling  of 
beams.  A  common  approach  has  been  to  mod¬ 
ify  the  solution  for  the  beam  subject  to  pure 
bending  under  constant  moment  with  multipli¬ 
ers  as  is  done  by  the  American  Institute  of 
Steel  Construction  in  the  AISC  Manual  of 
Steel  Construction  (The  Cb  coefficients). 
While  this  approach  adequately  takes  into  ac¬ 
count  moment  gradient,  it  ignores  the  manor  in 
which  the  beam  is  actually  loaded.  In  practice, 
beams  are  almost  never  loaded  by  end  couples 
alone.  Moments  are  produced  by  transverse 
loads.  How  those  loads  are  applied  can  greatly 
affect  the  lateral  stability  of  the  beam. 

Development  of  Solution 

Figure  1  shows  the  undeflected  and  de¬ 
flected  state  of  a  beam  undergoing  lateral  tor¬ 
sional  buckling.  Note  the  term  C*<j>/W(s) . 

This  represents  the  tendency  for  the  resultant 


location  of  the  load  W  .  to  move  with  respect 
to  the  twist  angle  <}>  .  Tne  constant  C  relates 
the  restoring  moment  produced  by  this  eccen¬ 
tricity  to  the 
twist  angle  <j> 
and  is  a  func¬ 
tion  of  the 
stiffness  of 
the  top  flange 
and  the  mem¬ 
ber  bearing 
upon  it.  The 
solution  will 
proceed  by  de¬ 
fining  the  total 
energy  of  a 
variation  in 
terms  of  the 
local  coordi 
nate  system, 

U,  V,  <j>, 
and  setting 
that  energy 
equal  to  zero. 


wtm  *FTf*  QEFVCC7I0M 


Figure  1 .  Lateral  torsional 
buckling 


1  US  Army  Engineer  District,  .St.  Paul;  St.  Paul.  MN. 
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Total  internal  strain  energy  O  is  given  by: 

1  I^OJ"2)  +  Iyy*(V"2)  +  r*(4»"2)j  +  G*J*(0/2)j  ds 

where 

Ixx  =  major  axis  moment  of  inertia 
Iyy  =  minor  axis  moment  of  inertia 
G  =  shear  modulus 
J  =  torsional  constant  for  the  section 
T  =  warping  constant  for  the  section 
s  =  distance  along  the  beams  longitudinal  axis 
Primed  terms  are  derivatives  with  respect  to  s  . 

The  total  external  potential  energy,  il ,  due  to  the  applied  load  W(s)  is  given  by: 


I  (W<S)* 


(C*dn  D  1 

V*  sin  (<j>)  +  U*  cos  (<j>) -  rrr^  *  sin  (0)  +—  *(1  -cos  (<(>))  V  ds 

W(*>  2  _J 


where  W(s^  =  load  function  of  s  . 

Consider  the  special  case  in  which  W(s)  is  simply  a  point  load  at  s  =  L/2  caused  by  a  trans¬ 
verse  member  bearing  on  a  simply  supported  beam,  and  assume  that  U  ,  V  ,  and  §  are  given 
by  the  following: 


IT  A  *  •  tt*S 

U  =  Aj*  sin  — — 


V  =  A2*sinf~ 


x  »  .  ■  fn^s'l 
<p  =  A3*  sin 

L> 

\  y 


Substituting  these  three  expressions  for  U  ,  V  ,  and  <|>  into  Equations  1  and  2  yields  the 
following: 


=  J~  *(E*Ixx*A2  +  E*Iyy*A^  +  (E*r  +  G*J)  *A2] 

4L 

Q  =  -P  |a2*  sin(A3)  + Aj*cos(A3) -~*A3*  sin(A3)  +  y*[l -cos(A3)j|- 
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In  both  Equations  10  and  11,  the  factor  C  augments  the  torsional  resistance  of  the  beam  hav¬ 
ing  the  effect  of  inhibiting  lateral  torsional  buckling.  The  significance  of  this  virtual  restraint  in¬ 
creases  with  beam  length  and  eventually  dominates  the  torsional  and  warping  restraint.  For  large 
values  of  L  ,  Equation  1 1  approaches: 


(12) 


The  significance  of  this  virtual  restraint  can 
now  be  seen.  The  critical  uniform  load  W  as 
limited  by  lateral  torsional  buckling  is  now  pro¬ 
portional  to  1/L2 ,  just  as  it  is  when  limited  by 
flexural  strength.  This  means  that  for  suffi¬ 
ciently  large  values  of  C  ,  lateral  torsional  buck¬ 
ling  will  never  control  the  design  of  a  beam 
regardless  of  the  its  length.  This  fact  can  be  seen 
in  Figure  2.  Here  the  ratio  of  W  ,  limited  by  lat¬ 
eral  torsional  buckling  to  W  limited  by  beam 
strength,  is  plotted  with  respect  to  beam  length 
for  a  particular  wide  flange  section.  For  C  =  0  , 
lateral  torsional  buckling  controls  for  span 
lengths  over  20  ft.  For  C  >  3 ,  lateral  torsional 
buckling  will  never  control. 


Figure  3.  Determination  of  the  constant  "C" 


Figure  2.  Failure  mechanism  for  W  18  by  55 

The  magnitude  of  C  depends  on  the  flex¬ 
ural  stiffness  of  the  top  flange  and  the  bearing 
stiffness  of  the  member  bearing  upon  it.  Fig¬ 
ure  3  shows  the  top  flange  of  a  beam  with  a 
cross-bearing  member.  This  situation  can  be 
idealized  using  the  Winkler  foundation  concept. 
The  spring  constant  “K”  of  the  cross-bearing 
member  of  Figure  3  can  be  conservatively  esti 
mated  by  assuming  that  the  contact  stress  on 
the  bottom  surface  of  the  cross-bearing  mem¬ 
ber  decays  to  zero  at  the  top  surface  in  a  linear 
fashion.  This  yields  the  following  equation: 


2*Ed 

H 


where  H  =  deck  thickness  and  Ed  =  deck  modulus  of  elasticity  . 


(13) 
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As  can  be  seen  from  the  size  of  C  computed  in  the  previous  example  and  from  Figure  2,  a 
wide  variety  of  cross-bearing  members  or  decking  should  provide  sufficient  virtual  restraint  to  to¬ 
tally  eliminate  lateral  torsional  buckling  as  a  failure  mechanism. 
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Automated  Modular  Design  (Kit-of- Parts) 
US  Army  Reserve  Center 


by 

Anjana  K.  Chudgar,  PE 1 


Abstract 

The  Kit  of  Parts  is  a  new  concept  which  standardizes  functional  areas  of  design 
while  maintaining  flexibility  in  the  layout  and  size  of  a  building.  Kit  of  Parts 
combines  the  adaptability  of  custom  design  with  the  speed  and  consistency  of 
quality. 

The  Kit  of  Parts  organizes  reserve  center  into  basic  functional  areas;  these  would 
include  kitchen,  administration,  drill,  storage,  maintenance,  etc.  Several  sizes  of 
each  area  are  designed  as  three-dimensional  modules  that  can  be  manipulated  and 
arranged  to  fit  specific  site  and  individual  customer  needs.  Alternate  configurations 
of  support  spaces  within  modules  provide  further  flexibility.  This  allows  the  de¬ 
signer  to  experiment  with  various  design  solutions  to  suit  the  diverse  needs  of  the 
individual  customer,  and  site  conditions. 

The  Kit  of  Parts  consists  of  computer  process  quality  and  computer  generated 
contract  document,  specifications,  schedules,  tables,  and  calculations  necessary  to 
create  a  set  of  contract  documents  ( architectural ,  structural,  mechanical,  plumbing, 
and  electrical )  for  Reserve  Center,  exclusive  of  site-specific  requirements.  This 
innovative  approach  is  made  possible  through  the  application  of  our  CADD  tools 
and  related  skills. 

US  Army  Reserve  Center  in  any  location  in  the  United  States  of  America  can  be 
completely  designed  by  the  local  Corps  District  (or  its  “ site  AE”  firm)  and  ready  to 
advertise  in  a  matter  of  weeks. 


Introduction 

New  US  Army  Reserve  Centers  (USARC) 
are  treated  as  separate  and  unique  design  with 
functional  relationships  and  aesthetics  that 
vary  considerably.  The  development  of 
“building  blocks”  or  module  for  all  Reserve 
buildings  reduces  administration  and  design 
time.  These  three  dimensional  standardized 
modules,  while  maximizing  economy  and 


uniformity,  reduce  the  design  to  a  mere  site 
adapt  process  taking  only  a  few  weeks.  In  the 
past,  all  facilities  were  designed  individually. 
Standard  designs  were  considered  but  auto¬ 
mated  design  was  considered  flexible  and 
economical. 

The  design  concept  is  based  on  the  devel¬ 
opment  of  a  number  of  building  plans  which 
increase  in  size  at  specified  square  foot 


1  US  Army  Engineer  Division,  Ohio  River;  Cincinnati,  OH. 
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increments.  One  of  several  architectural 
styles  is  then  applied  to  the  facade  depending 
on  where  it  is  located  in  the  country.  This  con¬ 
cept  eliminates  the  repetitive  design  process 
but  does  allow  necessary  flexibility. 

The  goal  for  the  USARC  automated  design 
system  modular  program  is  a  concept  that  al¬ 
lows  flexibility  of  layout  between  functional 
areas.  The  module  concept  is  based  on  pro¬ 
gram  and  space  relationship  analyses  to  deter¬ 
mine  what  major  functional  areas  in  Reserve 
Centers  can  be  converted  into  “building 
blocks”  or  modules.  Even  though  each  block 
is  dependent  on  the  other  to  a  certain  degree, 
each  block  is  a  separate  identifiable  operation 
(function)  within  a  Reserve  Center. 

Goal 

The  Automated  Modular  Design  provides 
“Total  Design  Quality.”  The  goals  of  the 
modular  program  for  USARC  are  to: 

•  Develop  a  standard  plan  concept  that  will 
allow  flexibility  between  functional  areas. 

•  Maximize  user  input  producing  an  indi¬ 
vidually  designed  product  using  as¬ 
semblyline  techniques. 

•  Reduce  total  design  and  review  time. 

•  Reduce  total  design  cost. 

•  Improve  quality  of  construction  through 
standardized  plans  and  specifications  and 
fewer  construction  modifications. 

The  cost  to  develop  the  Automated  Modu¬ 
lar  Design  of  USARC  is  about  $2.4  million 
and  approximately  3  years  of  time.  It  is  esti¬ 
mated  that  13  Army  Reserve  Center  projects 
will  pay  back  the  initial  investment;  after 
that,  every  30  projects  built  will  result  in  sav¬ 
ings  of  between  $4  and  $5  million. 

A  System  of  Modules 

The  layout  of  an  Army  Reserve  Center  is 
easily  created  by  combining  modules  that 


cover  the  basic  functional  areas,  such  as  Lobby 
module,  Administration  module.  Eduction  mod¬ 
ule,  Unit  storage  module.  Band  room  module. 
Rifle  range  module.  Toilet  room  module,  Me¬ 
chanical  room  module,  etc  (Figures  1-3).  The 
sizes  of  modules  are  based  on  square  footage 
requirement  provided  in  "Space  Guidelines, 
US  Army  Reserve  Facilities”  (1986).  Func¬ 
tionalities,  adjacencies  and  other  pertinent 
data  were  obtained  from  “Design  Guide  for 
US  Army  Reserve  Facilities.”  After  a 
through  overview  of  the  space  requirements 
for  all  potential  modules,  and  taking  into  con¬ 
sideration  reasonable  structural  spans,  a  30-ft 
dimension  in  at  least  one  direction  (constant) 
and  multiples  of  various  bay  size  in  the  oppo¬ 
site  direction  were  used  as  a  planning  grid. 

•  Educational  modules  30  ft  wide  by  20  ft 
deep  accommodate  two  15  ft  wide  class¬ 
rooms  which  meet  AR  140-485  space  re¬ 
quirements  (300  sq  ft  each) 

•  Unit  storage  modules  30  ft  wide  by  40  ft 
deep  accommodate  8-  by  12-ft  wire  cag¬ 
ing  with  a  6  aisle  between. 

•  The  arms  vault  30  ft  wide  by  24  ft  deep 
(within  the  Assembly  module)  also  ac¬ 
commodates  similar  caging  and  aisle  re¬ 
quirements. 

•  Administration  modules  work  in  multi¬ 
ples  of  30-ft  square  bays  and  can  accom¬ 
modate  office  and  other  special  training 
sub-modules  located  as  necessary  within 
this  space. 

The  30-ft  dimension,  therefore,  should  re¬ 
sult  in  an  optimum  bay  size  providing  neces¬ 
sary  flexibility  to  meet  specific  program  needs. 
A  15-ft  sub-grid  is  also  used  to  expand 
spaces  as  necessary. 

The  USARC  modular  program  uses  con¬ 
ventional  building  components  familiar  to 
contractors  throughout  the  country.  A  struc¬ 
tural  system  designed  for  nation-wide  use, 
available  on  a  matrix  that  provides  a  designed 
structural  system  (by  engineer  selection)  to 
meet  specific  local  (wind,  seismic. etc.)  code 
requirements.  With  the  selective  choice  of 
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Figure  1 .  US  Army  Reserve  Center  modules 
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SOILS  TESTING  LAB  SUB-MODULE  COHERENCE  ROOM  SUB-MODULE 


PHOTO  LAB  SUB-MODULE 


OFFICE  SUB-MODULE 


DRAFTING  ROOM  SUB-MODULE 


MEDICAL  SECTION  SUB-MODULE 


SCIF  SUB-MODULE 


ORGANIZATIONAL  MAINTENANCE 
SHOP  MODULE 


ORGANIZATIONAL  maintenance 
shop  MODULE 


Figure  2.  Additional  modules,  US  Army  Reserve  Center 
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Figure  3.  Assembly  modules,  US  Army  Reserve  Center 
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subsystems,  it  becomes  a  fully  integrated  net¬ 
work  of  services  appropriate  to  the  spatial 
needs  of  the  program.  The  structure  uses  these 
components  and  basic  construction  skills  as  a 
building  system.  Where  possible,  all  structural 
members — column,  beam,  and  joist — are  identi¬ 
cal,  fixed  in  height,  length,  and  size.  An  effi¬ 
cient  and  economical  framing  system  must 
respond  to  functional  needs  while  accommodat¬ 
ing  varying  wind,  snow,  and  seismic  loadings. 

Each  functional  area  is  represented  by 
many  modules,  each  of  a  different  size.  By 
selecting  a  module  from  each  required  family 
of  parts  and  arranging  them  in  the  proper  con¬ 
figuration,  one  can  create  Reserve  Centers 
that  vary  in  size  and  programmatic  need.  Sub- 
modules  comprised  of  general  offices  as  well 
as  special  training  areas  can  be  placed  in  dif¬ 
ferent  locations  within  major  modules. 

The  program  takes  the  “site  A/E”  firm  well 
into  the  design,  leaving  only  site-specific 
items  to  address.  This  work  included  all 
civil,  landscape,  foundation,  and  slab  design 
and  sizing  of  mechanical,  plumbing,  and  elec¬ 
trical  equipment  and  systems.  This  is  neces¬ 
sary  because  of  environmental,  geotechnical 
and  generally  unpredictable  design  parameter 
differences  across  the  United  States.  The 
basic  architecture  and  graphics  of  the  build¬ 
ing  should  be  constant  to  reinforce  the  iden¬ 
tity  of  “US  Army  Reserve  Center”  throughout 
the  country.  Various  facade  materials  in¬ 
cluded  in  the  modular  program  should  be  se¬ 
lected  to  achieve  connection  to  and  harmony 
with  region  and  locale.  Easily  maintained  ma¬ 
terials  should  be  specified  for  all  work  areas 
of  the  building.  Neutral  colors  with  lively  ac¬ 
cents  can  create  a  dynamic,  energetic  quality 
while  providing  a  pleasant  work  environment. 

CADD 

The  modular  program  consists  of  computer 
generated  drawings,  specifications,  schedules, 
tables,  and  calculations  necessary  to  create  a 
set  of  contract  documents  to  construct  Reserve 
Centers  exclusive  of  site-specific  design  fea¬ 
tures  and  requirements.  The  design  includes 


complete  architectural,  structural,  mechani¬ 
cal,  plumbing,  and  electrical  drawings  and  de¬ 
tails.  These  accommodate  the  standard 
modules  and  their  typical  combinations,  in¬ 
cluding  rotated  and/or  mirrored  orientations. 
Using  scale  copies  of  the  modules,  the  group 
of  designers  for  the  US  ARC  plan  the  layout 
of  the  building  over  the  site  plan.  When  the 
modules  to  be  used  have  been  chosen  and  ar¬ 
ranged  on  the  site  plan,  they  are  assembled  by 
CADD  into  a  total  Building  Plan,  and  com¬ 
plete  working  drawings  are  produced  in  as  lit¬ 
tle  as  three  to  four  weeks  versus  the  eighty 
weeks  it  took  in  the  past. 

Development  of  USARC 
Kit-of-Parts 

Defining  the  scope  of  work  for  the  develop¬ 
ment  of  a  modular  program  is  a  demanding 
task.  The  task  force  personnel  assigned  to  the 
program  must  be  innovative,  forward  think¬ 
ing,  and  must  have  a  complete  understanding 
of  the  factors  involved  in  this  type  of  develop¬ 
ment.  Changes  occur  frequently  due  to  new 
ideas,  special  studies,  and  reports.  The  task 
force  personnel  must  be  assigned  to  the  proj¬ 
ect  and  have  the  authority  to  make  decisions 
during  the  conferences  and  review  meetings. 
They  will  provide  the  continuity  required  for 
a  successful  project.  Factors  involved  in  the 
full  development  are: 

A/E  Personnel  -  Projector  Manager, 
Engineers,  Computer  Operator, 

Writer,  etc. 

Special  Consultants  -  Lighting,  Acous¬ 
tics,  Graphics,  Security,  etc. 

Computer  -  Translation.  Tapes, 

CADD  System,  Work  Processing. 

Travel  Time 

Reproduction  -  Manual,  Reports, 

Tapes.  Drawings,  Photographs,  etc. 

Special  Items  -  Studies,  Presentations, 
Reports. 

Modules  -  Number,  Functional  Areas, 

Size. 
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Conclusion 


References 


Program  management  using  the  modular 
program  is  greatly  simplified.  Almost  all  un¬ 
certainties  in  the  project  delivery  process  are 
eliminated  with  this  approach.  A  projecting 
any  location  could  be  completely  designed  by 
the  local  Corps  District  (or  its  “site  AE"  firm) 
and  ready  to  advertise  in  a  matter  of  weeks. 
The  location,  arrangement,  and  orientation  of 
various  modules  and  the  building  would  be  de¬ 
termined  with  the  local  user,  consistent  with 
program  allowances  and  the  flexibilities  inher¬ 
ent  in  the  Automated  Modular  Design.  This 
user  input  is  a  key  feature  of  the  Kit  concept, 
and  the  critical  difference  between  it  and  tra¬ 
ditional  reviews  would  be  eliminated.  The  de¬ 
veloping  district  would  be  expected  to 
maintain  the  primary  design  files  for  the  Kit 
of  Parts  and  to  oversee  any  subsequent  im¬ 
provements  on  the  owner’s  behalf. 
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Seismic  Vulnerability  and  Upgrading 
of  Nonductile  Concrete  Frames 

by 

Pamalee  A.  Brady 1 


Abstract 

Recent  earthquake  events  have  shown  the  vulnerability  of  older  nonductile 
concrete  frames  (NDCF)  .  Concrete  frame  buildings  constructed  prior  to  1971  are 
particularly  vulnerable  and  generally  have  performed  poorly  under  dynamic  load¬ 
ing  and  large  overstresses.  Insufficient  lateral  ties  in  the  critical  members,  espe¬ 
cially  columns,  provide  inadequate  confinement  of  the  concrete.  The  result  is  a  loss 
of  ductility  and  potential  catastrophic  brittle  failure.  Poor  behavior  in  the  inelastic 
range  of  response  was  characteristic  of  NDCF’s  in  the  recent  Loma  Prieta  Earth¬ 
quake  in  California. 

Many  essential  and  high  potential  loss  facilities  on  Army  and  Air  Force  instal¬ 
lations  were  constructed  prior  to  the  introduction  of  the  1971  ACl  Code  provisions 
when  ductile  detailing  was  required.  Seismic  analyses  of  essential  and  high-poten¬ 
tial-loss  facilities  at  numerous  installations  on  the  West  Coast  of  the  United  States 
have  validated  this  vulnerability. 

Current  methods  for  strengthening  these  NDCF’s  are  costly  and/or  require 
significant  disruption  of  use  during  renovation.  Several  new  technologies  however 
hold  promise  for  improving  the  behavior  of  these  systems  under  lateral  load  and 
reducing  the  cost  of  upgrading.  This  could  have  a  significant  impact  on  ensuring 
mission  capability  and  safety  in  the  many  existing  structures  of  this  type  in  the  DoD. 
USACERL  is  conducting  a  detailed  study  of  the  vulnerability  of  NDCF 's  in  the  Army 
and  Air  Force  inventory.  Experimental  test  specimens  of  beam/column  and  flat 
plate/column  subassemblages  are  being  tested  to  identify  their  specific  response  to 
dynamic  loading.  Viscoelastic  dampers  as  well  as  other  new  technologies  are  being 
tested  to  evaluate  the  improved  frame  response  using  these  retrofits  techniques.  The 
result  of  this  study  will  be  state-of-the-art  design  guidance  for  upgrading  the  existing 
essential  and  high-potential-loss  NDCF  buildings  in  the  DoD  inventory. 


1  Structural  Engineering  and  Physical  Security  Team,  US  Army  Engineer  Construction  Engineering 
Research  Laboratory,  Champaign,  IL. 
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Experimental  Testing  Of  Base  Isolator  Components 


by 

James  B.  Gambill1  and  Pamalee  A.  Brady 1 


Abstract 

The  US  Army  Construction  Engineering  Research  Laboratory  (USACERL)  has 
begun  an  experimental  test  program  to  evaluate  the  performance  of  base  isolation 
components  used  to  protect  buildings  from  the  effects  of  seismic  ground  motions. 

In  the  past,  the  approach  taken  in  upgrading  existing  buildings  to  resist  the  effects 
of  seismic  ground  motion  has  been  to  increase  the  strength  or  stiffness  of  the 
structure,  which  is  usually  extremely  costly  and  still  poses  risks  to  building  contents. 
In  recent  years,  several  manufacturers  have  developed  base  isolation  systems  that 
protect  an  entire  structure,  without  major  changes  to  the  structure.  Most  of  the 
experimental  verification  of  base  isolators  has  been  vendor-sponsored,  and  there 
has  been  little  independent  testing  to  verify  the  manufacturer’s  data  and  to  provide 
engineers  and  designers  with  comparative  design  data. 

USACERL  has  designed  a  large-scale  test  facility  for  performing  three-dimen¬ 
sional  static,  cyclic,  and  seismic  tests  of  individual  base  isolator  bearings  by 
applying  controlled  displacements  in  two  horizontal  directions,  and  a  controlled 
load  in  the  vertical  axis  to  simulate  the  column  load  of  the  structure. 

A  number  of  isolator  manufacturers  have  agreed  to  provide  samples  for  compar¬ 
ative  testing.  The  test  results  will  be  used  to  develop  design  and  selection  guidance 
for  applying  base  isolation  technology  in  Department  of  Defense  (DOD),  other 
government  agencies,  and  the  public  sector. 


Introduction 

Recent  history  clearly  demonstrates  the 
need  to  consider  seismic  hazards  when 
designing  or  upgrading  buildings  in  regions 
of  seismic  activity.  To  mitigate  the  effects  of 
earthquakes  on  a  building,  the  designer  at¬ 
tempts  tc  equate  a  building’s  capacity  to  re¬ 
sist  earthquake  motion  (SUPPLY)  with  the 
demands  placed  on  the  structure  by  the  mo¬ 
tion  (DEMAND).  SUPPLY  must  be  greater 
than  DEMAND. 


Traditionally,  earthquake  safety  has  been 
achieved  by  working  on  the  supply  side  of  the 
equation  either  by  making  the  structure  strong 
and  stiff  enough  to  resist  earthquake  motion, 
or  ductile  enough  to  absorb  any  ground  mo¬ 
tion  applied  to  it  by  an  earthquake.  Both 
ways  allow  a  building  to  survive  earthquakes 
without  total  collapse,  but  stiff  structures  can 
transmit  significant  vibrations  to  building  con¬ 
tents,  causing  potential  damage;  and  ductile 
structures  may  become  unserviceable  after  the 
earthquake,  requiring  major  repairs  to  correct 


1  Structural  Engineering  and  Physical  Security  Team,  US  Army  Construction  Engineering  Research 
Laboratory,  Champaign,  IL. 
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permanent  deformations  that  may  have  oc¬ 
curred  in  the  ductile  members.  Both  of  these 
approaches  are  effective,  but  usually  result  in 
a  conservative  design,  possibly  adding  signifi¬ 
cant  cost  to  the  structure. 

The  cost  of  such  designs,  particularly  for 
upgrading  existing  buildings  to  meet  greater 
seismic  demands,  has  generated  the  develop¬ 
ment  of  new  technologies.  Base  isolation  is 
one  technique  which  reduces  the  earthquake 
demand  on  a  structure  by  providing  a  flexible 
mounting  that  uncouples  the  building  from 
the  ground  motion  by  lengthening  the  natural 
period  of  vibration  of  the  structure  and  a 
damper  or  energy  dissipator,  which  controls 
the  relative  deflections  between  the  building 
and  the  ground.  These  two  features  reduce 
the  force  response  of  the  building.  The  con¬ 
cept  of  base  isolation  is  not  new;  it  was  intro¬ 
duced  in  the  late  19th  century,  but  interest  in 
base  isolation  systems  has  grown  rapidly  in 
the  recent  years  as  more  manufacturers  de¬ 
velop  base  isolation  systems. 

Individual  base  isolation  systems  vary  in 
their  details,  mounting  requirements,  damping 
mechanisms,  and  therefore  their  performance. 
There  are  elastomeric  bearing  isolators  with  a 
number  of  variations,  roller  systems,  and  fric¬ 
tion  pendulum  systems.  Analytical  and  exper¬ 
imental  research  has  been  conducted  on  the 
majority  of  the  proposed  systems  by  their 
manufacturers;  however,  there  is  no  compara¬ 
tive  data  for  evaluating  the  manufacturer’s 
claims,  or  for  comparing  various  isolation  sys¬ 
tems  for  use  in  a  particular  design.  Addition¬ 
ally,  past  testing  has  been  either  single  or 
bi-directional;  no  tri-directional  testing  has 
yet  been  performed.  Triaxial  performance  pa¬ 
rameters  have  been  inferred  by  assuming  that 
characteristics  in  the  orthogonal,  horizontal  di¬ 
rections  are  independent  or  uncoupled.  This 
is  probably  a  valid  assumption  for  an  isolator 
with  a  horizontal  circular  cross  section,  but  can¬ 
not  be  assumed  for  any  other  shape. 

The  Corps  of  Engineers  is  interested  in 
applying  this  new  technology  to  mitigate 
earthquake  hazards  associated  with  existing 
buildings  and  to  provide  seismic  resistance  in 


new  structures.  However,  it  is  difficult  to 
identify  the  appropriate  product  without  com¬ 
parative  data.  For  this  reason  USACERL  has 
initiated  a  research  program  to  develop  com¬ 
parative  data  on  base  isolation  systems  that 
may  be  translated  into  a  performance  specifi¬ 
cation,  making  base  isolation  more  available 
for  use  in  military  construction. 

Research  Program  Objectives 

The  objective  of  this  USACERL-initiated 
research  program  is  to  perform  comparative 
biaxial  and  triaxial  testing  of  base  isolators  to 
develop  design  guidance  for  the  selection  and 
use  of  the  technology  in  practical  structural 
designs.  USACERL  has  designed  a  large-scale 
test  facility  for  performing  tri-dimensional 
static  and  dynamic  tests  of  individual  base  iso¬ 
lator  components.  The  isolators  will  be  tested 
by  applying  controlled  displacements  in  two 
orthogonal,  horizontal  directions.  A  con¬ 
trolled  static  load  will  be  applied  in  the  verti¬ 
cal  axis  to  simulate  the  dead  weight  of 
building  columns/walls  that  would  be  placed 
on  the  isolator  in  a  real  structure.  Static  loads 
will  be  applied  in  one  or  two  horizontal  axes 
to  determine  the  basic  material  properties  of 
the  isolators  and  dynamic  tests  will  be  con¬ 
ducted  using  cyclic  displacements  or  actual 
seismic  motion  time  histories. 

The  project  objectives  will  be  accomplished 
in  a  three-phase  program.  In  Phase  I,  experi¬ 
mental  tests  will  be  performed  and  a  data  base 
of  comparative  results  developed.  Phase  II  will 
focus  on  developing  analytical  models  that  char¬ 
acterize  the  experimental  results  of  isolator  be¬ 
havior.  Phase  III  will  conclude  the  work  by 
developing  design  guidelines,  specifications, 
and  construction  details.  This  paper  discusses 
the  work  being  conducted  in  Phase  I.  The 
major  project  tasks  ate  to: 

•  Design  and  construct  a  triaxial  base  isola¬ 
tor  test  fixture. 

•  Develop  and  perform  a  detailed  testing 
program  to  investigate  base  isolator  be¬ 
havior  under  various  loading  environments. 
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•  Reduce  and  analyze  the  test  data 

developed  in  the  experimental  test  pro¬ 
gram  and  develop  comparative  results 
that  will  uniformly  demonstrate  the  per¬ 
formance  of  the  various  types  of  isolators. 

Base  Isolator  Test 
Specimen  Design 

It  was  decided  eariy  in  the  project  that  test¬ 
ing  full-size  base  isolators  would  not  be 
economically  feasible  because  of  the  large 
vertical  column  loads  and  large  displacements 
required  to  produce  the  normally  accepted 
100  percent  to  200  percent  shear  strain  in  a 
full-size  isolator.  Before  investigating  the 
scale  modeling  of  base  isolators  and  to  ensure 
that  the  results  would  have  practical  applica¬ 
tion,  base  isolation  systems  were  designed  for 
typical  real-world  buildings  to  determine  ap¬ 
propriate  isolator  dimensions,  and  load  and  dis¬ 
placement  magnitudes.  The  DOD  has  a  large 
inventory  of  buildings,  which  are  predominate¬ 
ly  low-  to  medium-rise;  therefore,  structures  of 
this  scale  were  chosen  for  the  design  examples. 
A  five-story  concrete  building  and  a  three-story 
steel  frame  building  were  chosen  for  analysis 
purposes.  Due  to  its  more  common  use,  an  elas¬ 
tomeric-bearing  system  was  used  in  the  sample 
design  for  the  test  structure.  Base  isolator  test 
specimens  were  then  scaled  to  represent  the 
isolators  of  these  designs. 

To  realistically  simulate  the  performance 
of  the  full-size  design,  the  laws  of  similitude 
had  to  be  followed.  Table  1  lists  the  impor¬ 
tant  similitude  relationships  related  to  the  per¬ 
formance  of  elastomeric  isolators. 


Table  1  shows  that  the  stress,  strain,  and 
shape  factors  are  kept  constant,  and  the 
length,  buckling  load,  roll-out  load,  and  axial 
stiffness  are  scaled.  The  shape  factor  (S)  is 
defined  as:  (load-bearing  area)/( unloaded 
perimeter),  and  is  maintained  constant  be¬ 
cause  it  directly  affects  tne  axial  compression 
stiffness  (k)  and  the  buckling  load  (PB),  as 
shown  in  Equations  1  and  2. 

1.71  *d3  *G*S*(tr  +  ts) 


k  =  E*A*(1  ±  1  -3  A2) 

V 

where: 

d  =  length  of  one  side  of  a  square 
isolator 

G  =  shear  modulus 

t,.  =  thickness  of  one  layer  of  rubber 

ts  =  thickness  of  one  steel  shim  plate 

h  =  height  between  the  end-plates 

E  =  Young’s  modulus 

A  =  plan  area 

Because  of  the  material  and  design  require¬ 
ments  for  most  commercially  available  elasto¬ 
meric  isolators,  it  would  be  difficult  to  maintain 
all  of  the  similitude  relationships  for  models  less 
than  1/2  scale;  therefore,  a  1/2-scale  case  was 
chosen  for  developing  the  design  of  the  test 


Table  1 

Elastomeric  Isolator  Similitude  Relationships 

Parameter 

Relationship 

Parameter 

Relationship  i 

Stress  (axial  &  shear),  s 

Sm  ® 
m  p 

Buckling  Load,  Pg 

tSSBBSSESBM 

Stress  (axial  &  shear),  e 

e  at  e 

m  p 

Roll-Out  Load,  PRO 

<PRO>m  =  (ProV<SF>'2 

Shape  Factor,  S 

sm  -  s0 

Axial  Stiffness,  k 

km  =  k -(SF)'1 

Length,  1 

_ lm  -  'q-^1 _ 

p  »  Prototype  (full  size) 

m  >  Model 

SF  a  Scale  Factor. 
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fixture  discussed  in  the  next  section.  The  1/2- 
scale  elastomeric  isolator  designed  for  the 
concrete  building  will  require  the  loading  fix¬ 
ture  to  produce  approximately  200  kips  in  the 
vertical  direction  to  simulate  the  column 
gravity  load  and  approximately  90  kips  in 
each  of  the  two  horizontal  directions  based  on 
the  maximum  shear  strength  of  the  isolator. 
The  horizontal  loading  system  must  be 
capable  of  imposing  up  to  16  in.  of  displace¬ 
ment  at  200  percent  shear  strain. 

Test  Fixture,  Loading  System, 
and  instrumentation 

The  testing  of  base  isolators,  even  at  1/2 
scale,  will  place  enormous  demands  on  the 
loading  actuators,  the  power  supplies,  and  the 
test  reaction  frame.  The  hydraulic  actuators 
must  supply  large  forces  over  a  long  displace¬ 
ment  range  at  relatively  high  velocities.  The 
reaction  frame  must  be  strong  and  stiff 
enough  to  resist  the  applied  forces  over  the 
full  range  of  motion  of  the  actuators,  and  the 
frame  must  have  a  fundamental  vibration 
period  far  enough  above  the  highest  expected 
test  frequency  to  not  significantly  interact 
with  the  test  excitations.  With  these  basic  as¬ 
sumptions,  three  alternative  design  approaches 
were  investigated.  Figure  1  schematically 
shows  the  three  approaches. 

Design  A  was  chosen  as  the  approach  for  the 
isolator  test  frame.  Design  B  was  removed 
from  consideration  because  of  the  difficulty  in 
fabricating  a  frictionless  sliding  surface.  The 
decision  was  made  to  use  existing  facilities  at 
USACERL  as  much  as  possible  to  reduce  cost. 
These  facilities  include  existing  hydraulic 
power  supplies.  Design  C  was  not  chosen 
because  its  increased  demand  on  the  existing 
hydraulic  power  supplies  would  directly  af¬ 
fect  the  maximum  excitation  frequencies  that 
could  be  applied  to  the  isolators. 

The  reaction  frame  for  design  A  was 
designed  to  support  the  test  isolator  and  the 
loading  actuators,  to  be  rigid  enough  to  mini¬ 
mize  frame  member  distortion  under  the 
worst-case  loading,  and  to  facilitate  response 
parameter  measurement  and  actuator  control 


under  cyclic  and  seismic  triaxial  tests.  Figure  2 
illustrates  the  test  fixture,  showing  the  rela¬ 
tive  locations  of  the  actuators  and  the  reaction 
points.  Figures  3  and  4  give  detailed  plans 
and  elevation  views  of  the  test  fixture.  Table  2 
lists  the  required  force  and  displacement 
capabilities  to  meet  the  performance  parameters 
for  the  1 /2-scale  isolator  test. 

Actuators  H-l  and  H-2  (Figure  2)  are  the 
primary  units  for  applying  the  horizontal  dis¬ 
placements  to  the  isolator  in  the  two  perpen¬ 
dicular  horizontal  axes.  Actuator  H-3  is  used 
to  prevent  rotation  of  the  top  reaction  block 
about  the  vertical  axis  during  the  bi-direction 
horizontal  deflections.  Actuator  V-4  is  primary 
in  applying  the  axial  vertical  compressive 
force.  Actuators  V-5  and  V-6  prevent  rotation 
of  the  top  reaction  block  and  the  specimen 
around  both  of  the  perpendicular  horizontal 
axes  during  horizontal  translations. 

All  six  actuators  incorporate  swivel  con¬ 
nections  on  each  end  to  permit  the  actuators 
to  follow  the  movement  of  the  top  of  the 
isolator  during  the  test  while  minimizing  the 
lateral  reaction  loads  on  the  actuators.  Each 
of  the  horizontal  actuator  swivel  connectors  is 
designed  to  permit  a  minimum  of  ±  10-deg 
rotation  in  the  horizontal  plane  and  ±  5  deg  in 
the  vertical  plane.  The  horizontal  rotation  al¬ 
lows  one  actuator  to  follow  displacement  in 
the  other  actuator.  The  vertical  rotation  al¬ 
lows  the  horizontal  actuators  to  accommodate 
the  vertical  compression  of  the  isolator  under 
vertical  load,  and  the  axial  shortening  of  the 
isolator  during  horizontal  translation.  The 
swivel  connections  on  the  vertical  actuators 
must  allow  ±  23  deg  of  rotation  in  two  direc¬ 
tions  to  allow  them  to  follow  the  horizontal 
translations  of  the  isolator.  Control  algo¬ 
rithms  must  also  be  developed  for  the  test  fix¬ 
ture  loading  system  to  coordinate  the  actions 
of  the  six  actuators  and  accomplish  the 
various  loading  environments. 

The  overall  reaction  frame  dimensions  are 
approximately  25  ft  by  25  ft  in  plan  at  the  base 
and  19  ft  by  19  ft  in  plan  at  the  top,  and  the 
height  is  approximately  1 1  ft  2  in.  (Figures  3 
and  4).  The  test  fixture  will  be  constructed  of 
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Figure  1 .  Three  design  concepts  for  a  test  fixture 
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H-2 


PLAN  VIEW  -  MOVABLE  TOP  REACTION  BLOCK 


Figure  2.  Test  fixture  actuator  locations 
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Figure  3.  Test  fixture  elevation  design  concept 


Figure  4.  Test  fixture  top  frame  design  concept 
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Table  2 

Actuator  Force  and  Stroke  Requirements 

Actuator 

Orientation 

Required  Performance  j 

Force,  kips 

Stroke,  in. 

1 

Horizon's! 

±90 

±16 

2 

Horizontal 

±90 

±16 

3 

Horizontal 

±35 

±16 

4 

Vertical 

+220 

±3 

5 

Vertical 

±50 

±3 

6 

Vertical 

±50 

±3 

two  structural-steel  frames  peipendicular  to 
each  other,  and  will  support  all  of  the  actuators 
and  the  reaction  points  for  the  test  isolator. 
The  frame  members  are  laterally  braced  at 
their  connections  and  at  the  actuator  mounting 
points.  The  base  framing  and  the  columns  are 
composed  of  14-in.-deep  steel  “W”  sections. 
The  columns  have  moment-resisting  connec¬ 
tions  at  the  base  and  top  frame  connections. 
Lateral  stability  is  provided  by  steel  double¬ 
angle  sections  and  plates  at  frame  joints,  and 
the  actuator  mounting  points.  Stiffener  plates 
are  used  to  strengthen  the  colrmn  webs  at  the 
load  application  points.  The  top  framing 
beams  are  composed  of  24-in.-deep  steel  “W” 
sections.  The  location  where  the  two  top 
framing  beams  intersect  to  form  the  mounting 
point  for  Actuator  V-4  uses  an  all- welded 
construction.  Two  reaction  blocks  are  used  to 
secure  the  test  isolator  in  position  and  to 
apply  the  test  deflections.  Each  block  is  con¬ 
structed  with  2-in.  steel  plate  stiffened  with 
steel  plates  and  steel  WT  sections. 

Since  the  base  isolators  will  be  subject  to 
large  lateral  deflections,  the  stability  of  the 
reaction  frame  had  to  be  investigated  under  a 
variety  of  loading  conditions.  The  maximum 
frame  displacements  occur  at  the  actuator 
mounting  points.  Under  the  worst-case  load¬ 
ing,  the  maximum  deflection  of  the  frame  was 
found  to  be  at  the  mounting  location  for  the 
vertical  actuator,  and  is  approximately  0.16  in. 
Since  the  base  isolators  will  be  tested  under 
cyclic  and  seismic  loading,  a  dynamic 
analysis  was  performed  to  ensure  that  the 
natural  vibration  period  of  the  reaction  frame 
did  not  resonate  with  the  applied  excitation 
frequencies  for  *he  dynamic  loading  func¬ 


tions.  The  calculated  vibration  period  for  the 
first  mode  of  the  frame  was  0.036  sec  (28  hz) 
which  will  be  well  above  the  planned  excita¬ 
tion  frequencies  and  should  net  produce  inter¬ 
action  with  the  frame. 

The  axial  force  and  the  deflection  of  each 
of  the  six  actuators  will  be  measured  to  define 
the  input  excitation  and  the  magnitude  of  any 
rotational  moments  in  the  top  reaction  block. 
During  the  cyclic  and  seismic  tests,  three 
mutually  perpendicular  acceleration  measure¬ 
ments  will  be  made  on  the  top  of  the  top  reac¬ 
tion  block  to  determine  the  effects  of  the 
inertial  forces  caused  by  the  mass  of  the  top 
reaction  block  and  the  various  other  masses  at¬ 
tached  to  the  top  of  the  isolator. 

The  displacement  response  of  the  isolator 
will  be  determined  by  measuring  the  relative 
location  of  the  top  reaction  to  the  fixed  bottom 
reaction  block.  Four  direct  current  displace¬ 
ment  transducers  (DCDTs)  will  be  mounted 
vertically  between  the  four  comers  of  the  top 
and  bottom  reaction  blocks.  Eight  DCDTs 
will  be  mounted  diagonally  between  the  two 
reaction  blocks  to  measure  lateral  displace¬ 
ment  and  rotation  of  the  top  of  the  isolator. 

Test  Program 

The  stated  objective  of  the  research  project 
is  to  develop  comparative  data  on  various 
types  of  base  isolators  to  provide  a  data  base 
and  design  guidelines  for  the  application  of 
base  isolation  systems.  To  accomplish  this 
goal,  USACERL  will  solicit  candidate  base 
isolators  from  all  of  the  major  manufacturers 
for  experimental  static,  cyclic,  and  seismic 
testing  in  both  biaxial  and  triaxial  environ¬ 
ments.  Comparative  testing  will  be  performed 
to  investigate  the  effects  of  various  isolator 
parameters  on  the  isolation  performance  and 
to  determine  the  interaction  between  these 
parameters. 

The  majority  of  available  base  isolation 
systems  fall  into  two  main  types,  elastomeric 
systems  and  various  types  of  sliding  systems. 
The  dynamic  performance  of  a  base  isolated 
structure  can  be  influenced  by  a  number  of 


CESEC  91 


Gambill  X  Brady 


951 


parameters  that  are  different  for  the  two  types 
of  isolation  systems.  For  elastomeric 
isolators,  these  parameters  include  axial  stress 
and  strain,  shear  stress  and  strain,  equivalent 
viscous  damping  (horizontal  and  vertical),  load¬ 
ing  frequency,  stability  (buckling  and  roll¬ 
out),  and  low-cycle  fatigue.  For  sliding 
isolation  system  systems,  these  parameters  in¬ 
clude  contact  pressure,  sliding  velocity,  and 
static  and  dynamic  coefficients  of  friction. 

All  of  these  parameters  will  be  investigated 
during  the  testing  program  in  the  triaxial  test 
fixture.  A  number  of  parameters  for  elas¬ 
tomeric  isolators  will  also  be  determined  using 
a  1000-kip 

Tension/Compression  load  machine  including 
axial  stiffness,  tensile  strength,  and  vertical 
damping  characteristics  at  large  axial  strain 
and  zero  percent  shear  strain. 

Current  Status 

As  part  of  Phase  I  of  this  research  effort, 
all  of  the  known  base  isolation  manufacturers 
and  several  respected  researchers  in  the  area 
of  base  isolation  research  were  contacted  con¬ 
cerning  their  interest  in  contributing  10  the 
comparative  base  isolation  testing  program. 

Of  the  eleven  individuals  and  companies  ini¬ 
tially  contacted,  currently  eight  have  replied 
expressing  a  willingness  to  participate.  Five 


manufacturers  have  agreed  to  supply  can¬ 
didate  isolators  for  testing  at  no  charge  to  the 
government. 

The  cost  to  construct  the  test  frame  and 
purchase  the  required  hydraulic  and  electronic 
components  is  estimated  at  approximately 
$500k.  This  cost  is  too  high  to  be  supported 
solely  by  DOD,  but  USACERL  has  approached 
several  other  government  agencies  with  large 
inventories  of  buildings  in  areas  of  seismic 
risk  about  the  possibilities  of  joint  sponsor¬ 
ship  of  the  work.  These  agencies  include 
Veterans’  Affairs,  Department  of  Energy,  and 
Government  Services  Administration. 

One  task  related  to  the  test  fixture  that 
remains  to  be  accomplished  is  the  development 
of  control  algorithms  to  operate  the  six  hydraulic 
actuators  This  will  be  a  significant  effort  be¬ 
cause  of  the  complexity  of  the  interactions  be¬ 
tween  the  six  actuators  attempting  to  control  six 
degrees  of  freedom  of  motion.  This  work  will 
be  accomplished  through  a  cooperative  effort 
with  the  University  of  Illinois. 

The  test  results  will  be  used  to  develop  design 
and  selection  guidance  for  the  application  of 
base  isolation  technology  in  the  DOD,  other 
government  agencies,  and  the  public  sector. 
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Masonry  Program  Development  Criteria 


by 

Harold  f  '  Thomas,  Jr. 1 


Abstract 

One  of  the  problems  facing  design  engineers  and  the  masonry  industry  today  is 
the  lack  of  automated  design  tools  available  to  engineers  and  contractors  to  simplify 
the  design  process  of  designing  masonry  structures.  In  an  attempt  to  address  this 
problem  within  the  Corps  of  Engineers,  the  Computer-Aided  Structural  Engineering 
(CASE)  Masonry  Task  Group  is  currently  developing  a  series  of  masonry  programs 
to  do  specific  design  tasks  for  the  design  engineer.  Among  the  types  of  designs  to 
be  developed  include  bearing  wall,  lintel,  pilaster,  edge  stiffener,  shear  wall,  and 
shear  wall  rigidity  determination. 

One  of  the  key  features  of  the  programs  is  that  they  will  be  menu  driven  and  user 
friendly,  yet  very  powerful.  Once  these  programs  are  developed,  they  will  be 
combined  into  one  program  containing  all  of  the  design  options  of  each  individual 
program.  Eventually  this  program  will  be  incorporated  into  the  Computer-Aided 
Structural  Modeling  Package  (CASM)  now  currently  under  development. 

This  presentation  will  give  an  overview  of  the  committee 's  work  in  the  develop¬ 
ment  of  these  programs  and  an  explanation  of  the  individual  features  of  each. 


Introduction 

In  August  1989  the  Masonry  Task  Group 
was  organized  to  provide  the  Corps  of  Engi¬ 
neers  support  for  designing  and  building  high 
quality  masonry  structures.  The  objectives  of 
the  group  are  to  do  the  necessary  development, 
research,  and  investigation  to  provide  design 
and  construction  guidance  and  standards  to  en¬ 
gineers  within  the  Corps  of  Engineers.  In  ad¬ 
dition,  the  group’s  goals  are  to  disseminate 
information  on  criteria,  research,  standards, 
nondestructive  evaluation  methods,  and  code¬ 
writing  committee  activities  as  they  become 
available.  The  group  also  acts  as  the  Corps 
of  Engineers’  point  of  contact  on  all  masonry 
activities. 


When  the  group  was  formed  in  1989,  we 
quickly  identified  the  need  to  develop  com¬ 
puter  design  aids  within  the  Corps  of  Engi¬ 
neers  to  help  engineers  perform  masonry 
designs  quickly  and  with  minimum  error. 

The  group  researched  the  masonry  commu¬ 
nity  to  determine  what  masonry  design  com¬ 
puter  programs  currently  existed  and  were 
available  to  be  used  by  the  Corps  of  Engi¬ 
neers  for  design  purposes.  The  group  evalu¬ 
ated  a  number  of  programs  but  determined 
that  either  the  criteria  that  these  programs 
were  based  on  did  not  coincide  with  Corps  of 
Engineers’  criteria,  or  the  programs  were  not 
versatile  enough  to  meet  the  needs  of  the  de¬ 
sign  engineer.  The  group  concluded  that  to 
have  these  kinds  of  design  tools  available  to 
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engineers  within  the  Corps  of  Engineers  we 
must  produce  programs  internally  to  meet  our 
specific  needs.  A  procedure  was  established 
to  accomplish  this  task  within  the  limited 
time  the  group  members  had  to  devote  to  the 
effort.  The  decision  was  made  that  the  task 
group  would  determine  and  produce  the  cri¬ 
teria  documents  that  would  be  used  to  de¬ 
velop  the  programs.  The  actual  development 
of  the  programs  would  be  contracted  to  an  out¬ 
side  source  by  the  US  Army  Engineer  Water¬ 
ways  Experiment  Station. 

Within  every  masonry  building  system 
there  are  a  number  of  masonry  design  ele¬ 
ments  that  must  be  considered  to  produce  an 
adequately  designed  and  well  integrated  sys¬ 
tem.  The  task  group  has  identified  and  priori¬ 
tized  a  number  of  masonry  design  elements  to 
be  supported  by  these  programs.  The  follow¬ 
ing  is  a  list  of  the  masonry  programs  that 
were  determined  are  needed  within  the  Corps 
of  Engineers: 

•  Walls. 

•  Columns. 

•  Pilasters. 

•  Edge  stiffeners. 

•  Shear  walls  (including  determination  of 
wall  rigidities). 

•  Lintels  and  beams. 

•  Strength  design  for  tall  slender  walls. 

•  Strength  design  for  shear  walls. 

•  Strength  design  for  all  elements  of  masonry 
design  when  a  formal  strength  design  code 
is  approved. 

The  plan  to  develop  these  programs  is  to 
produce  individual  stand-alone  programs  for 
each  of  the  design  tasks  listed  and  to  do  so  in 
a  modular  format  so  that  they  can  be  com¬ 
bined  into  one  program  in  the  future  when  all 
are  completed.  The  combined  program  will 
have  a  central  menu  to  choose  the  design  op¬ 
tion  desired.  There  are  several  advantages  of 


producing  programs  in  this  manner.  As  soon  as 
an  individual  design  element  program  is  pro¬ 
duced  and  approved  it  can  be  released  to  design 
engineers  to  use  without  having  to  await  devel¬ 
opment  and  approval  of  the  other  design  ele¬ 
ment  programs.  By  this  method  we  can  place 
masonry  computer-aided  design  into  the  hands 
of  design  engineers  sooner  than  waiting  for  the 
entire  combined  program  to  be  completed.  It  is 
a  much  simpler  process  to  manage  the  develop¬ 
ment  of  an  individual  module  at  a  time  than 
several  modules  at  once.  In  addition,  budget 
constraints  prevent  awarding  the  size  contract 
needed  to  produce  the  entire  package  at  one 
time.  This  work  and  its  funding  will  be  spread 
out  over  several  fiscal  years. 

Some  of  the  key  features  of  these  programs 
include  a  menu-driven  user-friendly  environ¬ 
ment,  several  levels  of  output  options  includ¬ 
ing  graphics,  and  an  on-line  help  system 
explaining  criteria  requirements.  The  menu- 
driven  system  will  lead  the  engineer  step  by 
step  through  the  decision-making  process  pro¬ 
viding  the  user  with  different  options  along 
the  way.  An  on-line  help  system  will  assist 
the  user  in  deciding  what  options  to  use  in  the 
design  by  giving  explanations  of  the  criteria 
requirements  for  each  step  in  the  design  pro¬ 
cess.  The  user  will  also  have  the  option  of 
generating  output  in  either  an  abbreviated  for¬ 
mat  giving  only  a  summary  of  the  solution  or 
an  expanded  format  which  generates  output 
similar  to  that  performed  by  hand  calculations 
showing  individual  equations  and  answers 
step  by  step  in  arriving  at  the  solution. 

These  masonry  programs  will  be  developed 
in  a  sequence  based  on  those  design  elements 
used  most  frequently  and  in  the  greatest  de¬ 
mand  by  users.  The  first  programs  to  be  de¬ 
veloped  are  “Design  of  Concrete  Masonry 
Bearing  Walls”  and  “Design  of  Hollow  Unit 
Masonry  Lintels  and  Beams,”  respectively. 
The  criteria  documents  for  those  two  programs 
have  been  included  as  a  part  of  this  paper.  A 
schedule  for  completion  of  the  first  two  pro¬ 
grams  has  not  been  established,  but  it  is  the 
priority  of  the  Masonry  Task  Group  to  place 
these  programs  in  the  hands  of  design  engi¬ 
neers  as  soon  as  they  can  be  developed. 
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Design  of  Concrete 
Masonry  Bearing  Walls 

Purpose 

The  purpose  of  this  document  is  to  estab¬ 
lish  the  criteria  for  development  of  a  com¬ 
puter  program  for  the  design  and  review  of 
reinforced  single  wythe  hollow  unit  masonry 
bearing  walls.  The  program  will  design  ma¬ 
sonry  bearing  walls  by  the  working  stress 
method  for  both  axial  loads  and  moments  or 
any  combination  thereof  applied  at  the  ends 
of  the  wall  as  well  as  wind,  seismic,  or  other 
loads  perpendicular  to  the  plane  of  the  wall. 
The  program  will  not  be  capable  of  designing 
for  in-plane  shear  loads.  Design  is  based  on 
one-way  spanning  of  walls. 

Capabilities 

The  program  will  be  capable  of  design  or 
review  of  any  reinforced  or  unreinforced  con¬ 
crete  masonry  bearing  walls  using  standard- 
size  concrete  masonry  units,  from  4  to  16  in. 
thick.  The  wall  will  be  assumed  to  be  sup¬ 
ported  to  resist  out-of-plane  loading  at  the  top 
and  bottom  of  the  wall.  The  wall  is  analyzed 
using  working  stress  methods  and  will  con¬ 
sider  load-deflection  (P-Delta)  effects.  Analy¬ 
sis  is  done  in  accordance  with  TM  5-809-3 
(draft  revision  in  preparation)  and  TM  5-809- 
10  (Department  of  the  Army  1982).  This  is 
similar  to  the  method  used  for  analysis  of  a  T- 
beam.  The  program  will  be  designed  as  a 
menu-driven  interactive  program,  easy  to  use 
for  the  beginner  yet  efficient  for  the  experi¬ 
enced  user.  To  the  maximum  extent  possible, 
the  input  and  output  will  be  displayed  graphi¬ 
cally.  The  option  should  be  available  to  print 
out  the  results  long  hand  similar  to  what  we 
would  see  had  the  calculations  been  done  by 
hand. 

Program  architecture 

This  program  is  the  first  of  many  programs 
for  the  design/review  of  masonry  compo¬ 
nents.  Each  program,  when  developed,  will 
function  as  a  “stand-alone”  program  and  will 
ultimately  serve  as  a  module  in  an  umbrella 


program  encompassing  design/review  of  ma¬ 
sonry  components.  These  programs  will  be 
written  in  a  language  that  will  benefit  as 
much  as  possible  inclusion  of  the  masonry  de¬ 
sign  option  into  the  Computer-Aided  Struc¬ 
tural  Modeling  (CASM)  program  currently 
under  development.  The  programs  should  be 
written  to  handle  input/output  (I/O)  in  a  fash¬ 
ion  that  facilitates  “stand-alone”  or  “inte¬ 
grated”  usage.  To  facilitate  this  and  make 
modifications  due  to  masonry  code  changes 
easier,  structured  modular  programming  prac¬ 
tices  will  be  used  with  all  I/O  and  code  check¬ 
ing  provisions  will  be  separated  from  the 
program  control  structure. 

Loads 

Loads  may  consist  of  axial  loads  and  exter¬ 
nal  moments  applied  to  the  ends  of  the  wall 
and  forces  applied  perpendicular  to  the  wall. 
Axial  loads,  whether  dead  or  live,  can  be  in¬ 
putted  either  as  concentrated  loads,  distrib¬ 
uted  loads,  or  a  combination  of  the  two.  The 
program  will  consider  the  following  loading 
combinations: 

•  Dead  load. 

•  Dead  load  plus  live  load. 

•  Dead  load  plus  wind  or  seismic. 

•  Dead  load  plus  live  load  plus  wind  or 
seismic.  (User  should  be  able  to  input 
the  percentage  of  live  load  desired  for 
this  load  case). 

•  Other. 

Load  combinations  will  be  applied  with 
the  appropriate  factors  in  accordance  with 
TM  5-809-1  (Department  of  the  Army  1986) 
or  may  be  combined  with  user-specified  fac¬ 
tors.  Self  weight  (dead  load)  of  the  wall  is 
computed  based  on  the  geometry  and  weight 
given  in  TM  5-809-3  (draft  revision  in  prepara¬ 
tion)  and  the  stiffener  (or  grouted  cell)  spacing 
specified  by  the  user  or  determined  by  the  pro¬ 
gram.  Out-of-plane  seismic  loads  resulting 
from  the  dead  weight  of  the  wall  will  be  com¬ 
puted  by  the  program  based  on  the  inputted 
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seismic  zone  and  in  accordance  with  TM  5- 
809-10  (Department  of  the  Army  1982).  The 
user  should  have  the  option  of  choosing 
which  loading  case  or  cases  he  prefers  to  de¬ 
sign  for. 

Method  of  analysis  and  design 

This  program  will  design  or  review  the  de¬ 
sign  of  walls  using  working  stress  methods 
and  the  stress  ratio  interaction  equation  (unity 
equation)  for  combined  axial  and  bending 
stresses.  The  user  will  have  available  the  op¬ 
tion  to  use  the  P-M  (axial  compression  -  mo¬ 
ment)  interaction  equation  in  lieu  of  the  stress 
ratio  interaction  equation.  The  P-M  interac¬ 
tion  equation  is  less  conservative  but  recog¬ 
nizes  the  combined  effect  of  compression  (P) 
and  moment  (M).  In  the  design  mode,  the 
wall  will  be  proportioned  to  satisfy  the  follow¬ 
ing  requirement  for  all  loading  cases: 

fa  fb  1.0  (or  1.33  for  wind  or 

—  +  —  < 

Fa  flB  seismic  combinations) 

In  the  review  mode  the  program  will  calcu¬ 
late  and  display  the  interaction  equation  for 
each  load  case.  In  the  design  mode  analysis 
for  design  will  begin  with  initial  minimum 
thickness  and  reinforcement  requirements  as 
required  by  TM  5-809-10  (Department  of  the 
Army  1982),  Tables  8-4  and  8-5.  Reinforcing 
steel  bar  sizes  will  be  determined  based  on 
the  minimum  area  of  steel  required,  the  maxi¬ 
mum  allowable  bar  spacing  and  8-in.  modular 
spacing.  Reinforcing  sizes  will  be  “rounded” 
to  the  next  larger  bar  size  meeting  the  mini¬ 
mum  area  of  steel  requirements  for  seismic. 
Stresses  will  be  computed  for  the  required 
load  combinations.  If  the  stresses  are  not 
within  the  requirements  of  the  interaction 
equation,  then  the  reinforcing  steel  area  will 
be  incremented  to  the  next  larger  bar  size. 
Stresses  will  be  recomputed  and  compared 
again  with  the  interaction  equation.  The  rein¬ 
forcing  steel  area  will  be  increased  one  bar 
size  per  iteration  until  the  interaction  equation 
is  satisfied  or  the  maximum  allowable  bar  size 
is  reached.  If  the  maximum  allowable  bar  size 
does  not  satisfy  the  interaction  equation,  then 
the  stiffener  spacing  will  be  reduced  by  8  in. 


The  bar  size  will  be  set  at  number  4  or  the  bar 
size  requir**d  to  meet  the  minimum  area  of 
steel  required,  whichever  is  larger.  Stresses 
will  be  computed  and  compared  with  the  al¬ 
lowable  stresses  and  the  interaction  equation, 
as  previously  stated.  The  iteration  process 
will  then  repeat  as  stated  for  each  successive 
bar  size  and  stiffener  spacing  until  the  interac¬ 
tion  equation  is  satisfied.  If  the  minimum 
(initial)  wall  thickness  cannot  satisfy  the  inter¬ 
action  equation,  with  all  cells  reinforced  (the 
user  can  also  input  the  minimum  steel  spacing 
preferred),  then  the  wall  thickness  will  be  in¬ 
cremented  to  the  next  size  concrete  masonry 
unit.  The  process  will  repeat  until  the  interac¬ 
tion  equation  is  satisfied. 

•  Design  equations.  The  equations  for  the 
design  of  reinforced  and  unreinforced 
walls  are  given  in  the  appendix  and  were 
obtained  from  TM  5-809-3  (draft  revi¬ 
sion  in  preparation)  and  TM  5-809-10 
(Department  of  the  Army  1982). 

•  Allowable  stresses.  All  allowable 
stresses  are  shown  in  the  appendix. 

These  allowable  stresses  were  obtained 
from  Chapter4  of  TM  5-809-3  and  Ta¬ 
bles  8-2  and  8-3  of  TM  5-809-10. 

•  Actual  stresses.  Actual  stresses  will  be 
computed  using  the  equations  in  the  ap¬ 
pendix  as  well  as  those  in  Chapter  4  of 
TM  5-809-3  (draft  revision  in  preparation). 

Program  input 

Input  to  this  program  will  be  designed  to 
be  as  user  friendly  as  possible  while  maintain¬ 
ing  the  capabilities  and  flexibility  needed  by 
experience  designers.  The  program  will 
allow  the  user  to  build  an  input  file  interac¬ 
tively  without  extensive  use  of  external  refer¬ 
ences.  Help  screens  should  be  available  for 
each  input  item  to  assist  the  user  in  a  clear  un¬ 
derstanding  of  the  requested  input.  The  help 
screens  should  include  graphic  representa¬ 
tions  of  the  input  parameter  wherever  appro¬ 
priate.  Input  screens  will  include  the 
common  terminology,  the  common  symbol, 
and  the  required  units  for  the  input  variable. 
Examples  of  possible  input  screens  are 
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screens  1,  2,  3D,  and  3R,  attached.  Program 
input  will  be  saved  as  a  file  to  recall  and  mod¬ 
ify  at  a  later  date. 

Program  output 

An  example  of  a  possible  output  screen  is 
screen  4.  Input  and  output  files  will  be  cre¬ 
ated  from  the  screen  input  and  output.  The 
input  files  should  be  recallable  to  use  as  seed 
files  to  create  a  new  file.  Input  will  be 
echoed  on  the  screen  and  written  to  output 
files.  Output  text  and  graphics  files  should  be 
recallable  for  “replay.”  In  review  mode  the 
portion  of  criteria  not  met  will  be  identified. 

Design  of  Hollow  Unit 
Masonry  Lintels  and  Beams 

Purpose 

The  purpose  of  this  document  is  to  estab¬ 
lish  the  criteria  for  development  of  a  com¬ 
puter  program  for  the  design  and  review  of 
reinforced  single  wythe  hollow  unit  masonry 
beams.  This  program  will  be  designed  to 
work  similar  to  the  Masonry  Bearing  Wall 
Program.  The  program  will  design  masonry 
beams  by  the  working  stress  method  for  in¬ 
plane  loads  applied  along  the  length  of  the 
beam  and  moments  applied  at  the  ends  of  the 
beam.  The  program  will  also  be  capable  of  re¬ 
viewing  for  out-of-plane  loads  (wind  and  seis¬ 
mic  loads). 

Capabilities 

The  program  will  be  capable  of  design  or 
review  of  any  reinforced  concrete  masonry 
beam  using  standard-size  concrete  masonry 
units,  from  4  to  16  in.  thick.  End  conditions 
for  the  masonry  beam  can  be  specified  as  sim¬ 
ple  or  fixed.  The  beam  must  be  laterally  sup¬ 
ported  at  intervals  not  to  exceed  32  times  the 
least  width  of  the  compression  face.  Deflec¬ 
tions  will  be  computed  using  the  effective  mo¬ 
ment  of  inertia.  The  program  will  be 
designed  as  a  menu-driven  interactive  pro¬ 
gram,  easy  to  use  for  the  beginner  yet  effi¬ 
cient  for  the  experienced  user.  To  the 
maximum  extent  possible,  the  input  and  out¬ 


put  will  be  displayed  graphically.  The  option 
should  be  available  to  print  out  the  results 
long  hand  similar  to  what  we  would  see  had 
the  calculations  been  done  by  hand. 

Program  architecture 

This  program  is  one  of  many  programs  for 
the  design/review  of  masonry  components. 
Each  program,  when  developed,  will  function 
as  a  “stand-alone”  program  and  will  ulti¬ 
mately  serve  as  a  module  in  an  umbrella  pro¬ 
gram  encompassing  design/review  of 
masonry  components.  These  programs  will 
be  written  in  a  language  that  will  benefit  as 
much  as  possible  inclusion  of  the  masonry  de¬ 
sign  option  into  the  CASM  program  currently 
under  development.  The  programs  should  be 
written  in  a  compatible  computer  language 
and  handle  input/output  in  a  fashion  that  facil¬ 
itates  “stand-alone”  or  “integrated”  usage.  To 
facilitate  this  and  make  modifications  due  to 
masonry  code  changes  easier,  structured  mod¬ 
ular  programming  practices  will  be  used  with 
all  I/O  and  code  checking  provisions  sepa¬ 
rated  from  the  program  control  structure. 

Loads 

Vertical  and  lateral  loads  may  consist  of 
specified  loads  or  computed  lintel  loads. 
Loading  on  the  masonry  beam  may  be  speci¬ 
fied  as: 

•  Uniform  loads. 

•  Triangular  loads. 

•  Up  to  10  concentrated  loads. 

•  Load  combinations  of  all  or  part  of  the 
three  specific  loads. 

Lintel  loads  may  be  computed  by  the  pro¬ 
gram  based  on  the  height  of  the  wall  above 
the  lintel.  Distributed  and/or  concentrated 
loads  may  be  specified  at  the  top  of  the  wall 
under  consideration.  Arching  action  will  be 
assumed  by  the  program  if  the  height  of  the 
wall  above  the  lintel  is  equal  to  or  greater 
than  1/2  the  clear  span  of  the  lintel.  Arching 
action  is  burned  to  spread  loads  through  a 
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SCREEN  1  (Input) 


BEARING  WALL  INPUT 


Project: 

Location: 

Engineer: 

Input  File  Name:  (If  name  is  given  file  will  be  saved) 

Wall  identifier: 

Wall  Height,  h  : _ ft.  (Clear  Height  Between  Support  Points) 

Axial  Load,  P  : _ lbVft. 

Eccentric  Axial  Load,  Pe  : _ Ib./ft. 

Eccentric  Axial  Load  Eccentricity,  e  : _ in.  from  centerline. 

Wind  Load,  w  : _ psf 

Seismic  Zone,  Z  : _ (  0,  1,  2,  3,  or  4  ). 

Importance  Factor,  I : _ 

Other  Loads: 

Concentrated  Axial: 

P  = _ lbs. 

Spacing  = _ in. 

Line  Load,  Axial: 

Plf  = _ 

Distributed  Moment  at  Top  of  Wall: 

Mt  = _ ft-lb/ft 

Distributed  Moment  at  Bottom  of  Wall: 

Mb  = _ ft-lb/ft 

Concentrated  Lateral  Load: 

1  = _ lbs. 

Loction  = _ ft.  from  bottom  of  wall 


958 


Thomas 


CESEC91 


SCREEN  2  (Computer  response  and  input) 


Wall  height,  h  =  echo  ft. 
Seismic  Zone,  Z  =  echo 
Wind  Load,  w  =  echo  psf 


Minimun  thickness,  t  =  (TM  value) 

Max.  spacing  of  vertical  reinforcing,  s  =  (TM  value) 
Max.  spacing  of  horizontal  reinforcing,  sh  =(TM  value) 

Max.  Moment,  Mmax  =(computed  value)  ft. -lb. 


DO  YOU  WANT  TO  DESIGN  OR  REVIEW  ?  (D  or  R) 
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SCREEN  3D  (Input,  Response  =  DESIGN) 


Wall  height,  h  =  echo  ft. 

Seismic  Zone,  Z  =  echo 
Wind  Load,  w  =  echo  psf 

Minimum  thickness,  t  =  (TM  value) 

Max.  spacing  of  vertical  reinforcing,  s  =  (TM  value) 
Max.  spacing  of  horizontal  reinforcing,  sh  =(TM  value) 
Max.  reinforcing  bar  size,  No.  -  (Based  on  t) 

Minimum  spacing  of  vertical  reinforcing,  sm  = _ . 

Max.  Moment,  Mmax  =(computed  value)  fL-lb. 

Max.  Axial  Load,  Pmax  =(computed  value)  lb  ./ft. 

Design  masonry  fm  =(user  input)  psi. 

Steel  yield  stress,  fy  =(user  input)  ksi. 


REINFORCING  STEEL  WILL  BE  SPACED  AT 
8"  MODULAR  SPACING. 

Grout  all  cells  ?  (Y  or  N) 

Response  =  Yes:  Go  to  next  screea 
Response  -  No: 

ONLY  CELLS  WITH  REINFORCING  STEEL 
WILL  BE  ASSUMED  TO  BE  GROUTED. 
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SCREEN  3R  (Input,  Response  =  REVIEW) 


Wall  height,  h  =  echo  ft. 

Seismic  Zone,  Z  =  echo 
Wind  Load,  w  =  echo  psf 

Minimum  thickness,  t  =  (TM  value) 

One  Bar  or  Two  Bars? _ .  (Enter  ”1"  or  "2") 

Max.  spacing  of  vertical  reinforcing,  s  =  (TM  value) 
Max.  spacing  of  horizontal  reinforcing,  sh  =  (TM  value) 

Max.  reinforcing  bar  size.  No.  =  (Based  on  TM  5-809-3,  Draft) 

Max.  Moment,  Mmax  =  (computed  value)  ft.-lb. 

Max.  Axial  Load,  Pmax  =  (computed  value)  lb. /ft. 

Design  masonry  Fm  =  (user  input)  psi. 

Steel  yield  stress,  fy  =  (user  input)  ksi. 


Spacing  of  vertical  reinforcing  steel,  s  =  (user  input) 
Area  of  steel/spacing.  As  =  (user  input) 
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SCREEN  4  (Output) 


VERTICAL  REINFORCING  :  #6  <ffi  16  in.  ctrs.  (computed) 
HORIZONTIAL  REINFORCING:  U@4S  m.cOs.  (computed) 


Asv  =(compuled  value)  in2/ft,  p  =  (computed  value) 
Ash  ^(computed  value)  in2/ft,  p  =  (computed  value) 

Mmax  ^computed  value)  ft-lb 
Mnn  computed  value)  ft-lb 
Mrs  =(computed  value)  ft-lb 

fa  fb 

—  +  —  <=  i.o 

Fa  Fb 


(computed)  (computed) 

- + - -  (computed  value) 

(computed)  (computed) 
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triangular  shaped  distribution  having  sides 
sloping  at  45  deg  with  the  horizontal.  Con¬ 
centrated  or  distributed  toads  applied  to  the 
wall  above  the  apex  of  the  distribution  trian¬ 
gle  will  not  be  added  to  the  lintel  load.  The 
program  will  compute  the  dead  load  of  the 
wall  above  the  lintel  (including  arching  action 
where  appropriate)  and  the  dead  weight  of  the 
lintel  itself  based  on  the  specified  depth  of  the 
lintel.  Load  combinations  will  be  applied 
with  the  appropriate  combinations  and  factors 
in  accordance  with  TM-5-809-1  or  may  be 
combined  with  user-specified  factors.  Self¬ 
weight  (dead  load)  of  the  wall  is  computed 
based  on  the  geometry  and  weight  given  in 
the  draft  revision  of  TM-5-809-3  (in  prepara¬ 
tion).  Out-of-plane  seismic  loads  resulting 
from  the  dead  weight  of  the  wall  will  be  com¬ 
puted  by  the  program  based  on  the  input  seis¬ 
mic  zone  and  TM-5-809-10  (Department  of 
Army  1982). 

Method  of  analysis  and  design 

This  program  will  design  or  review  the  de¬ 
sign  of  masonry  beams  using  working  stress 
methods.  The  procedure  used  will  follow  the 
equations  and  design  process  as  described  in 
TM-5-809-3,  Chapter  8,  “Lintels.”  In  either 
the  design  or  review  mode,  the  program  will 
calculate  and  display  the  compressive  stress 
in  the  masonry  and  the  tensile  stress  in  rein¬ 
forcing  steel  as  well  as  the  stress  ratio  for 
each.  In  the  design  mode,  analysis  for  design 
will  begin  with  the  initial  minimum  thickness 
and  reinforcement  requirements  as  specified 
by  the  engineer.  Reinforcing  steel  bar  sizes 
will  be  determined  based  on  the  minimum 
area  of  steel  required.  Reinforcing  sizes  will 
be  “rounded”  to  the  next  larger  bar  size  meet¬ 
ing  the  minimum  area  of  steel  requirements. 
Stresses  will  be  computed  for  the  required 
load  combinations.  If  the  stresses  do  not  sat¬ 
isfy  the  allowable  stresses,  then  the  reinforc¬ 
ing  steel  area  will  be  incremented  to  the  next 
larger  bar  size.  Stresses  will  be  recomputed 
and  compared  again  with  the  allowable 
stresses.  The  reinforcing  steel  area  will  be  in¬ 
creased  one  bar  size  per  iteration  until  either 
the  actual  stresses  are  less  than  or  equal  to  the 
allowable  stresses  or  the  maximum  allowable 


bar  size  is  reached.  If  the  maximum  allow¬ 
able  reinforcing  steel  does  not  satisfy  the  al¬ 
lowable  stress  requirements,  then  the  depth  of 
the  lintel  or  beam  will  be  increased  by  8  in. 
The  bar  size  will  be  set  at  No.  4.  Stresses 
will  be  recomputed  and  compared  with  the  al¬ 
lowable  stresses,  as  stated.  If  the  allowables 
are  not  met,  the  iteration  process  will  then  re¬ 
peat  as  above  for  each  successive  bar  size 
until  the  allowable  stress  requirements  are  sat¬ 
isfied.  The  process  will  repeat  until  the  stress 
equations  are  satisfied. 

•  Design  Equations.  The  equations  for 
the  design  of  reinforced  walls  are  given 
in  the  appendix  and  were  obtained  from 
TM  5-809-3  (draft  revision  in  prepara¬ 
tion)  and  Chapter  5,  TM  5-809-10  (De¬ 
partment  of  the  Army  1982). 

•  Allowable  Stresses.  All  allowable 
stresses  are  shown  in  the  appendix.  These 
allowable  stresses  were  obtained  from 
Chapter  5,  draft  revision,  TM  5-809-3. 

•  Actual  Stresses.  Actual  stresses  will  be 
computed  using  the  equations  in  the  ap¬ 
pendix  as  well  as  those  in  Chapter  8, 
draft  revision,  TM  5-809-3. 

Program  input 

Input  to  this  program  will  be  designed  to 
be  as  user  friendly  as  possible  while  maintain¬ 
ing  the  capabilities  and  flexibility  needed  by 
experience  designers.  The  program  will 
allow  the  user  to  build  an  input  file  interac¬ 
tively  without  extensive  use  of  external  refer¬ 
ences.  Help  screens  should  be  available  for 
each  input  item  to  assist  the  user  in  a  clear  un¬ 
derstanding  of  the  requested  input.  The  help 
screens  should  include  graphic  representa¬ 
tions  of  the  input  parameter  wherever  appro¬ 
priate.  Input  screens  will  include  the 
common  terminology,  the  common  symbol, 
and  the  required  units  for  the  input  variable. 
Input  should  appear  similar  to  the  attached  ex¬ 
ample  input  screens.  Program  input  wiil  be 
saved  as  a  file  in  order  to  recall  and  modify  at 
a  later  date. 
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Program  output 


References 


Output  should  look  similar  to  the  attached 
example  output  sceens.  Input  and  output  files 
will  be  created  from  the  screen  input  and  out¬ 
put.  The  input  files  should  be  recallable  to 
use  as  seed  files  to  create  a  new  file.  Input 
will  be  echoed  on  the  screen  and  written  to 
output  files.  Output  text  and  graphics  files 
should  be  recallable  for  “replay.”  In  review 
mode  the  portion  of  criteria  not  met  will  be 
identified. 
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Black  Rock  Lock  Stability  and  Foundation 
Problems  and  Solutions 


by 

1  ■? 
Eugene  N.  Lenhardt  and  Frank  T.  Lewandowski,  PE~ 


Abstract 

The  Black  Rock  Lock  located  on  the  Niagara  River  in  Buffalo,  New  York,  was 
recently  found  to  have  both  stability  and  foundation  problems.  The  lock  chamber 
walls  do  not  meet  required  overturning  stability  criteria  when  the  lock  chamber  is 
dewatered.  Numerous  voids  have  been  discovered  within  the  bedrock  foundation 
under  the  lock  walls.  The  Buffalo  District  has  conducted  thorough  studies  of  these 
problems  and  looked  at  various  solutions.  These  studies  and  their  recommendations 
for  rehabilitation  of  the  Black  Rock  Lock  are  discussed  in  this  paper. 


Introduction 

The  River  and  Harbor  Act  of  3  March 
1905  provided  for  a  suitable  deep-draft  chan¬ 
nel  around  the  rapids  and  shoals  at  the  head 
of  the  Niagara  River  at  Buffalo,  New  York. 
The  act  included  the  construction  of  a  naviga¬ 
tion  lock,  bridge,  and  repair  of  existing  piers 
and  walls.  The  Black  Rock  Lock,  constructed 
by  the  Buffalo  District  Corps  of  Engineers  be¬ 
tween  1908  and  1913,  was  opened  to  deep- 
draft  vessel  traffic  on  17  August  1914.  The 
Black  Rock  Lock  is  located  on  the  right  bank 
of  the  Niagara  River  approximately  4  miles 
downstream  from  the  head  of  the  river  at 
Lake  Erie.  Location,  plan,  profile,  and  sec¬ 
tions  of  the  Black  Rock  Lock  are  shown  in 
Figure  1 .  Currently,  both  lock  wall  stability 
and  foundation  problems  exist  at  the  Black 
Rock  Lock.  Stability  problems  involve  the 
lock  chamber  walls  between  miter  gate  mono¬ 
liths  (Section  B-B  in  Figure  1).  These  lock 
walls  do  not  meet  current  Corps  of  Engineers 
overturning  stability  criteria  when  the  lock 
chamber  is  dewatered.  Foundation  problems 


consist  of  a  high  degree  of  solutioning  and 
weathering  of  the  lock  wail  bedrock  founda¬ 
tion  making  it  difficult  to  dewater  the  lock 
chamber  and  subjecting  the  lock  walls  to  un¬ 
dermining.  This  paper  will  discuss  the  stud¬ 
ies  conducted  by  the  District  relative  to  the 
lock  wall  stability  and  foundation  problems 
and  all  the  various  solutions  to  these  prob¬ 
lems  that  were  considered  including  the  se¬ 
lected  rehabilitation  plan. 

Background 

Throughout  its  life  the  lock  chamber  of  the 
Black  Rock  Lock  has  been  successfully  dewa¬ 
tered  without  incident.  However,  by  the  early 
1980’s,  the  lock  chamber  was  becoming  in¬ 
creasingly  more  difficult  to  pump  out.  Seepage, 
somewhere  below  the  lock  walls  and  miter 
gate  sills,  was  suspected.  In  1984,  District  en¬ 
gineers  performed  preliminary  stability  analy¬ 
ses  in  case  it  was  necessary  to  dewater  below 
the  historical  pump-out  elevation  (top  of 
lower  miter  gate  sill)  in  order  to  remedy  the 
seepage  problem.  The  preliminary  stability 


1  Geotechnical  Engineer,  US  Army  Engineer  District,  Buffalo;  Buffalo,  NY. 

2  Structural  Engineer,  US  Army  Engineer  District,  Buffalo;  Buffalo,  NY. 
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Figure  1 .  Location,  plan,  profile,  and  sections  ot  the  Black  Rock  Lock 


analysis  showed  that  the  lock  chamber  walls 
between  gates  would  not  meet  current  Corps 
of  Engineers  overturning  stability  criteria  for 
the  dewatered  condition  when  the  chamber 
pool  was  at  and  below  the  historical  pump-out 
elevation. 

From  1986  to  1990,  Hanson  Engineers, 

Inc.  of  Springfield,  Illinois,  was  under  con¬ 
tract  to  the  District  to  perform  complete  over¬ 
turning  and  sliding  stability  analyses  for  all 
applicable  loading  conditions  and  to  conduct 
a  foundation  investigation  at  the  Black  Rock 
Lock.  Hanson’s  stability  analyses  verified  that 
the  lock  walls  did  not  meet  current  Corps  of  En¬ 
gineers  overturning  stability  criteria  for  the  de¬ 
watered  condition.  It  was,  therefore,  decided 
that,  during  all  future  dewaterings,  the  mini¬ 
mum  pump-out  elevation  within  the  lock  cham¬ 
ber  would  be  kept  at  the  historical  level  (top  of 
lower  miter  gate  sill).  Hanson’s  foundation  in¬ 
vestigation  found  numerous  voids  under  the 
lock  walls.  The  voids  were  created  by  the 
solutioning  of  gypsum  deposits  and  weathering 
of  the  bedrock  foundation  over  the  years.  This 
was  determined  to  be  the  cause  of  the  lock 
chamber  dewatering  problems.  Hanson  was 
then  requested  to  perform  additional  subsurface 
investigations  including  a  test  grouting  program 
to  use  as  the  basis  for  a  production  grouting 
contract.  In  1990,  Hanson  prepared  contract 
plans  and  specifications  for  grouting  the  bed¬ 
rock  foundation  of  the  Black  Rock  Lock.  A 
contract  for  grouting  the  bedrock  foundation  of 
the  Black  Rock  Lock  was  awarded  during  May 
1991 .  Future  dewatering  of  the  lock  chamber  is 
being  postponed  until  the  grouting  contract  is 
completed.  In  1990,  using  the  results  of 
Hanson’s  stability  studies,  Buffalo  District  engi¬ 
neers  looked  at  various  alternatives  to  solve  the 
lock  wall  stability  problems  whenever  the  lock 
chamber  is  dewatered.  The  foundation  investi¬ 
gations,  test  grouting  program,  the  current  foun¬ 
dation  grouting  contract,  and  the  alternatives 
considered  to  remedy  the  lock  wall  stability 
problems  are  discussed  in  the  remaining  sec¬ 
tions  of  this  paper. 


Subsurface  Explorations 
Winter  1988  exploration  program 

In  January  and  February  1988,  a  subsur¬ 
face  exploration  program  was  performed  to 
determine  the  condition  of  the  rock  founda¬ 
tion  and  to  obtain  samples  for  laboratory  test¬ 
ing.  The  locations  of  these  explorations  are 
shown  in  Figure  2. 

The  borings  reveal  that  bedrock  is  at  a  uni¬ 
form  depth  of  51  to  55  feet  below  the  top  of 
the  lock  wall.  The  bedrock  consists  of  rela¬ 
tively  flat-lying  layers  of  dolomitic  limestone 
and  gypsum.  The  upper  5  to  10  feet  of  the 
bedrock  was  highly  fractured  and  weathered 
with  gypsum  being  rarely  recovered  in  this 
zone.  At  depths  below  8  to  15  feet,  the  bed¬ 
rock  was  usually  recovered  intact  and  with 
some  pure  gypsum  beds  as  much  as  0.5  feet 
thick.  The  upper  5  to  10  feet  of  the  highly 
weathered  bedrock  contained  softened  layers 
of  gypsum  intercepted  by  open  vertical  joints 
making  the  gypsum  prone  to  rapid  dissolution 
by  flowing  water.  The  dissolution  of  gypsum 
along  the  open  vertical  joints  has  most  likely 
resulted  in  an  extensive  network  of  isolated 
and  intersecting  small  cavities  beneath  the 
lock  wall.  A  borehole  video  camera  con¬ 
firmed  the  existence  of  cavities  beneath  the 
lock  wall  some  as  much  as  1-1/2  foot  thick. 

Summer  1988  test  grouting  program 

Significant  core  loss  and  voids  encoun¬ 
tered  during  the  winter  1988  subsurface  explo¬ 
ration  program  indicated  a  higher  degree  of 
solutioning  or  weathering  of  the  bedrock  than 
previously  expected.  Concern  that  solution¬ 
ing  could  undermine  the  lock  prompted  a  sec¬ 
ond  exploration  program  combined  with  a  test 
grouting  program  that  was  performed  during 
the  months  of  June  through  September  1988. 
The  objectives  of  the  test  grouting  program 
were  to: 
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•  Estimate  the  extent  of  void  formation  and 
ability  to  fill  large  voids  and  rock  fractures 
with  grout. 

•  Evaluate  different  grout  mixes  (water- 
cement  ratio),  fillers  (sand,  rock  flour), 
fillers/lubricants  (fly  ash,  bentonite/clay), 
and  accelerator  additives  (calcium  chloride). 

•  Experiment  with  different  grout  pres¬ 
sures  to  establish  suitable  pressures  for 
grout  transmicity  and  filling  of  defects  in 
the  foundation. 

•  Develop  reasonable  criteria  for  spacing 
and  orientation  of  the  grout  holes. 

•  Estimate  the  quantity  of  cement  and 
other  materials,  drilling  footage,  and  pro¬ 
duction  rates  to  make  cost  estimates  for 
production  grouting. 

The  test  grout  program  consisted  of  3  test 
sections,  designed  to  assess  grouting  conditions 
for  a  range  of  ground  conditions.  The  locations 
of  these  test  sections  are  shown  in  Figure  2. 

Test  section  A  was  located  on  the  west  wall 
near  boring  C88-8  in  which  the  rock  was 
highly  weathered  and  fractured.  In  addition, 
old  construction  photos  and  subsequent  main¬ 
tenance  dewatering  showed  this  to  be  an  area 
of  high  water  inflows.  The  other  test  sections 
were  located  in  areas  thought  to  have  better 
foundation  conditions. 

The  number  of  grout  injection  holes  in  each 
test  section  were  initially  limited  to  six  holes 
and  were  expanded  to  seven  holes  in  sections  B 
and  C  to  provide  sufficient  information  and  to 
accomplish  the  project  objectives.  The  loca¬ 
tions  of  the  grout  injection  holes  for  each  test 
section  are  shown  in  Figures  3  and  4.  All 
grout  injection  holes  used  an  NX-sized  (4-inch 
ID)  double  tube  core  barrel  with  diamond 
impregnated  drill  bits. 

Because  of  the  anticipated  presence  of  voids 
or  highly  fractured  rock,  downstage  drilling  and 
grouting  was  performed  in  3-5-foot  stages. 

This  method  was  used  as  it  was  anticipated  that 
grouting  the  upper  stage  would  stabilize  the 
highly  fractured  rock  immediately  below  the 


base  of  the  lock  walls,  thus  preventing  the  hole 
from  caving. 

Drilling  and  grouting  was  performed  in 
numerical  order  of  borings  and  stages.  Grout 
injection  holes  1 , 2,  and  3  (Figures  3  and  4) 
formed  a  grout  curtain  along  the  inside  of  the 
wall  and  served  to  confine  grout  injected  in 
successive  holes  beneath  the  lock  wall.  Grout 
holes  4  in  test  section  A  (Figure  3),  4  and  3  in 
test  sections  B  and  C  (Figure  4)  acted  as  pri¬ 
mary  blanket  grout  holes  that  served  to  further 
confine  grout  beneath  the  lock  walls.  Grout 
hole  5  in  test  section  A  and  6  in  test  sections 
B  and  C  acted  as  secondary  holes,  filling  the 
gaps  between  the  lock  curtain  holes  and  the 
blanket  primary  holes.  Grout  holes  6  in  test 
section  A  and  7  in  test  sections  B  and  C  were 
used  as  tertiary  and  check  holes.  The  primary 
curtain  and  blanket  holes  were  spaced  at  12 
feet  from  each  other.  The  middle  curtain 
holes  and  secondary  blanket  holes  were  split 
spaced  between  the  primary  holes  at  a  spac¬ 
ing  of  6  feet.  The  tertiary  and  check  holes 
were  further  split  generally  at  spacings  of  2.5 
to  3  feet  from  adjacent  primary  and  secondary 
grout  holes. 

Water  and  type  II  portland  cement  were 
the  major  components  of  the  grout  mixes. 
Other  grout  constituents  included  sand,  fly 
ash,  bentonite,  and  calcium  chloride.  A  water 
to  cement  ratio  (by  weight)  of  1:1  was  gener¬ 
ally  pumped  first  followed  by  0.75:1  and 
0.5:1  as  pumping  and  grout  takes  permitted. 

Seams  of  grout  were  only  recovered  in  ad¬ 
jacent  holes  and  in  some  cases  only  partial  re¬ 
covery  of  grout  was  obtained  from  a 
previously  grouted  stage.  Flushing  and  dilu¬ 
tion  of  grout  by  lock  cycling  during  the  test 
grout  program  may  be  a  source  of  the  low 
grout  recovery.  Field  observations  indicate 
that  the  addition  of  fly  ash  to  the  grout  mix  re¬ 
sulted  in  longer  set  times.  In  several  grout  in¬ 
jection  holes  recovered  grout  cores  containing 
fly  ash  had  only  set  to  a  very  low  strength  1 5 
hours  after  injection.  Thus,  based  upon  this 
experience  and  the  longer  set  times,  it  was  de¬ 
cided  that  fly  ash  should  not  be  used  in  the 
production  grouting  program. 
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The  average  grout  take  versus  hole  sequence 
is  shown  in  Figure  5.  Generally,  stage  1  had 
the  highest  grout  takes  with  an  average  of  43.4 
sacks  of  cement  and  ranges  from  1  to  144  sacks 
of  cement.  This  is  interpreted  to  reflect  the 
higher  degree  of  fracturing  and  void  formation 
in  the  upper  5  feet  of  the  rock  mass.  The  third 
stage  had  the  lowest  grout  takes  ranging  from 
0  to  3  sacks  of  cement.  This  reflects  the  tight, 
unfractured,  and  unsolutioned  nature  of  the 
rock  located  10  to  15  feet  below  the  base  of  the 
lock.  Stage  2  had  intermediate  takes  ranging 
from  2  to  68  sacks  of  cement  with  an  average 
of  18.8  sacks.  Average  grout  takes  reduced  in 
going  from  primary  to  secondary  to  tertiary 
grout  holes.  In  general,  the  grout  takes  in  the 
secondary  holes  were  30  tc  80  percent  of  the 
primary  holes.  Tertiary  grout  holes  had  grout 
takes  of  0  to  30  percent  of  the  primary  holes. 

Foundation  Production  Grouting 

The  production  grouting  program  for 
restabilization  of  the  lock  walls  and  gate  sills 
is  designed  to  improve  the  bearing  capacity  of 
the  rock  foundation  and  improve  the  sliding 
resistance  by  filling  large  voids  and  cavities 
that  have  resulted  from  continuous  solutioning 
of  gypsum  since  lock  construction.  In  addition, 
grouting  the  voids  would  reduce  seepage  into 
the  lock  which  has  made  dewatering  impossi¬ 
ble  in  recent  years.  Data  from  the  summer  of 
1988  test  grouting  program  provided  useful  in¬ 
formation  that  was  used  to  plan  this  program. 

Grout  materials  and  proportioning 

The  recommended  or  specified  grout  mix 
consists  of  the  following  materials: 

•  Type  II  Portland  Cement,  manufactured 
to  resist  moderate  sulfate  attack. 

•  Clear,  clean,  fresh  mix  water. 

•  Fine  masonry  sand  to  be  used  as  a  low 
cost  filler  and  to  promote  plugging  of 
large  voids. 

•  Bentonite  may  be  added  (maximum 

2  percent  by  weight)  to  reduce  shrinkage, 


improve  pumpability,  prevent  bleeding, 
and  limit  premature  settling  of  solids. 

•  Accelerator  (calcium  chloride)  added  to 
reduce  grout  set  time.  A  maximum  of 
2  percent  by  weight  of  accelerator  may 
be  added  to  the  grout  mix. 

Fly  ash  will  not  be  permitted  to  be  used  in  the 
grout  mix  as  a  filler  material.  This  restriction 
is  based  upon  the  low  grout  strengths  and 
longer  set  times  obtained  from  grout  contain¬ 
ing  fly  ash  during  the  test  grout  program. 

The  grout  shall  be  batched  at  incremental 
water  to  cement  ratios  of  2: 1 ,  1:1,  0.75: 1 ,  and 
0.5:1  by  weight.  Initially  a  grout  mix  ratio  of 
1:1  shall  be  injected.  Depending  upon  the 
thickness  and  extent  of  void  formation,  the 
grout  mix  may  be  thickened  to  grout  mix  ra¬ 
tios  of  0.75:1  and  0.5: 1 .  If  tighter  rock  condi¬ 
tions  are  encountered,  the  grout  mix  shall  be 
thinned  to  a  2:1  water  to  cement  ratio — then, 
depending  upon  grout  pressures  developed 
and  grout  takes,  thickened  to  subsequent 
water  to  cement  ratios  within  the  sequence  of 
1:1, 0.75:1,  and  0.5:1.  Based  upon  the  results 
of  the  test  grouting  program,  it  is  expected 
that  an  initial  grout  mix  of  1 : 1  will  be  in¬ 
jected  with  the  majority  of  the  grout  being  in¬ 
jected  at  a  mix  ratio  of  0.75: 1 . 

Grout  injection  procedures 

Due  to  the  existence  of  voids  and  highly 
fractured  rock  in  the  upper  portions  of  the 
rock,  downstage  drilling  and  grouting  will  be 
performed.  The  grouting  will  be  conducted  in 
two  successively  deeper  5-foot  stages  as  the 
cavity  formation  and  rock  fracturing  primar¬ 
ily  occurs  in  the  upper  5  to  10  feet  of  the  bed¬ 
rock.  After  each  stage  is  drilled,  the  grout 
hole  will  be  washed  and  water  pressure 
tested.  Grout  will  then  be  injected  and  al¬ 
lowed  to  set  for  24  hours  before  the  next 
stage  is  drilled  and  the  sequence  repeated. 

Grout  pressures 

The  test  grouting  program  revealed  that 
safe  grout  pressures  well  below  the  maximum 
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Figure  2.  1988  Plan  of  subsurface  explorations  and  location  of  test  grout  sections 
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Figure  3.  Test  grout  section  A 
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Figure  4.  Test  grout  sections  B  &  C 
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GROUT  QUANTITY,  BAGS 


Figure  5.  Average  grout  take  versus  hole  sequence 
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allowable  were  obtained  to  adequately  fill  the 
voids  and  fractured  bedrock.  However,  as  a 
precaution  the  computed  maximum  allowable 
grout  pressures  are  contained  in  the  production 
grouting  specifications  to  prevent  uplift  and 
damage  to  the  lock  walls.  For  the  curtain  holes, 
the  maximum  allowable  grout  pressures  are 
15  psig  for  stage  1  and  40  psig  for  stage  2. 

For  the  blanket  holes  beneath  the  lock  walls, 
the  maximum  allowable  grout  pressures  are 
50  psig  for  both  stages. 

Grout  hole  spacing  and  number 

The  recommended  typical  grout  hole  grid 
for  each  24-foot  length  of  lock  wall  is  shown 
in  Figure  6.  This  grid  provides  primary  holes 
spaced  at  12  feet  with  secondary  holes  being 
split  at  a  spacing  of  6  feet.  If  needed,  tertiary 
holes  will  be  further  split  spaced  at  4  to  5  feet 
from  primary  and  secondary  grout  holes.  De¬ 
pending  upon  rock  conditions,  additional  qua¬ 
ternary  holes  may  be  drilled  and  grouted  at  a 
spacing  to  be  determined.  In  addition,  4-inch 
diameter  check  holes  will  be  cored  and  video 
taped  to  determine  how  successfully  the 
nearby  grout  injection  holes  are  filling  the 
voids.  Initially,  1  check  hole  is  planned  for 
every  50-foot  section  of  the  lock  wall.  Addi¬ 
tional  check  holes  may  be  added  depending 
upon  field  conditions.  It  is  estimated  that  ap¬ 
proximately  1,200  grout  injection  and  check 
holes  will  be  drilled  depending  upon  the  rock 
foundation  conditions. 

Stability  Problems  and  Solutions 
Results  of  stability  analyses 

Results  of  recent  stability  analyses  show 
that  the  lock  chamber  walls  of  the  Black  Rock 
Lock  meet  current  Corps  of  Engineers  over¬ 
turning  and  sliding  stability  criteria  as  con¬ 
tained  in  ETL  1110-2-310  for  the  normal 
operating  condition  with  and  without  earth¬ 
quake  loading.  The  lock  chamber  walls  meet 
sliding  stability  criteria  but  do  not  meet  over¬ 
turning  stability  criteria  for  the  dewatered  con¬ 
dition.  Results  of  the  overturning  stability 
analyses  for  the  dewatered  condition  are 
given  below  in  Table  1. 


Table 
Overti 
for  the 
Condi 

1 

irnlng  Stability  Analysis  Results 
Dewatered  Condition  (Existing 
tlons) 

%  Baa*  In 
Compraaalon 

Max  Baaa 
Preaaure,  kat 

Wall 

Soli  Param- 

•tara  Uaad 

Req'd 

Actual 

Allow¬ 

able 

Actual 

West 

Short  Term 

50 

14.1 

40 

58.6 

West 

Long  Term 

50 

8.5 

40 

96.8 

East 

Short/Long 

50 

12.1 

40 

69.5 

Remedial  measures  considered 

In  order  for  the  lock  walls  to  meet  current 
Corps  of  Engineers  overturning  stability  cri¬ 
teria,  remedial  measures  would  be  required. 
Seven  deferent  alternatives  were  considered. 
A  description  and  cost  of  each  alternative  con¬ 
sidered  are  given  in  the  tabulation  below. 


Alter¬ 

native 

Oeacrlption 

Coat,  $ 

1 

Prestressed  rock  anchors  with  per¬ 
manent  anchor  heads.  Total  120 
anchors  with  a  working  load  ot  280 
kips  each. 

3,510,000 

2 

Prestressed  rock  anchors  with  tem¬ 
porary  anchor  heads  (permanent 
anchorage  in  lock  wall  achieved  by 
bonding).  Totall  20  anchors  with 
a  working  load  of  280  kips  each. 

3,380,000 

3 

Non-prestressed  rock  anchors,  in¬ 
clined  through  total  height  of  lock 
wall.  Total  90  anchors  with  an  al¬ 
lowable  load  ot  384  kips.  Anchors 
would  consist  of  2  #18  epoxy- 
coated  Grade  60  rebar. 

2,430,000 

I 

Non-prestressed  rock  anchors,  ver¬ 
tical  and  installed  through  back 
steps  of  lock  wall.  Total  106  an¬ 
chors  with  an  allowable  load  of 

384  kips.  Anchors  would  consist 
of  2  #18  epoxy-coated  Grade  60 
rebar. 

2,250,000 

5 

Temporary  horizontal  steel  pipe 
compression  struts  installed  7.5 
feet  below  top  of  wall.  Total  23 
struts  built  of  26-inch  diameter  A53 
steel  pipe,  hung  from  temporary  L- 
shaped  hangers  bolted  to  top  of 
lock  walls. 

1,460,000 

6 

Removal  of  soil  behind  lockwall  to 
decrease  overturning  forces. 

Not  Esti¬ 
mated 

7 

No  Action. 

- 

976 


lenhardt  &  Lewandowski 


CESEC91 


FACE  OF 
LOCK  WALLS 


LEGEND 
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°  TERTIARY  BLANKET  HOLES 


Figure  6.  Typical  lock  wall  grout  hole  spacing 
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Remedial  measure  selection 

After  consultation  with  North  Central 
Division,  the  strut  alternative  (No.  5)  was  de¬ 
termined  to  be  the  most  acceptable  remedial 
measure  and  selected  for  implementation. 

The  strut  alternative  had  the  lowest  total  cost, 
satisfied  all  current  Corps  of  Engineers  stabil¬ 
ity  criteria,  would  not  distress  the  lock  walls, 
had  been  successfully  used  by  other  Corps 
districts,  and  was  determined  to  be  the  most 
feasible  of  all  alternatives  considered.  The 
prestressed  rock  anchor  alternatives  were  re¬ 
jected  due  to  their  high  cost  and  the  possibility 
that  the  high  anchor  forces  could  overstress  the 
aging  lock  wall  concrete.  The  non-prestressed 
rock  alternatives  were  rejected  because  of 
their  high  cost  and  ETL  1 1 10-2-3 10  recom¬ 
mendations  against  using  non-prestressed 
rock  anchors  in  permanent  structures  if  other 
options  are  feasible.  The  alternative  for  re¬ 
moving  soil  behind  the  lock  walls  did  not  pro¬ 
duce  a  significant  increase  in  the  percent  of 
base  in  compression  and  was  dropped  from 
further  consideration.  The  “No  Action”  alter¬ 
native  was  considered  not  acceptable  since 
the  actual  percentage  of  base  in  compression 
was  extremely  low  and  did  not  exceed  the 
minimum  50  percent  base  in  compression 
requirement,  and  the  allowable  foundation 
bearing  pressures  were  exceeded. 

Additional  study 

Since  the  District  had  recently  awarded  a 
major  contract  to  grout  the  numerous  voids  in 
the  rock  foundation  below  the  lock  walls,  it 
was  considered  possible  that  actual  uplift  pres¬ 
sures  on  the  base  of  the  lock  walls  would  be 
effected  by  the  grouting  and  would  be  differ¬ 
ent  from  the  assumptions  used  in  the  previous 
stability  analyses  of  the  lock  walls.  The  foun¬ 
dation  grouting  contract  for  the  Black  Rock 
Lock  involves  the  comprehensive  grouting  of 
the  rock  foundation  of  all  lock  and  miter  gate 
sill  monoliths.  If  successful,  the  grouting  pro¬ 
gram  should  completely  fill  all  voids  under 
the  lock  walls  and  make  the  foundation  more 
watertight.  District  engineers  are  currently 
considering  modifying  the  foundation  grouting 
contract  to  include  the  installation  of  a  series  of 


piezometers  in  various  locations  along  the  east 
and  west  lock  walls.  The  piezometers  would 
be  installed  in  previously  drilled  grout  and 
check  holes  to  minimize  installation  costs. 
After  the  grouting  program  is  completed,  the 
newly  installed  piezometers  would  be  moni¬ 
tored  during  a  partial  dewatering  of  the  lock 
chamber.  An  assessment  of  the  monitored 
uplift  pressures  would  be  made  for  the  partial 
dewatering  and  used  as  the  basis  to  estimate 
uplift  pressures  for  a  full  dewatering.  This 
would  allow  a  reassessment  of  the  selected 
remedial  measure  (struts)  and  could  lead  to  a 
reduction  in  the  required  number  and/or  size 
of  the  struts.  The  estimated  uplift  pressures 
would  be  verified  in  the  next  actual  full  dewa¬ 
tering.  It  is  not  believed  that  the  uplift  pres¬ 
sures  after  grouting  would  decrease  enough  to 
completely  eliminate  the  need  for  struts  or 
other  remedial  measures. 

Conclusion 

A  foundation  production  grouting  program 
is  currently  under  contract  at  the  Black  Rock 
Lock.  This  program  is  designed  to  improve  the 
bearing  capacity  of  the  lock  wall  foundation, 
improve  sliding  resistance  of  the  lock  walls, 
and  substantially  decrease  or  entirely  elimi¬ 
nate  seepage  under  the  lock  walls  by  filling 
large  cavities  discovered  during  the  1988  sub¬ 
surface  exploration  programs.  These  voids  or 
cavities  have  resulted  from  the  continuous 
solutioning  of  gypsum  since  lock  construction. 
The  foundation  production  grouting  program  is 
expected  to  be  completed  by  May  1993.  It  is 
estimated  that  1,200  grout  injection  holes  will 
be  required,  most  of  which  are  drilled  through 
portions  of  the  lock  walls.  In  April  1991,  con¬ 
struction  bids  for  this  work  were  opened  with 
the  lowest  bid  of  $3,553,044  coming  from 
Hydro  Group,  Western  Well  &  Pump  Co., 
Temple,  Arizona.  Dewatering  of  the  Black 
Rock  Lock  will  be  delayed  until  the  foundation 
grouting  program  is  completed.  Steel  pipe  com¬ 
pression  struts  will  be  fabricated  prior  to  the 
next  scheduled  dewatering  of  the  lock  cham¬ 
ber.  The  struts  will  be  temporarily  installed 
during  each  future  dewatering  of  the  lock 
chamber.  While  the  pool  within  the  lock 
chamber  is  at  normal  levels,  the  struts  will  be 
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stored  on  the  Buffalo  District  reservation 
grounds.  If  the  District’s  proposed  additional 
study  and  monitoring  of  actual  uplift  pressures 
on  the  base  of  the  lock  walls  is  performed  and 
yields  positive  results,  the  selected  remedial 
measure  consisting  of  struts  may  be  modified. 
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Evaluation  and  Rehabilitation  of  Lock  Walls 
in  the  Mobile  District 

by 

MuniherN.  Sahawneh 1 


Abstract 

Over  the  past  10  years  the  Mobile  District  has  discovered,  either  through  visual 
observations  or  the  PICES  program,  structural  deficiencies  at  a  number  of  its  older 
locks.  These  problems  were  caused  primarily  by  earth  backfill  pressures  and 
sarwation  lines  that  were  higher  than  those  assumed  in  the  design  of  the  structures. 
The  District  has  had  to  perform  remedial  work  at  four  locks  as  a  result  of  these 
problems  at  a  cost  approaching  $3  million. 

Jim  Woodruff  lock,  which  was  completed  in  the  late  1950’s,  had  stability  prob¬ 
lems  caused  by  a  high  saturation  line  in  the  fill  behind  the  landside  lock  wall.  The 
*  problem  was  discovered  through  the  PICES  program  and  was  corrected  by  the 
installation  of  a  backfill  drain  in  1981. 

Holt  lock,  which  was  constructed  in  the  196C’s,  developed  excessive  backfill 
pressures  in  the  upper  gate  area  by  the  esplanade.  Visual  observation  of  a  boil  at 
the  concrete! soil  interface  on  the  back  side  of  the  upper  transition  monolith  and 
gradual  movement  of  the  top  of  the  monolith  toward  the  lock  chamber  triggered  a 
full  scale  structural  investigation.  A  concrete  drilling  program  found  that  two 
monoliths  just  downstream  of  the  upper  gate  were  completely  cracked  into  two 
pieces  through  the  lock  culvert.  Installation  of  post-tensioned  anchors  and  removal 
of  some  backfill  material  were  required  to  restore  the  integrity  of  these  structures. 
This  work  was  completed  in  1982. 

Demopolis  lock  was  completed  in  the  early  1960's.  A  structural  evaluation  of 
the  Demopolis  lock  land  wall  was  performed  because  of  high  piezometer  readings 
in  the  fill  behind  the  lock  wall.  The  evaluation  revealed  serious  stability  problems 
which  resulted  in  the  removal  of  20  feet  of  backfill  material  from  the  upper  gate  area 
to  the  lower  guide  wall. 

The  Millers  Ferry  lock,  another  project  completed  in  the  1960’s,  was  recently 
found  to  have  a  problem  almost  identical  to  the  one  at  the  Holt  lock.  The  repair  will 
be  similar  to  the  Holt  repair  and  should  be  completed  in  FY91. 

The  problems  encountered  at  these  four  locks  may  be  indicative  of  problems  yet 
to  be  discovered  with  other  projects  constructed  in  the  1950’ s  and  1960’s. 


1  Structural  Engineer,  US  Army  Engineer  District,  Mobile;  Mobile,  AL. 
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Introduction 

Four  locks  in  the  Mobile  District  were  dis¬ 
covered  to  have  structural  deficiencies  which 
were  caused  primarily  by  backfill  pressures 
and  saturation  lines  higher  than  design  as¬ 
sumptions.  The  high  backfill  pressures  were 
caused  by  the  presence  of  silts  and  clays  in 
the  backfill. 

Two  of  those  projects  developed  cracks 
between  the  culvert  and  the  back  face  of  the 
lock  land  wall  monoliths.  These  two  projects 
had  no  reinforcement  around  the  culvert  (de¬ 
signed  in  the  1950’s). 

The  stability  analysis  indicated  that  these 
projects  were  Unstable  in  their  present  condi¬ 
tion.  The  remedial  actions  that  took  place 
were  to  reduce  the  elevation  of  the  saturation 
line,  remove  or  replace  some  of  the  backfill, 
install  backfill  drains,  and,  for  the  cracked 
monolith,  to  install  post-tensioned  anchors 
and  grout  the  cracks. 

Jim  Woodruff  Lock 
and  Dam  Project 

This  project  is  located  on  the  Chattahoochee 
River,  Florida.  It  consists  of  a  fixed  crest 
spillway  1,634  feet  long  on  the  right  bank,  a 
single  left  lock  with  a  usable  chamber  dimen¬ 
sion  of  82  by  450  feet  and  a  maximum  lift  of 
33  feet,  a  gated  spillway  766  feet  long,  a  pow¬ 
erhouse  with  a  switchyard  and  substation,  and 
an  overflow  dike  section  2,130  feet  long  on 
the  left  bank.  The  project  was  completed  in 
1957. 

Problem 

There  was  one  basic  criterion  change  that 
resulted  in  greater  overturning  forces  being 
exerted  on  the  structure  and  that  is  the  change 
in  the  uplift  criterion.1  Uplift  pressure  in  the 
original  design  was  assumed  to  be  effective 
over  two-thirds  of  the  base  area.  Under  current 


criteria,  the  uplift  pressure  must  act  over  100 
percent  of  the  base  area. 

The  lock  land  wall  was  designed  with  back¬ 
fill  to  El.  60  feet  and  its  stability  is  controlled 
by  the  saturation  level  in  the  backfill.  Free- 
draining  backfill  was  specified  in  construction, 
however,  the  presence  of  silt  and  clay  in  the 
backfill  caused  the  saturation  line  to  be  close  to 
El.  60  feet  (about  15  feet  above  lower  pool). 

In  the  second  PICES  inspection,  which 
was  made  in  May  1976,  a  study  of  the  design 
features  of  the  lock  and  dam  was  made.  This 
study  evaluated  the  stability  of  the  structures 
and  concluded  that  the  saturation  line  should 
be  lowered  about  10  feet  to  satisfy  stability 
requirements. 

Solution 

A  drainage  trench  was  installed  in  June  1981. 
After  installation,  the  drain  flowed  at  about 
25  gpm,  and  then  the  flow  decreased  after 
about  2  days.  The  before  and  after  piezometer 
readings  indicated  a  drop  in  the  saturation 
line  behind  the  lock  wall  after  the  completion 
of  the  drainage  trench.  The  saturation  line 
dropped  to  safe  levels  with  normal  tailwater. 
When  the  saturation  line  stabilized  at  about 
El.  50.0  feet,  the  problem  was  considered 
eliminated. 

Holt  Lock  and  Dam  Project 

This  project  consists  of  a  lock  and  dam  lo¬ 
cated  about  4  miles  northeast  of  Tuscaloosa, 
Alabama,  on  the  Black  Warrior  River.  Princi¬ 
pal  features  include  a  lock  mound  and  a  lock 
on  the  left  bank  with  chamber  dimensions  of 
1 10  by  600  feet  and  provides  a  maximum  sin¬ 
gle  lift  of  63.6  feet,  a  680  foot  long  gated 
spillway  across  the  river,  and  a  412  foot  long 
concrete  abutment  section  in  the  right  bank 
which  contains  a  hydropower  generating  plant 
owned  and  operated  by  the  Alabama  Power 
Company. 


1  Headquarters,  Department  of  the  Army.  1964  (Apr).  EM  1110-2-16-2.  Washington,  DC. 


982 


Sahawneh 


CESEC91 


Problem 

The  problem  area  was  the  upper  gate  and 
upper  transition  monoliths  on  the  land  side  lock 
wall.  Construction  on  the  lock  was  completed 
in  1966,  and  the  top  of  the  upper  transition 
monolith,  which  is  Monolith  7L,  had  been 
moving  toward  the  chamber  at  a  very  slow  rate 
from  that  time  until  1977.  The  total  movement 
during  that  period  was  about  1/10  inch.  During 
the  period  between  July  1977  and  May  1980, 
the  lock  wall  moved  an  additional  3/4  inch.  An 
investigation  was  initiated  in  June  1980  to  deter¬ 
mine  the  cause  of  the  movement. 

In  addition  to  the  movement  of  Monolith  7L, 
there  was  also  a  spring  noted  at  the  concrete- 
fill  interface  behind  Monolith  7L  and  abnormal 
settlement  and  cracking  of  the  concrete  espla¬ 
nade  behind  Monolith  7L. 

A  variety  of  instrumentation,  including 
alignment  and  settlement  plugs,  heave  points, 
piezometers,  and  slope  indicators  were  in¬ 
stalled  in  and  around  Monolith  7L  in  an  effort 
to  determine  the  cause  of  the  movement.  Data 
obtained  from  borings  and  these  instruments 
showed  the  following — a  gradual  shifting  of  the 
fill  behind  Monolith  7L  toward  the  chamber,  a 
piezometric  head  at  the  backfill  to  rock  foun¬ 
dation  interface  was  slightly  below  the  upper 
pool  level  of  El.  187  feet;  the  spring  mentioned 
earlier  behind  Monolith  7L  is  at  El.  181  feet. 
Horizontal  and  vertical  readings  taken  on  the 
alignment  plugs  showed  the  monolith  to  be 
tilting  in  toward  the  chamber  and  rotating 
about  an  axis  along  the  base  about  7  feet  in 
from  the  toe  at  foundation  grade.  If  this  align¬ 
ment  data  were  correct,  it  would  have  meant 
that  either  the  heel  of  Monolith  7L  had  lifted 
off  the  foundation  or  the  monolith  had  cracked 
at  some  location,  possibly  the  toe  or  the  heel. 
Borings  drilled  through  the  heel  showed  that 
the  monolith  had  not  separated  from  the  founda¬ 
tion  nor  did  we  find  any  cracking  at  the  loca¬ 
tion  of  the  borings.  However,  a  crack  in  the 
monolith  was  found  at  a  later  time. 

A  settlement  analysis  indicated  that  foun¬ 
dation  settlement  could  not  have  caused  the 
movement  that  occurred  and  a  structural  anal¬ 


ysis  proved  that  elastic  structural  deflections 
were  much  too  small  to  be  of  any  significance. 

The  tilting  movement  of  Monolith  7L  was 
believed  to  be  due  to  excessive  earth  pressures 
caused  by  saturation  of  the  clay  backfill  material. 

Based  on  the  above  information,  it  was  de¬ 
cided  to  install  relief  wells  in  the  fill  behind 
Monolith  7L  to  relieve  the  head  at  the  fill-rock 
interface  or  install  shear  keys  in  the  monolith 
joints  on  either  side  of  Monoliths  7L  and  8L. 

It  was  believed  that  these  two  measures 
would  relieve  the  excessive  backfill  pressure 
and  stop  the  movement  of  Monolith  7L.  Instal¬ 
lation  of  the  relief  wells  and  shear  keys  was 
completed  in  October  1980,  but,  in  the  following 
January -February  1981,  an  increased  flow  was 
observed  in  the  spring  at  the  fill-concrete  inter¬ 
face.  Fearing  that  this  water  may  have  been 
coming  from  a  ruptured  waterstop,  it  was  then 
decided  to  install  new  waterstops  in  the  6L-7L 
and  7L-8L  joints.  The  waterstop  installation 
was  completed  in  April  1981. 

During  drilling  operations  for  installing 
these  waterstops,  a  crack  was  discovered  in 
Monolith  6L.  Further  exploratory  drilling 
showed  that  the  crack  extended  horizontally 
all  the  way  across  Monolith  6L  at  about  the 
same  elevation. 

Solution 

A  stability  analysis  of  the  portion  of  Mono¬ 
lith  6L  above  the  crack  showed  it  to  be  out¬ 
side  design  limits  using  lateral  earth  pressure 
coefficients  of  1.0  and  0.8.  Engineers  investi¬ 
gated  several  alternatives  for  permanently  sta¬ 
bilizing  this  section  of  Monolith  6L  and  came 
up  with  post-tensioned  anchors  as  the  most  ef¬ 
fective  means.  Six,  600-kip  anchors  would  be 
required  to  stabilize  Monolith  6L.  It  was  also 
decided  at  this  time  that  a  number  of  anchors 
would  be  installed  in  Monolith  7L  at  a  mini¬ 
mal  cost  since  we  had  to  mobilize  to  install 
anchors  in  Monolith  6L.  The  additional  cost 
would  be  justified  by  the  improved  stability 
of  Monolith  7L  considering  the  high  backfill 
pressure  and  the  observed  past  movement. 
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The  anchors  specified  were  0.6-inch  diame¬ 
ter,  seven-wire,  stress-relieved  strand  con¬ 
forming  to  ASTM  A416-80,  Grade  70.  There 
were  17  strands  per  anchor,  and  the  total 
length  of  the  anchors  was  to  be  95  feet  in 
Monolith  6L  and  about  140  feet  in  Monolith  7L. 
The  anchors  in  Monolith  6L  would  tie  the  two 
cracked  pieces  together,  while  those  in  Mono¬ 
lith  7L  would  extend  on  into  the  foundation  to 
provide  additional  stability.  The  anchors 
were  to  be  placed  in  a  6.5-inch  diameter  hole 
with  a  30-foot  bond  length  which  would  be 
grouted  and  allowed  to  set  for  10  days  before 
stressing.  The  design  load  on  the  anchors 
was  0.6  fy  (598  kips  for  17  strands).  Each 
anchor  would  be  tested  to  0.785  fy  and  then 
locked  off  at  0.7  fy.  During  drilling  opera¬ 
tions  for  the  installation  of  the  anchors  in 
Monolith  7L,  a  crack  was  indeed  located  in 
that  monolith  between  the  culvert  and  the 
back  face  at  about  El.  120.  Further  drilling  re¬ 
vealed  that  the  crack  ran  the  entire  length  of 
the  monolith  at  about  a  45 -degree  angle  from 
the  top,  landside  comer  of  the  culvert  to  the 
backfill  face.  The  crack  was  believed  to  be 
open  about  3/8  inch,  as  evidenced  by  the  rapid 
drawdown  of  water  in  the  anchor  holes  when 
water  was  passed  through  the  culvert.  Also,  an 
amount  of  muddy  water  was  observed,  and  the 
quantity  of  water  coming  out  of  the  top  of  the 
hold  increased  drastically  (300-500  gpm)  when 
the  drill  bit  reached  the  crack.  The  crack  loca¬ 
tion  and  width  was  later  verified  by  divers. 

A  stability  analysis  was  then  made  on  the 
cracked  portion  of  Monolith  7L  to  determine 
what  remedial  action  would  have  to  be  taken  so 
that  the  lock  could  be  dewatered  as  scheduled. 

It  was  determined  that  ten  667-kip  anchors  plus 
the  shear  keys  and  relief  wells  already  in 
place  would  be  a  minimum  requirement  for 
dewatering  the  lock.  Subsequently,  the  con¬ 
tract  was  modified  to  include  the  additional 
anchors  for  Monolith  7L. 

The  anchors  specified  for  Monolith  7L 
were  the  same  as  for  Monolith  6L  except  that 
there  were  19  strands  per  anchor  and  the  bond 
length  was  cut  to  20  feet  to  keep  it  below  the 
crack.  The  anchor  installation  procedure  con¬ 
sisted  of  cutting  a  2-foot  square  by  1-foot, 


8-inch  deep  recess  in  the  top  of  the  lock  wall 
where  the  anchor  head  would  be  recessed, 
and  drilling  a  6-1/2-inch  diameter  hole  to  the 
proper  elevation.  A  2-inch  thick  steel  base 
plate  was  then  set  perpendicular  to  the  hole 
and  a  high  strength  (5,000  psi)  concrete  pad 
placed  around  it. 

The  anchors  were  fabricated  onsite  by 
Government  Forces  and  then  placed  in  the 
holes  by  use  of  a  road  crane  with  a  long  boom. 

The  anchor  bond  length  was  grouted  and, 
after  both  the  first  stage  grout  and  the  con¬ 
crete  bearing  pad  reached  their  design 
strength,  the  anchor  was  stressed  using  a  500- 
ton  jack.  The  anchor  hole  was  then  grouted 
up  to  the  top,  and,  as  a  final  step,  the  excess 
strand  was  cut  off  and  the  recesses  were  filled 
with  concrete  flush  with  the  top  of  the  lock 
wall  which  has  concrete  strength  of  3,000  psi. 

Permanent  stability  of  Monolith  7L  was 
achieved  by  the  anchors  plus  the  removal  of 
25  feet  of  backfill  material  from  behind 
Monolith  7L.  This  also  required  removal  of 
part  of  the  concrete  esplanade.  A  permanent 
solution  also  required  that  the  crack  in  Mono¬ 
lith  7L  be  grouted  to  stop  the  transfer  of  water 
between  the  culvert  and  backfill  and  to  re¬ 
store  some  continuity  between  the  cracked 
sections.  All  the  repairs  were  completed  in 
December  1981. 

We  believe  that  the  movement  of  Mono¬ 
lith  7L  has  been  stopped.  Since  repairs  were 
made  in  1981,  there  has  not  been  any  signifi¬ 
cant  movement  in  either  the  backfill  material 
or  the  concrete  structures. 

Demopolis  Lock 
and  Dam  Project 

This  project  is  located  on  the  Tombigbee 
River,  Alabama.  It  was  completed  in  1955. 
Principal  features  include  an  earth  dike  on  the 
right  bank,  a  1,485  foot  long  fixed  crest  spill¬ 
way  across  the  river  channel,  a  lock  with 
chamber  dimensions  of  1 10  feet  by  600  feet 
and  a  lift  of  40  feet,  a  lock  mound  on  the  left 
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bank,  and  an  earth  dike  across  the  left  over¬ 
bank  to  high  ground. 

Problem 

Piezometers  installed  in  1980  behind  the 
left  lock  wall  indicated  a  saturation  line 
higher  than  that  used  in  the  original  design. 

A  stability  analysis  of  the  lock  wall,  presented 
in  the  Demopolis  PICES  Report  No.  5  dated 
27  August  1987,  showed  the  lock  wall  to  be 
outside  the  current  COE  criteria  for  overturn¬ 
ing.  Subsequent  to  the  above,  additional  up¬ 
lift  cells  were  installed  in  Monolith  8L  that 
indicated  uplift  pressures  higher  than  the 
original  design  assumptions.  The  soil  backfill 
coefficients  used  in  the  original  design  were 
also  reevaluated  and  increased  based  on  soil 
classifications  made  when  the  piezometers 
were  installed.  New  stability  analyses  were 
run  on  the  land  wall  in  February  and  March 
1989  with  results  indicating  that  remedial  ac¬ 
tion  should  be  taken  to  correct  the  problem. 

Solution 

There  were  two  basic  criteria  changes  that 
resulted  in  greater  overturning  forces  being 
exerted  on  the  structures:  the  uplift  assump¬ 
tions  and  the  location  of  the  resultant  of  lateral 
earth  pressures.  Uplift  pressure  in  the  original 
design  was  assumed  to  be  effective  over  two- 
thirds  of  the  base  area.  Under  current  criteria, 
the  uplift  pressure  must  act  over  100  percent 
of  the  area  upon  which  it  impinges.  For  lock 
walls  in  rock  foundations,  the  original  design 
used  0.33  H  above  the  base  to  locate  the  resul¬ 
tant  of  lateral  earth  pressure  and  the  current 
criteria  uses  0.38  H. 

Logs  of  borings  taken  in  1980  indicate  that 
the  backfill  actually  consists  of  clays  under¬ 
lain  by  clayey  and  silty  sands. 

Stability  analyses  were  run  on  the  lock 
land  wall  using  the  actual  saturation  lines  and 
backfill  coefficients  that  were  indicated  upon 
installation  of  the  piezometers  showed  the 
lock  wall  as  being  unstable. 


Additional  stability  analyses  were  done  to 
determine  the  extent  of  backfill  excavation 
required  to  bring  the  wall  within  the  current 
criteria.  The  results  of  these  calculations  indi¬ 
cated  that  20  feet  of  backfill  material  must  be 
removed  and  the  saturation  line  must  be 
brought  down  an  additional  10  feet  below  the 
fill  by  installing  a  subsurface  drainage  system. 
This  action  would  bring  the  wall  back  within 
the  current  COE  criteria  for  stability  against 
overturning. 

The  work  which  was  done  with  hired  labor 
forces  consists  of  removing  20  feet  of  backfill 
material  from  behind  the  wall  from  the  upper 
transition  monolith  to  the  slope  near  the  end 
of  the  lower  guide  wall.  An  existing  concrete 
esplanade  was  removed  and  the  lower  lock 
control  booth  and  some  electrical  and  hydrau¬ 
lic  lines  located  on  and  in  the  esplanade  at  the 
lower  gate  and  stoplog  area  were  relocated. 
Also,  a  collector  drain  system  was  installed  in 
the  backfill  and  all  excavated  slopes  will  be 
protected  with  riprap. 

The  left  wall  esplanade  was  used  for  access 
to  the  lower  gate  and  as  a  staging  area  for  lock 
maintenance  activities.  Since  the  esplanade 
area  will  be  lost  to  the  excavation,  some  type  of 
replacement  of  this  area  and  access  to  the  lower 
gate  will  be  required.  As  removal  of  the  back¬ 
fill  material  is  die  first  order  of  work  and,  due 
to  the  lock  wall  stability  problems,  it  was  pro¬ 
posed  to  do  the  work  in  two  phases.  The  first 
phase  would  remove  the  material  from  behind 
the  lock  wall  and  construct  the  collector  drain 
system  and  stone  protection.  The  second  phase 
would  return  the  lock  to  its  permanent  operat¬ 
ing  condition.  The  extent  and  kind  of  replace¬ 
ment  of  the  esplanade  facilities  required 
additional  engineering  studies  and  work  will  be 
completed  in  FY  91.  The  first  phase  is  ongoing 
and  will  be  accomplished  in  FY  91. 

Miller's  Ferry  Lock  and  Dam 

This  project  is  located  on  the  Alabama 
River,  Alabama.  It  consists  of  an  earth  dike  on 
the  right  bank,  gated  spillway  with  seventeen 
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50-foot  gates  in  the  river  channel,  a  single  left 
lock  with  usable  chamber  dimensions  of  84 
by  600  feet  and  a  maximum  lift  of  45.0  feet,  a 
lock  mound  on  the  left  bank,  an  earth  dike  ex¬ 
tending  downstream  paralleling  the  lock  to  the 
powerhouse  intake  structure,  a  powerhouse,  and 
an  earth  dike  extending  to  high  ground  on  the 
left  bank.  Construction  began  in  1963,  and  the 
lock  was  completed  in  1969. 

Problem 

In  April  1990,  a  boil  was  discovered  at  con¬ 
crete  backfill  interface  behind  Monolith  6L 
that  was  flowing  clear  water  at  about  2  to  3 
gallons  per  minute.  A  review  of  the  PICES 
documents  showed  that  the  top  of  lock  Mono¬ 
liths  4L  and  5L  had  moved  approximately 
1/2  inch  toward  the  lock  chamber  over  a  pe¬ 
riod  of  about  8  to  10  years.  A  week  later,  the 
hole  was  inspected  again.  It  was  3  feet  wide, 
about  8  feet  long,  and  flowing  an  estimated 
15-20  gallons  per  minute  of  clear  water.  It 
was  determined  at  that  time  that  there  was  a 
clear  opening  between  the  water  in  the  hole 
and  in  the  lock  culvert  upstream  of  the  upper 
tainter  valve.  This  was  determined  by  observ¬ 
ing  the  water  in  the  hole  while  the  lock  cham¬ 
ber  was  being  filled.  An  investigation  to 
determine  the  exact  cause  and  extent  of  the 
damage  was  started.  Since  these  symptoms 
were  very  similar  to  those  we  had  previously 
encountered  at  Holt,  we  suspected  that  this 
monolith  had  also  cracked  in  two  as  Holt  had 
done.  A  drilling  crew  was  sent  to  the  site  to 
determine  if  there  was  a  crack,  as  suspected, 
in  the  lock  wall,  as  suspected,  and  to  obtain 
soil  samples  from  the  esplanade.  Eight  holes 
were  drilled  into  the  lock  wall.  Each  hole  had 
intercepted  an  apparent  crack  in  the  vicinity  of 
the  upper  outside  comer  of  the  culvert.  Two 
holes  were  drilled  in  the  backfill  to  obtain  soil 
samples.  A  remote  control  submarine  video 
camera  was  obtained  to  survey  the  inside  of 
the  culvert  and  the  monolith  joints  in  the  lock 
chamber.  The  lock  was  monitored  weekly  for 
progressive  movement  for  a  period  of  4  months 
while  structural  analysis  and  design  work  were 
completed  and  arrangements  made  to  start  re¬ 
pairs.  There  was  no  indication  of  the  danger  of 
sudden  failure  nor  was  there  any  indication  of 


piping  of  material  out  through  the  hole  behind 
Monolith  6L. 

Solution 

After  the  remote  video  camera  revealed  the 
crack  extending  along  the  outside  comer  of 
the  culvert,  it  was  concluded  that  (1)  Mono¬ 
liths  4L  and  5L  are  broken  in  the  area  outside 
and  above  the  lock  culvert,  (2)  the  ceil- 
ing/wall  intersection  is  at  an  angle  greater 
than  45  deg  to  the  sloping  outer  surfaces  of 
the  monoliths,  and  (3)  the  greatest  water  loss 
is  occurring  from  the  4L-5L  joint. 

Approximately  2  months  after  the  discov¬ 
ery  of  the  hole  behind  the  lock  wall,  material 
was  observed  being  piped  from  the  esplanade 
area  in  the  vicinity  of  the  crack.  Approxi¬ 
mately  8  cubic  yards  of  sand  gravel  were 
dumped  into  the  hole  at  the  toe  of  the  slope. 
After  placement  of  this  material,  the  leakage 
flow  cleared  up. 

The  remedial  action  chosen  was  to  install 
tendon  anchors  across  the  crack  and  to  remove 
about  10-15  feet  of  backfill  from  behind  Mono¬ 
liths  4L  and  5L.  This  required  holes  to  be 
drilled  through  the  lock  face  at  two  levels 
(Figure  1)  and  9  tendon  anchors,  each  composed 
of  12-  0.6-inch  diameter  strands,  be  installed. 
These  anchors  then  were  tensioned  to  the  de¬ 
sign  stress  (approximately  430k)  to  stabilize 
the  upper  portion  of  the  monolith.  It  was  de¬ 
termined  that,  in  order  to  provide  the  stable 
platform  needed  to  drill  the  anchor  holes 
through  the  lock  face,  a  suspended  scaffold 
would  be  needed  to  support  the  drill  rig.  This 
scaffold  has  been  designed  by  Engineering 
personnel  and  constructed  by  Operation  at  the 
lock  site. 

Water  leakage  through  the  crack  will  be 
stopped  by  first  sealing  and  grouting  the 
crack  at  the  culvert  face  using  divers.  Then 
the  remainder  of  the  crack  will  be  grouted 
from  above  through  holes  drilled  through  the 
esplanade  at  about  5  feet  on  centers. 

This  work  will  be  accomplished  in  FY  91. 
The  approximate  cost  of  the  entire  remedial 
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Figure  1 .  A  side  view  of  the  crack  in 
Monoliths  4L  and  5L.  This  illustration  shows 
the  location  of  the  crack  and  the  location  and 
dimensions  of  the  anchors 

effort  was  estimated  at  $473,000,  including 
$346,000  for  anchors,  drilling  and  installation, 
$40,000  for  crack  seal  grouting,  and  $87,000 
for  esplanade  removal  and  fill  excavation. 


All  of  the  problems  at  these  projects 
seemed  to  have  been  caused  by  the  fact  that 
the  random  pervious  fill  that  was  called  for 
and  what  was  placed  during  construction  was 
actually  not  very  pervious.  It  had  a  lot  of 
clay  and  fine  silty  material  in  it.  It  held 
water,  causing  the  saturation  line  to  rise,  and 
the  backfill  coefficients  used  in  the  design  for 
horizontal  earth  pressures  was  overly  optimis¬ 
tic  and  turned  out  to  be  too  low. 

The  two  projects  (Millers  Ferry  and  Holt) 
which  developed  cracks  between  the  culvert 
and  the  back  face  of  the  lock  land  wall  mono¬ 
liths  had  no  reinforcement  around  the  culvert. 

The  relative  movement  surveys  at  the  Holt 
project,  where  the  repairs  have  teen  com¬ 
pleted,  show  that  the  tilting  of  the  affected 
monoliths  has  been  stopped,  and  there  has  not 
teen  any  significant  movement  noted  in  the 
concrete  structure. 

The  deficiencies  that  were  noted  at  these 
old  locks  may  be  an  indicator  of  problems  yet 
to  be  discovered  at  other  projects  constructed 
in  the  1950’s. 
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Finite  Element  Study  of  Cracks  in  Dam  Piers 
at  David  D.  Terry  Lock  and  Dam 

by 

Haskell  E.  Wright ,  Jr.,  PE 1 


Abstract 

During  a  periodic  dam  safety  inspection  performed  in  December  1988,  cracking 
was  observed  in  the  side  of  dam  piers  near  the  downstream  water  surface  of  7  of  the 
18  piers  at  David  D.  Terry  Lock  &  Dam  (approximately  6  miles  east  of  Little  Rock, 
AR).  The  observed  cracks  ranged  in  width  from  hairline  to  1/8  in.  and  continued 
through  the  thickness  of  the  piers.  Since  the  cracks  were  structurally  significant,  a 
finite  element  analysis  modeling  crack  propagation  was  performed  to  evaluate  dam 
safety  and  to  determine  possible  causes  of  the  cracking.  This  paper  presents  the 
results  of  the  analyses,  conclusions  reached,  assumptions  made,  and  a  description 
of  the  method  of  analysis  used. 


Introduction 

This  paper  discusses  finite  element  analyses 
performed  to  evaluate  the  significance  and 
cause  of  cracking  through  the  thickness  of  dam 
piers  at  David  D.  Terry  Lock  &  Dam.  The  anal¬ 
ysis  included  posttensioning  anchorage  forces, 
hydrostatic  loadings  from  tainter  gate  trunnions, 
and  thermal  gradient  loadings  due  to  ambient 
temperature  differentials.  Cracks  were  traced 
by  a  “double-noding”  method  and  compared 
to  actual  crack  patterns.  A  commonly  used 
program  in  frame  analysis  was  utilized  for 
the  finite  element  analysis  (STAAD-III/ISDS 
(Research  Engineer,  Inc.  1990)).  The  advan¬ 
tages  and  disadvantages  of  this  particular 
program  for  performing  the  analsyis  is  also 
discussed. 

Description  of  Project  and  Piers 

The  McClellan-Kerr  Arkansas  River  System 
was  completed  in  1969  and  consists  of  12  locks 
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and  dams  along  the  Arkansas  River  which 
allow  navigation  to  the  Mississippi  River  from 
headwaters  in  Oklahoma.  The  typical  lock 
and  dam  consists  of  dam  piers  with  tainter 
gates  for  flow  control  adjacent  to  a  lock  with 
miter  gates  and  culvert  system.  The  dam  at 
David  D.  Terry  Lock  &  Dam  is  1,090  ft  wide 
and  consists  of  16  gate  bay  monoliths 
founded  on  driven  concrete  piles  (Figure  1). 
The  piers  are  10-ft-thick  concrete  monoliths 
poured  in  10-ft  lifts.  The  configuration  and 
reinforcing  of  the  typical  pier  monolith  is 
shown  in  Figure  1 .  As-built  drawings  show  an 
area  of  higher  strength  concrete  (f  c  =  5,000  psi) 
between  elevations  of  216  and  236  ft  down¬ 
stream  of  the  tainter  gates  within  the  trunnion 
anchorage  precompression  zone. 

Description  of  Cracking 

Diagonal  cracking  was  observed  in  the  sides 
of  dam  piers  near  a  tailwater  surface  elevation 
of  213  ft  during  aperiodic  inspection  in  1988. 


Little  Rock;  Little  Rock,  AR. 
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Figure  1.  (Sheet  2  of  3) 
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This  cracking  appeared  to  terminate  just  below 
the  area  of  high-strength  concrete  at  el  216  ft. 

An  underwater  inspection  by  divers  was  per¬ 
formed  on  dam  piers  2,  4,  13,  14,  15,  16,  and 
17  to  determine  the  extent  of  the  cracking 
below  the  waterline.  This  cracking  is  shown 
in  Figure  2.  The  cracking  in  piers  2,  4,  13, 

14,  15,  16,  and  17  can  be  described  as  ranging 
in  opening  width  from  1/8  in.  to  hairline  and 
running  diagonally  from  a  point  10  to  14  ft  up¬ 
stream  of  the  downstream  face  of  the  pier  at 


el  216  ft  pour  joint  to  the  ogee  near  the  down¬ 
stream  face.  The  angle  of  the  crack  varies 
slightly  from  pier  to  pier  as  well  as  the  width 
of  the  cracking.  The  cracks  appear  to  pene¬ 
trate  the  full  thickness  of  the  10-ft-thick  piers. 
Also,  cracking  was  observed  running  parallel 
to  the  ogee  near  the  tainter  gate  on  pier  2.  Only 
small  hairline  cracking  was  observed  above 
the  el  216  ft  pour  joint  near  the  posttensioning 
anchors.  The  sill/pier  interface  area  upstream 
of  the  tainter  gate  was  not  inspected.  No 
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cracking  was  visible  above  the  waterline  at  el 
213  ft  upstream  of  the  tainter  gates. 

Historical  Data  Review 
and  Material  Tests 

As  background  data,  previous  periodic  and 
annual  inspections  were  reviewed  as  well  as 
information  on  potential  seismic  events  in  the 
area.  The  cracking  observed  in  the  1988  in¬ 
spection  was  not  mentioned  in  any  previous 
report.  Seismic  historical  records  did  not  indi¬ 
cate  recent  seismic  activity  sufficiently  close 
to  the  site  to  cause  measurable  structural  dam¬ 
age.  Settlement  and  lateral  movement  mea¬ 
surements  recorded  in  periodic  reports  from 
1978  to  1988  were  evaluated  to  see  if  any  pat¬ 
terns  would  explain  the  cracking.  No  signifi¬ 
cant  pattern  of  movement  was  observed 
which  would  explain  the  cracking  observed. 
Barge  impact  records  were  obtained  and  eval¬ 
uated.  Recorded  barge  impacts  did  not  ap¬ 
pear  to  cause  damage  consistent  with  the 
crack  patterns  observed.  To  validate  material 
properties  to  be  used  in  the  analyses,  concrete 
core  samples  were  obtained  from  piers  17  and 
5  in  January  1990.  Compressive  strengths  for 
an  average  of  three  test  locations  in  pier  17 
exceeded  5,000  psi  (3,000  psi  assumed  in  the 
original  design  analysis)  and  thus  low  con¬ 
crete  strength  did  not  appear  to  be  a  factor  in 
the  cracking. 

Initial  Evaluations 

To  assist  in  making  an  initial  evaluation  of 
the  causes  for  the  cracking  in  the  dam  piers, 
inspections  were  performed  on  all  remaining 
locks  and  dams  in  this  river  system  to  deter¬ 
mine  if  the  cracking  pattern  observed  was 
common  to  other  dam  piers.  An  end  pier  at 
Lock  and  Dam  3  had  similar  cracking.  How¬ 
ever,  the  remaining  dam  piers  at  L&D  3  and 
at  other  locks  and  dam  did  not  show  this 
cracking  behavior.  The  percentage  of  rein¬ 
forcing  in  the  cracking  area  of  the  Lock  and 
Dam  6  pier  was  compared  with  reinforcing  in 
other  dam  piers.  Percentage  of  reinforcing  in 
the  region  of  the  posttensioning  anchorage  in 
L&D  6  was  slightly  lower  than  in  other  dam 
piers.  Also,  the  detail  showing  embedment 


length  of  the  horizontal  reinforcing  in  the  sill 
(#6  at  12  in.  on  center)  was  unclear  on  the 
L&D  6  drawing  and  the  in-place  horizontal 
bars  may  have  inadequate  development  length 
at  the  sill/pier  interface. 

Based  on  the  inspections  performed,  possi¬ 
ble  causes  of  the  cracking  were  identified  as: 
(1)  deficient  design  for  hydrostatic  design 
loads;  (2)  occurrence  of  unusual  impact 
loadings  above  design  level  from  barges; 

(3)  inadequate  design  for  unidentified  stress 
concentrations  from  the  posttensioning  an¬ 
chorages;  (4)  inadequate  design  for  ambient 
or  adiabatic  thermal  stresses;  and  (5)  exces¬ 
sive  stresses  caused  by  shrinkage,  creep,  or 
construction  sequencing.  Due  to  concern 
over  possible  impacts  on  dam  safety  caused 
by  the  observed  cracking  in  the  dam  piers, 
plane  stress  finite  element  analyses  were  per¬ 
formed  to  obtain  insight  into  elastic  behavior 
and  potential  crack  propogation. 

Analysis  Description 
Computer  program 

The  computer  program  used  to  perform  the 
analysis  was  STAAD-I1I/ISDS,  revision  12.1, 
issued  by  Research  Engineers,  Inc.  ( 1 990). 
This  program  was  selected  due  to  availibility, 
user  familiarity,  and  low  cost.  STAAD-I1I/ 
ISDS  is  extensively  used  for  building  applica¬ 
tions  but  is  not  commonly  used  for  finite 
element  analsysis  of  hydraulic  structures. 
Limitations  of  the  program  (especially  in 
graphic  postprocessing  of  element  stresses) 
were  troublesome  but  did  not  compromise  the 
basic  objectives  of  the  analyses.  During  the 
time  the  analysis  was  being  performed,  the 
program  was  upgraded  to  include  thermal  fi¬ 
nite  element  loadings.  This  allowed  use  of 
the  program  for  thermal  analysis.  The  model 
utilized  plane  stress  quadrilateral  and  triangu¬ 
lar  elements.  The  program  does  not  have  ca¬ 
pability  to  perform  a  NISA  time  history  type 
analysis  as  described  in  ETL  1 1 10-2-324 
(Headquarters,  Department  of  the  Army,  1990). 
The  program  was  easy  to  use  and  inexpensive 
compared  to  other  time-sharing  alternatives 
available. 
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Approach  and  objectives 

Two  basic  sets  of  analyses  were  performed. 
The  first  set  of  analyses  (Analysis  I)  addressed 
the  capacity  of  the  structure  to  resist  hydrostatic 
and  impact  loadings  as  defined  in  the  original 
design  documents.  This  analysis  was  expected 
to  reveal  whether  or  not  structure  was  origi¬ 
nally  underdesigned  for  hydrostatic  load  cases. 
The  models  for  Analysis  I  assumed  that  the  pier 
was  fixed  at  the  interface  with  the  sill,  and  the 
sill  was  not  modeled.  A  second  set  of  finite  ele¬ 
ment  analyses  (Analysis  II)  was  performed 
which  evaluated  effects  of  temperature  differen¬ 
tials  between  the  sill  and  pier.  Analysis  II  mod¬ 
els  included  the  sill  concrete  mass. 

The  objectives  of  Analysis  I  were  to: 

(1)  provide  an  estimate  of  strength  capacity 
for  the  piers  in  terms  of  applied  design  load¬ 
ing;  (2)  provide  an  estimate  of  the  extent  and 
location  of  cracking  due  to  various  applied 
load  levels  through  failure;  (3)  identify  local 
stress  concentrations  and  compare  stress  lev¬ 
els  to  cracking  stress  levels;  and  (4)  evaluate 
the  effect  of  additional  posttensioning  on  ten¬ 
sile  stress  concentrations. 

The  objectives  of  Analysis  II  were  to: 

(1)  evaluate  stresses  caused  by  thermal  gradi¬ 
ents  in  the  sill  and  pier  structures;  (2)  identify 
local  stress  concentrations  resulting  from  ther¬ 
mal  stresses  in  combination  with  hydrostatic 
loadings;  (3)  trace  cracking  patterns  (if  present) 
from  the  thermal  load  cases;  and  (4)  model  the 
sill  concrete  to  more  correctly  evaluate  the 
boundary  condition  at  the  pier/sill  interface. 

Concrete  tensile  strength 
and  method  of  cracking  analysis 

Tensile  strength  of  the  concrete  was  as¬ 
sumed  to  be  0.10  x  fc  (300  psi  for  3,000  psi 
concrete)  to  give  a  conservative  lower  bound 
on  potential  cracking.  Other  references  allow 
1.7  x  (f c)A0.67  (Raphael  1984),  which  is 
higher  than  0. 10  x  f c.  However,  due  to  uncer¬ 
tainty  concerning  the  strength  of  the  concrete 
at  time  of  cracking,  the  lower  value  of  0.10  x 
fc  was  assumed.  Actual  closure  temperatures 
of  the  pier  concrete  was  unknown. 


Cracking  behavior  was  modeled  through 
an  iterative  procedure.  Beginning  with  the  un¬ 
cracked  condition,  elements  with  stresses  ex¬ 
ceeding  0.10  x  fc  were  “double  noded”  to 
allow  relative  displacement  with  adjacent  ele¬ 
ments.  At  elements  with  stresses  exceeding 
0.10  x  fc,  the  double  nodes  were  utilized  and 
adjacent  elements  were  allowed  to  displace 
relative  to  each  other.  The  stress  levels  in  the 
elements  were  then  checked  and  the  section 
was  considered  stable  if  stresses  were  less 
than  0.10  x  fc.  This  procedure  was  followed 
in  Analysis  I  to  trace  cracking  patterns  for  in¬ 
cremental  load  levels  up  through  three  times 
the  design  loads  (These  load  levels  actually 
could  not  be  reached  since  the  trunnion  block 
anchorage  would  fail  prior  to  this  level  of 
load).  In  Analysis  II,  only  a  single  load  level 
was  checked,  and  nodes  were  released  to 
bring  stress  levels  down  in  adjacent  elements 
to  within  cracking  level. 

Model  description 

The  finite  element  grids  for  Analysis  I  and 
Analysis  II  are  shown  in  Figure  3.  The  inter¬ 
face  between  the  sill  and  pier  in  Analysis  I 
was  assumed  to  be  fixed  and  was  modeled  as 
a  series  of  pinned  connections.  The  piling 
supports  for  the  sill  in  Analysis  Model  11  were 
also  modeled  as  pinned  supports.  These  sup¬ 
port  conditions  are  shown  in  Figure  3. 

Material  description 

Material  properties  for  Analysis  1  and 
Analysis  II  are  as  follows: 


jP  Concrete  Strength 

Precompressed  Zone  (el  216  to  236) 
(based  on  as-built  drawings) 

f'c  =  5,000  psi 

Remainder  of  Pier  &  Sill 

f'c  =  3,000  psi 

1  .  '  -  "1 

(  Modulus  of  Elasticity  of  Concrete  | 

f'c  =  3.000  psi 

Ec=  3.122,000  psi 

f'c  =  5,000  psi 

Ec=  4,030.500  psi 

Unit  Weight  of  Concrete 

150  pet 

Thermal  Coefficient  ol  Concrete 

7.0E-06  per  deg  F 

Unit  Weight  of  Water 

62.5  pcf 
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Figure  3.  Finite  element  grids  -  Analyses  I  and  II 


Loading  descriptions 

Loads  for  Analysis  I  were  obtained  from  the 
original  design  calculations  for  the  spillway 
pier.  Posttensioning  forces  used  to  anchor  the 
trunnion  block  were  included  with  other  ap¬ 
plied  bridge  and  tainter  gate  loads.  These  ap¬ 
plied  loads  are  shown  in  Figure  3.  The  applied 
hydrostatic  and  trunnion  forces  were  incre¬ 
mented  up  to  a  level  of  three  times  the  initial  de¬ 
sign  level  to  determine  the  ultimate  capacity  of 
the  pier  in  terms  of  factored  design  loads. 

The  temperature  load  in  Analysis  II  was 
due  to  seasonal  temperature  change.  Thermal 


loading  from  the  heat  of  hydration  was  as¬ 
sumed  to  have  been  completely  dissipated 
and  was  not  included  in  the  analysis.  For  an 
estimated  return  period  of  2  years,  the  maxi¬ 
mum  anticipated  air  temperature  at  David  D. 
Terry  is  100  °F  and  the  minimum  correspond¬ 
ing  temperature  is  9  °F,  giving  a  91 -degree 
temperature  differential.  A  temperature  was 
assumed  for  the  sill  and  pier  concrete  which 
yielded  a  26-degree  differential  between  the 
pier  concrete  above  el  213  and  the  sill  con¬ 
crete  at  el  206.  The  temperature  differential 
between  the  pier  and  sill  elements  at  the 
juncture  of  the  pier  and  sill  was  14  °F  due  to 
seasonal  temperature  variation. 


Analysis  Results 

Analysis  I  *  Hydrostatic, 
impact,  and  dead  loads 

The  first  Analysis  I  model  assumed  an  un¬ 
cracked  pier  section.  Initiation  and  progres¬ 
sion  of  cracking  was  traced  through  a  design 
level  force  of  3.0  times  the  design  level.  This 
force  is  not  physically  possible  due  to  failure 
of  the  trunnion  and  gate  but  was  assumed  to 
give  a  capacity  factor  to  compare  to  hand  cal¬ 
culations.  The  analysis  indicated  a  capacity 
exceeding  2.0  times  the  design  level.  Tensile 
stress  concentrations  were  identified  near  the 
anchorage  points  of  the  posttensioned  trunnion 
anchorages.  A  plot  of  maximum  principal 
stresses  resulting  from  the  combined  loads  at 
1.0  times  the  design  level  is  shown  in  Figure  4. 
This  analysis  indicated  that  tensile  forces  were 
low  and  cracking  should  not  have  initiated  and 
progressed  at  the  pier  design  level  forces. 

A  second  set  of  analysis  models  in  Analsyis 
I  assumed  that  a  crack  similar  to  that  observed 
at  pier  16  existed  at  the  time  of  initial  loading. 
The  progression  of  the  crack  was  traced  simi¬ 
larly  to  model  1  and  indicated  a  capacity  in 
excess  of  2.0  times  the  design  level  force. 
Again,  the  analysis  indicated  that  at  the  design 
level,  the  crack  should  not  have  progressed  as 
observed  due  to  applied  loads.  Additional  Anal¬ 
ysis  I  models  were  run  to  evaluate  the  potential 
beneficial  effect  of  drilled  and  grouted  post¬ 
tensioned  rods  to  reduce  tensile  stresses  near 
the  posttensioning  anchorage.  The  analysis 
showed  that  a  large  post-tensioning  force 
would  be  required  to  significantly  affect  these 
stresses,  thus  making  this  potential  repair 
option  less  desirable. 

A  final  Analysis  I  model  was  run  to  evaluate 
the  effect  of  a  1,000,000-lb  force  applied  at 
water  level  (el  23 1 )  on  the  upstream  face  of  the 
dam  pier  to  simulate  a  potential  barge  impact. 
The  stress  increases  due  to  this  force  did  not  co¬ 
incide  with  the  location  of  the  cracking  or  the 
stress  concentrations  due  to  the  posttensioning 
anchorages.  The  results  indicated  that  this  ievel 
barge  impact  force  did  not  cause  tensile  stresses 
large  enough  to  cause  crack  propogation  similar 
to  that  observed. 


The  following  can  be  summarized  from  the 
results  of  Analysis  I:  (1)  the  analyses  verified 
that  the  capacity  factor  of  safety  of  the  pier  ex¬ 
ceeded  the  capacity  factor  of  safety  estimated 
by  manual  calculations;  (2)  design  level  forces 
do  not  cause  tensile  stresses  sufficient  to  cause 
the  cracking  observed;  (3)  large  posttensioned 
forces  would  be  required  to  significantly  reduce 
the  areas  of  tensile  stress  concentrations  near 
the  posttensioning  termination  points;  (4)  local 
concentrations  of  tensile  stresses  occurred  near 
the  termination  points  of  the  trunnion  postten¬ 
sioning  rods;  and  (5)  a  postulated  1,000,000-lb 
barge  impact  force  on  the  upstream  face  of  the 
pier  did  not  cause  sufficient  tensile  stresses  to 
cause  the  observed  cracking. 

Analysis  II  -  Thermal  loads 
from  ambient  temperatures 

Analysis  II  consisted  of  two  models,  an  in- 
itally  uncracked  pier,  and  a  pier  with  cracks 
to  relieve  thermal  stresses.  The  results  of  the 
uncracked  analysis  model  indicated  tensile 
stress  levels  at  the  sill/pier  interface  above 
300  psi  (cracking  level  stress).  The  primary 
thermal  effect  evident  from  the  stresses  at  the 
sill/pier  interface  is  a  lateral  contraction  of 
the  pier  (due  to  lower  temperatures)  together 
with  the  constraint  of  this  contraction  by  the 
massive  sill.  The  direct  consequence  of  the 
base  restraint  is  a  system  of  tensile  stresses  in 
the  horizontal  direction  at  the  sill\pier  interface. 

This  induces  large  principal  tensile  stresses 
which  would  open  nearly  vertical  cracks.  The 
maximum  principal  stress  contours  for  the 
combined  thermal  and  applied  loads  is  shown 
in  Figure  4.  The  location  of  the  stress  concen¬ 
trations  at  the  sill/pier  interface  were  near  the 
areas  of  observed  cracking. 

Following  the  analysis  of  the  uncracked 
pier  section,  a  series  of  analyses  was  made  to 
trace  the  cracking  of  the  pier  section  due  to 
thermal  loads  to  a  point  where  stress  levels 
were  below  cracking.  The  crack  was  modeled 
by  double  noding  and  releasing  the  adjacent 
nodes  at  the  crack  location.  The  purpose  of 
this  model  was  to  determine  the  extent  of  the 
cracking  and  evaluate  the  capacity  of  the  pier 
when  cracked.  The  resuits  of  this  analysis 
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indicated  crack  locations  and  sizes  similar  to 
those  observed  in  the  piers.  The  stress  levels 
under  full  design  level  were  generally  within 
cracking  levels  and  the  pier  was  thus  consid¬ 
ered  structurally  safe.  Maximum  principal 
stress  contours  are  shown  in  Figure  4. 

Correlation  of  analysis 
results  to  observed  cracking 

The  analysis  indicates  that  the  cracking  pat¬ 
terns  observed  were  not  caused  by  hydrostatic 
overload  conditions  (i.e.,  trunnion  reactions 
larger  than  design  levels).  However,  the  anal¬ 
ysis  does  show  a  correlation  between  thermal 
tensile  stress  concentrations  and  observed 
crack  locations.  The  cracking  pattern  may 
not  have  been  caused  by  the  trunnion  forces, 
but  the  cracking  did  appear  to  originate  from 
stress  concentrations  caused  by  thermal  load¬ 
ings  at  the  sill/pier  interface  and  progress  to¬ 
ward  the  area  of  high  tensile  stress  at  the 
posttensioning  termination. 

Conclusions 
Causes  of  cracking 

The  thermal  analysis  results  indicated  that 
most  of  the  elements  at  the  sill/pier  interface 
experienced  stress  levels  above  300  psi.  The 
intensity  and  direction  of  these  stresses  would 
tend  to  produce  vertical  cracking  similar  to 
that  observed  in  the  dam  piers  at  David  D. 
Terry.  The  conclusion  is  that  temperature  gra¬ 
dients  between  the  sill  and  pier  induced  high 
stresses  which  caused  the  observed  cracking. 

A  secondary  conclusion  that  can  be  drawn 
from  the  analysis  is  that  the  posttensioning  an¬ 
chorage  forces  cause  tensile  stresses  in  the 
piers.  Some  cracking  was  observed  in  the 
general  area  where  the  anchorage  stresses 
were  indicated. 

Structural  capacity 
of  the  cracked  section 

The  capacity  of  the  cracked  pier  to  resist 
the  applied  hydrostatic  loadings  and  thermal 
loads  is  adequate  since  the  level  of  the  princi¬ 


pal  tensile  stresses  are  below  cracking  level 
in  the  cracked  model  (Analsyis  II).  Anaylsis  I 
models  indicated  that  the  pier  could  resist  ad¬ 
ditional  design  load  levels  above  the  initial  de¬ 
sign,  even  with  the  cracking  present. 

Adequacy  of  original 
design  methodology 

The  original  pier  design  was  performed  in 
June  1964.  The  analysis  approach  was  to  cal¬ 
culate  moments  and  axial  forces  about  a  hori¬ 
zontal  pier  cross  section  at  various  elevations 
and  then  use  a  working  stress  analysis  to  ob¬ 
tain  concrete  and  reinforcing  stresses  result¬ 
ing  from  these  force;,.  Moments  were 
obtained  in  both  the  longitudinal  and  trans¬ 
verse  directions  (due  to  one  gate  closed  and 
one  gate  open)  and  were  applied  simulta¬ 
neously.  Thermal  stresses  and  stress  concen¬ 
trations  due  to  the  posttensioning  anchorage 
were  not  evaluated  in  the  original  design  anal¬ 
ysis.  Due  to  these  omissions,  the  high  local 
cracking  stresses  at  the  sill/pier  interface  and 
at  the  posttensioning  anchorage  were  not  iden¬ 
tified.  In  summary,  it  is  concluded  that  the 
original  design  procedures  were  inadequate  to 
predict  and  design  for  high  thermal  stresses  at 
restraint  conditions  and  that  procedures  sim¬ 
ilar  to  that  proposed  in  ETL  1 1 10-2-324 
(Headquarters,  Department  of  the  Army, 

1990)  should  be  followed  to  ensure  “crack 
free”  designs. 

Cracking  at  other  locks 
and  dams  on  Arkansas  River 

Other  piers  on  this  project  and  at  other  Ar¬ 
kansas  River  dams  do  not  experience  the  same 
cracks  as  the  worst  piers  at  Lock  and  Dam  6. 
This  is  possibly  due  to:  (1)  the  other  projects 
have  more  reinforcement  in  the  trunnion  an¬ 
chorage  zone;  (2)  concrete  strengths  may  differ 
by  project,  by  pier,  or  even  by  lift;  (3)  shrink¬ 
age  stresses  may  vary  by  project,  by  pier,  or 
by  lift;  (4)  closure  temperature  and  construc¬ 
tion  sequencing  varied  between  the  different 
projects,  thus  reducing  the  impact  of  thermal 
stresses;  (5)  concrete  deterioration  or  durabil¬ 
ity  may  vary  by  project;  and  (6)  horizontal 
reinforcing  at  the  sill/pier  interface  has  more 


CESEC91 


Wright 


999 


embedment  length  into  the  sill  from  the  pier 
at  other  Locks  which  minimizes  the  vertical 
cracking. 

Adequacy  of  computer  program 

STAAD-IIl/ISDS  is  an  extremely  easy  pro¬ 
gram  to  use  for  plane  stress  analysis  and  is 
ideal  for  use  on  PC  hardware.  However,  the 
additional  time  and  effort  required  to  ade¬ 
quately  evaluate  maximum  principal  tensile 
stresses  and  directions  make  the  program  inef¬ 
ficient  for  concrete  cracking  analysis.  For  ex¬ 
ample,  the  program  plots  stress  contours  only 
for  the  maximum  absolute  value  of  the  princi¬ 
pal  stresses,  either  compression  or  tension. 
Because  of  this,  referral  must  be  made  to 
printed  output  to  determine  if  the  contour 
shown  in  the  stress  plot  is  compression  or  ten¬ 
sion.  Also,  the  lack  of  higher-order  elements 
and  “cracking  elements”  makes  it  difficult  to 
perform  crack  propogation  analyses.  The  pro¬ 
gram  can  best  be  used  to  prepare  quick  elastic 


analyses  which  indicate  overstressed  areas.  It 
is  cumbersome  to  use  to  perform  crack  pro¬ 
pogation  studies,  especially  for  thermal  loads. 
The  program  does  not  currently  have  the  capa¬ 
bility  to  perform  time-history  thermal  analysis. 
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Design  of  Training  Wall  Extension 
Harry  S.  Truman  Dam,  Missouri 

Richard  A.  Shanks ,  PE1 


Abstract 

In  1986  flooding  of  the  Harry  S.  Truman  Lake  area  resulted  in  large  releases 
from  the  spillway  at  H.  S.  Truman  Dam.  A  large  area  downstream  of  the  existing 
left  bank  training  wall  was  severely  eroded.  This  erosion  extended  around  and 
behind  the  existing  training  wall  to  an  extent  that  additional  scouring  could  threaten 
the  structural  integrity  of  the  existing  wall.  Therefore,  it  was  decided  to  raise  the 
existing  wall  height  and  extend  the  wall  approximately  140  ft  downstream. 

This  paper  describes  the  unique  analysis  and  construction  methods  used  for  the 
I-wall  portion  of  the  reinforced  concrete  wall  extension.  Future  erosion  of  up  to 
10  ft  is  anticipated  on  the  channel  side  of  the  new  wall.  It  was  necessary  to  provide 
a  30-ft-deep,  structurally  sound  base  foundation  for  this  wall  upon  which  a  conven¬ 
tionally  constructed  12-  to  22-ft-high  wall  would  be  built.  The  foundation  consists 
of  drilled,  staggered  30-in.  -diam  holes  filled  with  reinforced  concrete.  This  will 
create  an  1-wall  socketed  in  rock.  The  controlling  load  cases  occurred  after  10  ft 
of  erosion  on  the  channel  side  and  with  tailwater  at  floodstage  or  with  saturated 
backfill. 


Background 

Harry  S.  Truman  Dam  is  a  Corps  of  Engi¬ 
neers  project  located  in  the  Gouge  River  Basin 
of  central  Missouri.  The  dam  was  completed 
in  October  of  1979  and  consists  of  an  earth/ 
rock  embankment,  a  concrete  spillway,  and  a 
160,000  kw  power  plant  with  six  turbine- 
generator  units.  The  spillway  section  of  the 
dam  has  four  40-ft  tainter  gates  which  can 
supplement  powerhouse  releases  in  times  of 
flooding.  The  reservoir  has  a  multipurpose 
pool  surface  area  of  55,600  acres,  with  flood 
pool  at  209,300  acres. 

Truman  Dam  has  made  spillway  flood  re¬ 
leases  eight  times  since  placed  in  full  operation 
in  1982.  In  October  and  November  of  1986, 


massive  rainfall  in  the  Osage  River  Basin 
caused  major  flood  releases  to  be  necessary 
from  the  Truman  Dam  spillway.  Spillway  re¬ 
leases  of  up  to  41,300  cfs  in  conjunction  with 
powerhouse  releases  up  to  28,000  cfs  (total 
discharge  close  to  70,000  cfs)  continued  for 
approximately  52  days.  These  releases  caused 
major  damage  to  the  riprap,  underlying  rock, 
and  fencing  on  the  spillway  side  bank  down¬ 
stream  of  the  concrete  spillway  training  wall. 
The  downstream  section  of  this  training  wall 
tops  out  at  elevation  (el)  665.5  and  is  anchored 
to  the  bank  with  rock  anchors.  The  damage 
to  the  rock  extended  landward  and  behind  this 
section  of  the  training  wall.  Future  releases 
could  threaten  the  structural  integrity  of  this 
wall.  An  average  depth  of  3  to  5  ft  of  rock 
over  an  area  of  4,000  sq  ft  was  eroded  and 


1  Structures  Section,  US  Army  Engineer  District,  Kansas  City;  Kansas  City,  MO. 
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washed  away.  Much  of  this  loose  rock  may 
have  washed  back  into  the  stilling  basin  and 
contributed  to  serious  erosion  of  the  concrete 
base  slab.  In  order  to  stop  this  erosion  and 
resultant  damage,  it  was  decided  to  design  a 
concrete  spillway  training  wall  extension 
(Figures  1,  2,  and  3). 

The  new  wall  extension  includes  an  L-wall 
to  extend  the  height  of  the  existing  wall  from 
el  665.5  to  682,  an  I-wall  extending  25  ft  land¬ 
ward  and  140  ft  downstream,  and  a  wall  to  seal 
off  the  end  of  the  existing  wall.  The  structural 
design  and  construction  of  the  I-wall  portion  of 
this  project  will  be  the  subject  of  this  paper. 

1-Wall  Preliminary 
Considerations 

Project  requirements 

The  requirements  of  this  project  are:  (a)  to 
provide  protection  to  the  bankline  down¬ 
stream  of  the  existing  spillway  training  wall 
against  erosion  due  to  future  spillway  flood  re¬ 
leases,  (b)  to  extend  the  height  of  the  existing 
wall  to  el  682.0,  and  (c)  to  seal  off  the  ex¬ 
posed  area  at  the  end  of  the  existing  wall, 
thereby  protecting  the  existing  rock  anchors. 

Project  parameters 

The  elevation  of  the  rock  surface  down¬ 
stream  of  the  existing  training  wall  which  was 
originally  at  el  662  has  eroded  to  between  el 
660  to  657,  with  some  depressions  as  low  as 
el  653.  It  is  anticipated  that  the  erosion  on 
the  channel  side  of  the  new  I-wall  will  con¬ 
tinue  in  future  spillway  releases.  Therefore, 
the  I-wall  had  to  be  designed  for  erosion  to 
continue  to  el  650.0. 

Large  wall  loadings  result  in  large  over¬ 
turning  moments  in  this  wail  (Figure  4,  Load 
Cases).  Therefore,  the  I-wall  must  be  well 
founded  or  socketed  into  the  rock  below 
el  650.0.  It  was  decided  to  use  el  630.0  as  a 
bottom  elevation  for  the  I-wall  foundation,  re¬ 
sulting  in  a  design  depth  of  socket  of  20  ft. 


The  spillway  release  of  1986  overtopped 
the  downstream  section  of  the  existing  training 
wail.  Therefore,  the  top  of  the  new  wall  at 
the  upstream  end  would  be  set  at  el  682.0. 

The  top  of  the  I-wall  would  transition  down 
to  el  672.0  and  continue  at  that  elevation  for 
its  final  100  ft  of  length. 

Time  and  scheduling  constraints  were  criti¬ 
cal.  There  exists  a  window  of  time  from  late 
fall  through  winter  when  the  likelihood  of 
high  tailwater  elevations  is  remote.  Also,  fish 
spawn  heavily  in  the  area  of  this  project  in  the 
spring,  and  construction  at  this  time  would  be 
restricted.  The  contractor  must  begin  and 
complete  construction  in  a  timely  manner.  A 
severe  winter  would  pose  serious  problems. 

Project  options 

Because  of  the  restrictive  parameters  and 
obvious  construction  problems,  brainstorming 
sessions  were  held  to  develop  various  design 
options  and  methods.  The  following  three 
were  considered  to  have  the  greatest  potential 
for  success  from  a  design  and  construction 
viewpoint: 

•  Use  a  rock  trenching  machine  to  excavate 
a  deep  trench  in  the  rock.  Place  rein¬ 
forced  concrete  in  the  trench  and  build  a 
conventionally  formed  reinforced  con¬ 
crete  wall  up  to  the  required  elevation. 

•  Use  a  40-in.-diam  rock  drill  to  drill  a  con¬ 
tinuous  row  of  holes  extending  the  length 
of  the  I-wall,  and  fill  them  with  reinforced 
concrete.  Build  a  conventionally  formed 
reinforced  concrete  wall  over  the  drilled 
piers  up  to  the  required  elevation. 

•  Use  a  30-in.-diam  rock  drill  to  drill  a  series 
of  staggered  holes  extending  the  length  of 
the  I-wall  and  fill  them  with  reinforced  con¬ 
crete.  Build  a  conventionally  formed  rein¬ 
forced  concrete  wall  over  the  drilled  piers 
up  to  the  required  elevation. 

Preliminary  analysis  and  design  revealed 
that  any  of  the  three  methods  would  be 


1002 


Shanks 


CESEC91 


EXISTNC  SPILLWAY 


1003 


Figure  1.  ISO  views  of  1-Wall  and  L-Wall 
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Figure  2.  1-Wall  plan 
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structurally  adequate.  Contractors  and  equip¬ 
ment  suppliers  and  experts  were  now  consulted 
to  ascertain  the  feasibility  of  each  method. 

Method  1,  trenching,  was  rejected  because 
it  is  not  possible  to  trench  rock  to  an  adequate 
depth  (i.e.,  approximately  30  ft  from  the  top 
of  rock  at  el  660.0  to  el  630.0).  Maximum 
trench  depth  is  14  ft  with  available  equipment. 

Method  2  resulted  in  heavily  reinforced 
piers  which  were  drilled  directly  adjacent  to 
each  other.  Drilling  tolerance  over  a  30-ft 
depth  could  not  ensure  that  the  drill  bit 
would  not  encroach  on  a  previously  drilled 
and  filled  pier  to  the  point  of  contacting  re¬ 
inforcement.  Contact  with  reinforcement 
would  destroy  a  very  expensive  drill  bit. 
Also,  the  availability  of  a  40-in. -diam  bit  in 
a  timely  manner  was  questionable.  There¬ 
fore,  Method  2  was  rejected. 

Method  3  appeared  to  meet  the  require¬ 
ments.  The  drill  bit  was  readily  available,  the 
piers  would  be  staggered  and  separated  ade¬ 
quately  for  drilling  tolerances,  and  the  re¬ 
quired  30-ft  depth  was  easily  attainable. 
Method  3  was  adopted. 

Analysis  and  Design  of  1-Wall 

The  analysis  and  design  of  the  I-wall  pre¬ 
sented  some  unique  challenges.  Three  dis¬ 
tinct  analysis  methods  were  used  to  attempt  to 
model  the  anticipated  behavior  of  this  wall 
due  to  various  load  cases.  Several  Corps  of 
Engineers  computer  programs  and  one  non- 
Corps  program  were  used  for  analysis  and  de¬ 
sign.  See  REFERENCES  for  a  complete  list 
of  these  programs  and  a  list  of  criteria  used 
for  loading  and  design. 

Analysis  methods 
(Figure  5) 

The  First  method,  done  by  hand,  was  the 
unplest,  most  conservative  approach.  The 
moments,  axial  forces,  and  shears  were  calcu¬ 
lated  based  on  the  controlling  load  cases.  The 
maximum  moment  and  shear  at  el  650.0  were 
adjusted  for  a  length  of  wall  equivalent  to  one 


pier  and  applied  directly  to  one  pier  section. 
This  method  considers  the  piers  to  be  fixed  at 
the  rock  surface  and  discounts  any  frame  ac¬ 
tion  due  to  the  piers  being  staggered. 

The  second  method,  utilizing  and  compar¬ 
ing  the  Corps  sheet-pile  computer  program 
CSHTSSI  and  the  LPILE  program,  models  the 
entire  height  of  the  pier  as  a  pile  embedded  in 
rock  with  properties  closely  approximating 
those  at  the  construction  site.  The  upper  wall 
is  modeled  with  its  actual  section  properties, 
and  the  water  and  soil  loads  are  placed  di¬ 
rectly  on  the  model.  This  method  distributes 
the  moment  over  the  length  of  the  pier  with 
the  maximum  moment  located  near  the  rock 
surface  and  an  inflection  point  and  reversed 
moment  farther  down  the  pier.  This  method 
also  discounts  any  frame  action. 

The  third  method,  utilizing  the  Corps 
CFRAME  computer  program,  fixes  the  piers 
at  el  650.0,  but  considers  the  frame  action  due 
to  the  staggering  of  the  piers.  The  result  is  that 
the  moment  at  the  base  of  the  piers  is  resisted  in 
part  by  a  tension/compression  couple.  This 
method  assumes  fixity  of  the  piers  to  the 
upper  wall. 

Results  of  analysis  methods 

The  results  of  the  three  analysis  methods 
correlated  well  and  were  as  expected.  The 
results  of  Analysis  Method  1  were  used  to 
determine  the  controlling  load  cases  (Load 
Cases  III  A  and  B).  These  load  cases  were 
then  analyzed  using  Analysis  Methods  2  and  3. 
Table  1  shows  the  results  obtained  from  the 
three  analysis  methods  for  the  controlling 
load  case  (Load  Case  III  B). 

The  moments  for  Method  1  were  the  most 
severe,  since  both  the  frame  action  of  the  stag¬ 
gered  piers  ?nd  the  length  effect  of  the  piers 
below  the  rock  surface  were  ignored.  As  ex¬ 
pected,  Method  2  resulted  in  less  severe  mo¬ 
ments  than  Method  1  since  the  length  effect 
of  the  piers  was  considered  by  CSHTSSI  and 
LPILE.  Essentially,  the  severe  moment  of 
Method  1  was  distributed  over  the  length  of  the 
pier  in  Method  2.  Method  3,  which  considered 
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Table  1 

Analysis  Results,  Maximum  Values1 


Analysis 

Method  1 

Analysis 

Method  2 

LPILE 

Analysis 

Method  2 
CSHTSST 

Analysis 

Method  3 

Pinned  at 

Pier/Wail 

Analysis 

Method  3 

Fixed  at 

Pier/Wall 

j  Section  1  (Base  of  Upper  Wail) 

Shear  (lbs) 

12,264 

16,000 

14,011 

I 

39,800 

Moment  (Ib-ft) 

98,366 

108,333 

87,397 

263,583 

Section  2  (Pier  at  el  650) 

Shear  (lbs) 

28,000 

240,000 

118,500 

188.0002 

Moment  (Ib-ft) 

503,583 

383,750 

414,200 

268,750 

241,167* 

1  Load  Case  lll-B  (backfill  water  level  at  el  677,  tailwater  at  el  657  (wave  trough))  Only  results  for  high  wall  (el  682)  are 
shown. 

2  These  results  were  used  in  final  design. 


the  frame  action  of  the  staggered  piers  but 
ignored  the  length  effect  of  the  piers,  resulted 
in  the  least  severe  moments. 

It  is  evident  that  the  frame  action  was  more 
critical  to  the  analysis  than  the  length  effect  of 
the  piers.  Therefore,  the  exclusion  of  length  ef¬ 
fect  from  Method  3  essentially  provided  an  ad¬ 
ditional  safety  factor  for  this  analysis  method. 

After  considerable  discussion,  debate,  and 
thought,  it  was  decided  to  adopt  Method  3  as 
the  analysis  method  to  use  for  final  design. 
Because  of  the  extreme  controlling  load  cases, 
it  was  decided  that  Methods  1  and  2  were  overly 
conservative.  The  reinforcement  in  the  piers 
was  detailed  as  extending  a  full  5  ft-0  in.  into 
the  upper  wall  to  ensure  a  fixity  at  this  juncture 
and  ensure  that  the  frame  action  will  occur. 

In  addition,  using  the  CFRAME  model,  the 
erosion  was  extended  downward  to  el  640.0, 
exposing  10  additional  feet  of  pier  and  reduc¬ 
ing  the  length  socketed  in  rock  to  10  ft.  This 
configuration  failed.  Although  the  design  ero¬ 
sion  was  to  el  650.0,  provision  was  made  for 
future  installation  of  rock  anchors  at  el  655.0, 
which  will  anchor  the  channel-side  piers  into 
the  landside  rock.  Pipe  sleeves  were  installed 
through  the  pier  reinforcement  for  future  under¬ 
water  drilling  and  installation  if  the  need  arises. 

Finally,  the  shear  in  the  channel-side  rock 
was  checked.  Usii  g  an  allowable  shear,  C  , 
of  5.4  tons/square  foot  and  a  width  of  rock 


shear  plane  of  40  ft,  the  safety  factor  was  cal¬ 
culated  to  exceed  8.0.  The  C  value  for  sliding 
failure  was  from  the  Truman  Dam  Spillway 
Design  Memorandum  and  is  a  low  value 
based  on  the  weakest  anticipated  rock  plane. 

Because  of  the  massive  size  of  the  upper 
wall  in  order  to  fully  encase  the  staggered  piers 
and  the  reduced  loading  toward  the  top  of  the 
wall,  temperature  reinforcement  requirements 
controlled  overstress  requirements.  Because  of 
the  size  of  the  upper  wall,  however,  tempera¬ 
ture  reinforcement  (based  on  EM  1 1 10-2-2103, 
May  1971)  was  at  maximum  amounts. 

Design 

After  analysis  was  completed,  the  moments, 
axial  loads,  and  shears  for  critical  sections  of  the 
piers  and  wall  were  tabulated.  The  Corps  pro¬ 
gram  CGFAG  was  used  for  the  design.  This 
program  allows  for  the  approximation  of  the 
round  shape  of  the  piers  and  round  reinforce¬ 
ment  cages.  The  design  for  the  piers  was 
checked  with  the  CRSI  Manual  tables  for 
circular  columns.  The  results  correlated. 


Construction  of  i-Wall 

The  clearing  of  the  construction  area  began 
in  mid-October  1990,  and  the  completion  date 
of  the  contract  is  scheduled  for  15  July  1991. 
The  contract  was  awarded  to  the  Osage  Bridge 
Company  of  Fulton.  MO.  Osage  Bridge  let 


CESEC91 


Shanks 


1009 


subcontracts  to  Sheffield  Steel  Company  to 
fabricate  the  reinforcement,  and  Midwest 
Foundations  of  Topeka,  KS,  to  do  the  drilling. 
Howard  Redi-Mix  of  Warsaw,  MO,  supplied 
the  concrete.  The  notice  to  proceed  was 
given  on  19  September  1990. 

Piers  (Figures  1, 2,  and  3) 

The  pier  drilling  and  concrete  placement 
commenced  on  1 1  December  1990  and  were 
completed  on  12  April  1991.  Eighty-three 
30-in.-diam  holes,  29  ft  deep,  were  drilled, 
and  four  30-in. -diam  holes,  20  ft  deep,  were 
drilled.  A  total  of  423  cu  yd  of  concrete  and 
65  tons  of  reinforcement  were  placed  into  the 
pier  holes.  The  contractor  surveyed  hole  loca¬ 
tions  and  fabricated  a  structural  steel  frame¬ 
work  and  moveable  templates  to  act  as  drill 
guides.  It  took  2  to  3  hr  to  drill  one  hole. 

The  contractor  drilled  two  to  three  holes  per 
day.  The  cuttings  came  up  as  a  slurry  and 
were  suctioned  off  into  a  truck  for  disposal. 
After  a  hole  was  drilled,  a  temporary  steel 
pipe  casement  was  placed  into  the  hole  until 
reinforcement  and  concrete  placement.  Drilling 
could  not  begin  on  a  hole  directly  adjacent  to 
a  previously  drilled  hole  until  the  first  hole 
was  filled  with  concrete  and  the  concrete  had 
cured  to  a  tested  strength  of  3,000  psi.  Also, 
drilling  could  not  begin  closer  than  20  ft  to 
any  freshly  placed  concrete  until  the  concrete 
reached  a  strength  of  3,000  psi.  These  restric¬ 
tions  caused  the  contractor  to  carefully  coordi¬ 
nate  his  drilling  and  concreting  operations. 

The  concrete  specified  for  the  piers  was 
high  early  strength  using  Type  III  cement  and 
a  slump  of  6  in.  The  concrete  was  pumped 
into  the  holes  since  10  to  20  ft  of  standing 
water  was  present  in  the  holes  after  drilling. 
The  concrete  was  pumped  to  the  bottom  of 
the  hole  through  a  pipe  which  was  withdrawn 
as  the  concrete  level  rose.  The  outlet  end  of 
the  pipe  was  kept  embedded  approximately 
10  ft  below  the  surface  of  the  concrete.  The 
water  was  displaced  out  of  the  bole  by  the 
concrete  and  pumped  away  from  the  shoreline. 


Upper  wall  (Figures  1,  2,  and  3) 

Construction  of  the  upper  portion  of  the  wall 
began  on  13  April  1991  and  was  completed  in 
June  1991.  This  upper  portion  of  the  wall 
above  the  piers  was  placed  conventionally.  The 
quantity  of  concrete  for  the  entire  upper  wall 
was  820  cu  yd  with  22.5  tons  of  reinforcement. 
Standard  concrete  with  a  2-1/2-in.  slump  was 
placed  into  the  forms  from  the  top  using  con¬ 
crete  buckets  and  tremie  pipes.  The  contractor 
chose  to  use  steel  formwork  which  was  stripped 
and  reused  for  successive  wall  sections.  The 
forming  for  the  Transition  Section  of  wail 
proved  to  be  the  most  difficult  since  the  height 
of  wall  and  the  slope  of  the  landside  face  varies. 
The  contractor  chose  to  continue  the  use  of 
steel  formwork  in  this  area  and  continually 
vary  the  sloped  face.  The  angle  on  the  stiff 
back  exterior  form  braces  was  varied.  The 
braces  were  set  in  place,  and  the  steet  plate 
form  was  bolted  tightly  to  the  braces,  forcing 
the  form  plates  to  assume  the  “warped”  shape. 
The  vertical  reinforcement  also  had  to  vary  in 
order  to  maintain  the  proper  concrete  cover. 

L-wall 

The  design  of  the  L-wall  was  conventional 
and  basic  and  is  not  discussed  in  this  paper. 
The  concrete  placement  also  was  conventional. 
However,  before  placement  of  this  portion  of 
the  wall,  17  cu  yd  of  existing  concrete  had  to 
be  excavated  and  removed  from  behind  the  ex¬ 
isting  spillway  training  wall.  The  magnitude 
of  this  removal  was  a  change  from  the  exist¬ 
ing  conditions  shown  in  the  plans  for  the  dam 
and  proved  to  be  one  of  the  most  difficult  and 
tedious  portions  of  this  project. 

Air-powered  jackhammers  and  a  backhoe 
were  used  to  accomplish  the  work,  and  repair 
of  the  landside  surface  of  the  existing  wall 
was  required  before  placement  of  the  L-wall. 
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The  following  is  a  list  of  the  major  equip¬ 
ment  used  by  the  contractor: 

Drill  -  Ingersol-Rand  Model  DHD- 
130A  Downhole  Hammer  Drill, 
with  30-in.  Button  Bit,  Hain  Model 
4-71/3531-3  Crane-Mounted  Drill 
Attachment 

Crane  (for  drill  and  other  uses  as 
required)  -  Manitowac  Model 
2900WC  65-Ton  Liftcrane 

Vacuum  Truck  (used  to  vacuum 
drill  cuttings  and  water  as  holes 
were  drilled)  -  2,800  cfm,  5+  cu  yd 
capacity  with  8-in.-diam  line 

Concrete  Pump  Truck  -  Schwing 
Model  1200/36  with  a  28-m  boom 
lift  capacity  and  a  4-in.-diam  pipe 

Although  the  contract  stated  that  the  con¬ 
tractor  would  have  to  plan  his  work  for  high 
tailwater  elevations  due  to  powerhouse  gener¬ 
ation,  he  was  fortunate  to  have  extremely  low 
tailwater  during  the  duration  of  the  construc¬ 
tion.  With  the  exception  of  the  pier  concreting 
and  a  small  portion  of  the  “trenched”  wall,  all 
concrete  work  was  done  in  dry  conditions. 
There  were  very  few  days,  even  in  winter, 
when  the  weather  posed  a  problem.  Experi¬ 
enced,  innovative  contractors  and  good  prepa¬ 
ration  turned  a  potentially  complex  and 
difficult  construction  problem  into  an  excel¬ 
lent,  smooth-running  project.  The  end  prod¬ 
uct  is  of  sound  design  and  construction  and 
should  eliminate  the  downstream  left  bank 
erosion  problems  at  Truman  Dam. 


Computer  Programs  with  Manuals 

Computer-Aided  Structural  Engineering 

(CASE)  Programs: 

CFRAME  -  Computer  Program  with  Jn- 
tractive  Graphics  for  Analysis  of 
Plane  Frame  Structures  (3  June  1986) 

CSHTSSI  -  Computer  Program  for  Soil- 
Structure  Interaction  Analysis  of 
Sheet-Pile  Retaining  Walls  (June 
1983) 

CGFAG  -  Computer  Program,  Concrete 
General  Flexure  Analysis  with  Graph¬ 
ics  (30  May  1986) 

Private  Industry  Program: 

LPILE1  by  Ensoft,  Inc.,  Austin,  TX 

Criteria  Used  for  Loading  and  Design 

EM  1 1 10-1-2101,  “Working  Stresses  for 
Structural  Design,”  November  1983. 

Draft  EM  1 110-2-2502,  “Retaining  and  Flood 
Walls,”  September  1987. 

EM  1 1 10-2-2200,  “Gravity  Dam  Design." 
September  1958. 

ETL  11 10-2-312,  "Strength  Design  Criteria 
for  Reinforced  Concrete  Hydraulic  Struc¬ 
tures,”  March  1988. 

Concrete  Reinforcing  Steel  Institute  Hand¬ 
book,  2nd  edition,  1975. 

ACI  318-89/318  R-89,  “Building  Code  and 
Commentary.” 
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The  Engineer’s  Role  in  Urban  Search  and  Rescue 

by 

David  Hammond,  PE, 1 2  Edward  Hecker}  Richard  Young?  and  Kelley  Aasen,  PE 3 


Abstract 

Recent  disasters  have  illustrated  the  vulnerability  of  certain  types  of  structures 
in  heavily  populated  areas  and  have  served  to  bring  Urban  Search  and  Rescue 
(US&R)  to  the  forefront  of  response  planning.  The  collapse  of  these  structures 
during  major  earthquakes  poses  unique  challenges  to  rescue  personnel  and 
demonstrates  the  need  for  specific  engineering  skills  within  the  response  organiza¬ 
tion.  The  Corps  of  Engineers  has  been  formally  tasked  by  Forces  Command 
(FORSCOM)  to  provide  engineers  in  support  of  their  US&R  mission  under  the 
Federal  Response  Plan.  During  US&R  operations,  the  engineer  will  provide  ongo¬ 
ing  support  to  the  search  and  rescue  elements.  Engineering  advice  may  be  required 
to  refine  search  routes  or  evaluate  shoring  and  stabilization  systems.  Additional 
engineering  advice  may  be  needed  regarding  construction  materials  and  breaching 
operations.  Recognizing  the  limited  first  responder  experience  of  Corps  personnel. 
Headquarters,  US  Army  Corps  of  Engineers,  directed  the  newly  established  Earth¬ 
quake  Preparedness  Center  of  Expertise  to  develop  a  training  program  for  respond¬ 
ing  personnel.  This  coincides  with  the  development  of  specialized  US&R  programs 
by  the  State  of  California  and  the  Federal  Emergency  Management  Agency.  This 
paper  delineates  the  role  of  the  engineer  in  support  of  US&R  and  how  the  Corps 
will  help  develop  the  required  engineering  resources  for  this  mission. 


Introduction 

Recent  disasters  have  illustrated  the  vulnera¬ 
bility  of  heavily  populated  urban  areas  and  have 
served  to  bring  Urban  Search  and  Rescue 
(US&R)  to  the  forefront  of  response  planning. 
Our  modem  heavy  structures  pose  unique 
challenges  to  rescue  personnel  and  have  demon¬ 
strated  the  need  for  engineering  skills  within 
the  rescue  organization.  In  recognition  of  this, 
the  new  Federal  and  State  of  California  urban 
search  and  rescue  programs  list  Structural  Spe¬ 
cialists  as  part  of  every  US&R  Task  Force. 


In  addition,  under  the  Federal  Disaster  Re¬ 
sponse  Plan,  Forces  Command  (FORSCOM) 
has  formally  tasked  the  Corps  to  provide  engi¬ 
neers  in  support  of  their  US&R  operations. 
This  tasking  will  require  the  Corps  to  main¬ 
tain  a  cadre  of  engineers  ready  to  accomplish 
this  mission. 

This  tasking  immediately  invites  two  key 
questions:  What  is  the  role  of  the  engineer  in 
support  of  US&R,  and  how  does  the  Corps 
prepare  for  its  US&R  mission? 


1  Hammond  Engineering. 

2  Chief,  Readiness  Division,  US  Army  Engineer  Division,  South  Pacific;  San  Francisco,  CA. 

3  Earthquake  Preparedness  Center,  US  Army  Engineer  Division,  South  Pacific;  San  Francisco,  CA. 
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The  Engineer’s  Role 

US&R  is  a  high  risk  undertaking,  con¬ 
ducted  in  a  building  that  is  fully  or  partially 
collapsed.  These  buildings  will  normally  be 
multi-storied,  containing  heavy  debris  with  a 
high  potential  for  additional  collapse.  This  is 
the  work  environment  of  the  US&R  Task 
Force.  Engineers  trained  and  experienced  in 
damaged  building  evaluation  can  help  reduce 
the  risk  to  these  task  forces  and  to  victims.  In 
order  to  function  effectively,  these  engineers 
must  be  well  prepared  to  make  difficult  value 
judgments  in  an  environment  that  is  very  dif¬ 
ferent  from  the  orderly  design  office. 

Defining  the  problem 

As  in  most  engineering  tasks,  the  first  job 
is  to  identify  the  problem.  In  the  case  of  a  col¬ 
lapsed  structure,  there  are  some  fundamental 
questions  to  be  addressed.  Some  of  the  answers 
may  be  available  prior  to  conducting  the  initial 
assessment;  however,  most  will  require  on¬ 
scene  investigation.  The  answers  to  these  ques¬ 
tions  may  be  vague  and  uncomfortable  for  die 
engineering  mind  to  assess,  but  value  judg¬ 
ments  will  have  to  be  made.  Often  these  judg¬ 
ments  will  be  made  under  severe  pressure.  The 
essential  information  required  is: 

•  What  caused  the  coliapse?  Was  it  an 
earthquake,  wind  (hurricane  or  tornado), 
construction  failure,  explosion/fire,  flood, 
or  landslide?  Each  of  these  has  special 
consequences  and  produces  unique  prob¬ 
lems  to  specific  structural  types.  Earth¬ 
quakes  affect  heavy  and  poorly  connected 
structures  most  severely.  Aftershocks  can 
produce  further  collapse  during  rescue 
operations.  Strong  wind  storms  normally 
pull  lighter  materials  off  buildings,  but 
also  cause  devastation  from  flying  objects 
and  tidal  surges.  Construction  failure  and 
structural  decay  collapse  often  involve 
column  or  other  vertical  stability  failures. 
Explosions  have  very  different  effects  on 
light  frame  compared  to  heavy  structures. 

•  What  type  (or  types)  of  structure  is  in¬ 
volved?  Each  type  can  produce  a  differ¬ 


ent  collapse  pattern  and  set  of  post¬ 
collapse  hazards,  and  any  one  building  can 
contain  a  combination  of  types. 

*  Light  Frame.  Usually  of  wood-frame, 
box-type  construction  up  to  four  stories 
in  height,  used  for  living  or  other  occu¬ 
pancy.  Failure  is  in  the  skin  that  covers 
the  frame.  Plumb  walls  rack  and  be¬ 
come  parallelograms. 

*  Heavy  Wall  Buildings.  Buildings 
with  unreinforced  masonry  wails,  tilt- 
up  concrete  walls,  or  other  masonry 
walls.  They  may  be  up  to  10  stories 
high  and  used  for  living,  commercial, 
and/or  industrial  occupancies.  Failure 
is  in  connections  of  wall  to  floors/roof 
or  within  the  wall  of  these  box-type 
buildings. 

*  Heavy  Floor  Structures.  Concrete 
frame  buildings  up  to  20  stories  and 
highway  structures.  They  may  have  a 
few  concrete  walls.  Failure  is  most 
often  in  columns  at  joints  with  floors. 
Many  failure  types  have  been  ob¬ 
served  (pancake,  story  offset,  weak 
story/soft  story,  torsion  failure  of  cor¬ 
ner  building,  and  even  overturned 
buildings. 

*  Precast  Buildings.  Buildings  assem¬ 
bled  of  factory  built,  mostly  light¬ 
weight  concrete  parts.  They  range 
from  1  to  20  stories  and  are  mostly 
frame  type,  but  may  have  some  con¬ 
crete  walls.  Failures  are  usually  in  in¬ 
terconnection  of  parts,  which  can 
result  in  partial  or  total  collapse. 

•  What  types  of  hazards  are  present? 

Generally,  the  Structural  Specialist  is 
concerned  with  falling  hazards  (parts  of 
building  or  debris  that  may  fall),  collapse 
hazards  (existing  cavity  may  become 
smaller),  and  other  hazards  (gas,  toxics, 
water,  etc.).  Each  structural  type  will 
present  a  somewhat  different  set  of  haz¬ 
ards.  The  engineer  must  use  his  knowl¬ 
edge  of  materials  and  attempt  to  identify 
the  possibility  of  brittle  versus  ductile  be¬ 
havior.  As  an  example,  the  hazard  pre¬ 
sented  by  a  leaning  plaster-covered 
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unreinforced  masonry  partition  is  quite 
different  from  one  of  wood/metal  studs 
and  plaster. 

*  What  are  the  location  and  condition  of 
remaining  voids  in  the  structure?  Are 
they  likely  to  collapse  in  an  aftershock? 

Is  it  shorable?  Can  it  be  entered  from  the 
top?  If  there  is  a  basement,  what  is  its 
condition? 

•  What  are  the  locations  of  all  previous 
access  holes  in  the  structure?  To  the 
extent  possible,  vertical  and  horizontal 
shafts  should  be  identified,  including:  en¬ 
tries,  stairs,  elevator  shafts,  duct  open¬ 
ings,  and  vertical  pipe  openings. 

*  What  tools  and  shoring  materials  are 
available?  The  engineer  must  determine 
if  it  is  feasible  to  shore  the  structure  and 
if  the  structure  can  be  effectively  cut. 

•  What  are  the  search  and  rescue  capa¬ 
bilities  of  the  team?  Can  remote  search 
methods  be  used  to  prioritize  the  site? 
Should  the  team  refer  the  site  to  others? 

Application 

The  information  gathered  during  the  initial 
assessment  process  will  be  presented  to  the 
Task  Force  Leader.  The  engineer’s  recom¬ 
mendations  for  stabilizing  the  structure  will 
be  essential  to  the  overall  safety  of  search  and 
rescue  personnel.  Locations  of  potential 
voids  and  ingress  routes  will  serve  a  vital  role 
in  determining  the  initial  search  strategy. 

During  operations,  the  engineer  will  provide 
ongoing  support  to  the  search  and  rescue  ele¬ 
ments.  Engineering  advice  may  be  required  to 
refine  search  routes  or  evaluate  shoring  and  sta¬ 
bilization  systems.  Additional  engineering  ad¬ 
vice  may  be  needed  regarding  construction 
materials  and  breaching  operations. 

The  US&R  incident  will  require  continued 
reassessment  due  to  aftershocks,  load  readjust¬ 
ment  due  to  shoring,  and  reprioritization  of 
site  due  to  search  results. 


The  duties  of  ihe  Structural  Specialist  are 
complex  and  challenging.  What  are  the  pre¬ 
requisites  for  an  engineer  to  participate  in  this 
program? 

What  it  takes 

Although  in  many  situations  a  Structural 
Engineer  may  be  preferable,  those  engineers 
with  US&R  experience  agree  that  Civil  and 
General  Engineers  can  be  trained  to  support 
US&R.  The  key  in  evaluating  Structural  Spe¬ 
cialist  candidates  is  their  familiarity  with 
building  construction  and  experience  in  struc¬ 
tural  design  and  analysis.  This  experience 
should  include  evaluation  of  existing  struc¬ 
tures,  field  investigation,  or  construction  ob¬ 
servation.  The  candidate  should  possess 
general  knowledge  of  the  design  and  construc¬ 
tion  techniques  for  wood,  masonry,  concrete, 
and  steel  with  some  knowledge  of  their  behav¬ 
ior  under  adverse  loading  conditions. 

Given  the  urban  search  and  rescue  environ¬ 
ment,  the  Structural  Specialist  must  be  physi¬ 
cally  fit  and  capable  of  improvising  and 
functioning  under  extremely  adverse  field 
conditions.  Structural  Specialists  must  be 
self  sufficient  for  72  hr  and  able  to  function 
for  long  hours,  on  or  around  rubble,  at 
heights,  and  in  confined  spaces. 

The  Structural  Specialist  must  understand 
safe  working  practices  and  procedures  as  re¬ 
quired  in  the  urban  disaster  environment.  Cur¬ 
rent  certification  in  Advanced  First  Aid  and 
Cardiopulmonary  Resuscitation  is  essential. 
The  Structural  Specialist  should  be  familiar 
with  critical  incident  stress  syndrome  manage¬ 
ment  strategies  and  hazardous  materials 
awareness.  Structural  Specialist  will  be  re¬ 
quired  to  be  available  on  short  notice  and  able 
to  mobilize  within  6  hr  of  notification. 

This  description  provides  insight  into  the 
nature  of  Corps  missions  in  response  to  the 
FORSCOM  tasking. 
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The  Corps  Mission 

Under  the  Federal  Response  Plan, 
FORSCOM  serves  as  the  Executive  Agent  for 
the  Department  of  Defense  regarding  their 
support  for  domestic  natural  disasters.  In  this 
capacity,  FORSCOM  serves  as  the  lead  Fed¬ 
eral  agency  for  Urban  Search  and  Rescue 
(ESF  #9).  Within  the  Federal  Response  Plan, 
the  Corps  serves  as  the  lead  Federal  agency 
for  Public  Works  and  Engineering  (ESF  #3). 

It  is  within  this  framework  that  FORSCOM 
has  tasked  the  Corps  to  provide  engineers  for 
support  of  their  US&R  operations. 

Current  FORSCOM  plans  call  for  the 
Corps  to  provide  blocks  of  engineers  in  12-hr 
increments  over  a  72-hr  period.  In  order  to 
meet  this  requirement,  the  Corps  must  main¬ 
tain  a  cadre  of  100  to  200  engineers  ready  to 
support  US&R. 

The  training  program 

Headquarters,  US  Army  Corps  of  Engineers, 
recognized  that  specific  engineer/rescue  train¬ 
ing  was  not  readily  available  within  the  United 
States  and  that  such  training  would  have  to  be 
developed.  In  January  1991,  the  Corps’  South 
Pacific  Division  submitted  a  draft  engineer/ 
US&R  training  proposal  for  Headquarter ’s  re¬ 
view.  Headquarters  directed  that  the  newly 
established  Earthquake  Preparedness  Center 
of  Expertise  (EQPCE)  develop  the  training 
program  to  meet  the  requirement  (Table  1). 

This  coincided  with  the  development  of  spe¬ 
cialized  US&R  programs  by  the  State  of  Cali¬ 
fornia  and  Federal  Emergency  Management 
Agency  (FEMA).  The  integration  of  engineers 
into  the  US&R  process  was  a  goal  of  each  pro¬ 
gram,  with  each  agency  recognizing  the  neces¬ 
sity  of  specific  engineer/US&R  training. 

Although  US&R  operations  undertaken  by 
FORSCOM  organizations  will  be  less  com¬ 
plex  than  those  addressed  by  the  specialized 
State  and  Federal  programs,  the  engineering 
skills  are  similar.  The  technical  engineering 
data  collected  for  this  project  will  serve  as  a 
solid  foundation  for  the  more  complex  re¬ 


quirements  of  the  specialized  programs. 

Using  this  curriculum  as  a  base,  the  EQPCE 
is  prepared  to  develop  the  more  complex  engi¬ 
neer  training  as  a  follow-on  to  this  project. 
This  course  would  then  become  a  prerequisite 
for  the  more  specialized  engineering  course. 
Such  an  approach  allows  for  greater  continu¬ 
ity  between  the  curriculum,  a  more  cohesive 
overall  program,  and  greater  cost  effective¬ 
ness.  Recognizing  the  limited  “first  re¬ 
sponder”  experience  of  Corps  personnel,  this 
program  will  be  as  comprehensive  as  possi¬ 
ble.  The  goal  is  to  provide  the  engineer  with 
sufficient  response  skills  to  facilitate  their  in¬ 
tegration  into  the  US&R  organization. 

Table  1  shows  the  tentative  training  schedule 
and  provides  a  brief  description  of  the  courses. 

Development 

This  program  will  be  developed  in  conjunc¬ 
tion  with  criteria  established  by  FEMA  and  the 
State  of  California  (Office  of  Emergency  Ser¬ 
vices)  and  will  be  consistent  with  the  criteria 
established  by  their  respective  programs.  This 
continuity  will  be  enhanced  by  the  appointment 
of  a  liaison  between  the  Corps  and  California 
OES.  A  detailed  plan  of  action  has  been  de¬ 
veloped  and  is  being  coordinated  with  these 
agencies  to  assure  that  the  broadest  possible  ap¬ 
plicability  and  utility  is  achieved  as  the  training 
program  proceeds  to  implementation. 

Recruitment 

A  survey/interest  form  is  being  provided  to 
attendees  to  help  develop  an  initial  inventory  of 
US  Army  Corps  of  Engineers  personnel  who 
may  want  to  participate  in  this  important  pro¬ 
gram.  It  is  also  intended  to  select  and  train  sev¬ 
eral  Structural  Specialists  to  serve  as  Regional 
Team  Leaders  who  can,  in  turn,  help  expand  the 
training  base.  An  individual  who  is  selected  and 
trained  for  this  mission  must  be  available  for 
immediate  deployment  to  a  disaster  site  should 
FORSCOM  implement  its  response  plan.  Indi¬ 
viduals  who  respond  to  the  survey  are  not  obli¬ 
gated  to  enter  this  program  and  will  receive 
further  information  as  the  program  develops. 

A  formal  recruitment  process  will  be  initialed 
late  in  FY  91 . 
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Table  1 

Engineeer  Training,  US&R, 

Draft  Schedule1 

Week  One 

Sunday 

Travel  &  Check-in 

Monday 

Welcome 

Course  Overview 

Introduction  to  US&R 

First  Aid 

Tuesday 

Rescue  Systems  1 

Wednesday 

Rescue  Systems  1 

Thursday 

Rescue  Systems  1 

Friday 

Rescue  Systems  1 

Saturday 

Off 

Week  Two 

Sunday 

Off 

Monday 

Rescue  Systems  1 

Tuesday 

ATC-20 

Structural  Collapse 

Wednesday 

HAZMAT  First  Responder 

Thursday 

Advanced  Shoring 

Critical  Stress  Management 

Review 

Friday 

Field  Exercise 

Debriefing/Evaluation 

Check-out  &  Travel  to  HOR 

1  Training  Day  begins  at  0800  and  ends  at  1700.  j 
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The  Corps  of  Engineers  and  ATC-20 


by 

I  9 

Jim  Tanouye,  PE,  and  Jim  Couey,  PE~ 


Abstract 

In  the  aftermath  of  an  earthquake  occurring  in  a  heavily  populated  region,  there 
would  be  a  need  for  damage  inspectors  to  perform  safety  evaluations  of  standing 
buildings.  Experience  has  shown  that  local  building  departments  become  quickly 
overloaded  by  the  volume  of  safety  evaluations  required  and  must  seek  additional 
personnel.  Although  many  of  the  individuals  pressed  into  service  are  associated 
with  building  design  and  construction  trades,  many  are  not  structural  engineers. 
ATC-20  was  developed  by  the  Applied  Technology  Council  for  two  purposes:  to 
provide  uniform  guidelines  and  procedures  to  perform  safety  evaluations  of  common 
building  types;  and  to  provide  a  basis  of  training  for  damage  inspectors  who  are 
not  structural  engineers.  With  a  large  engineering  staff  available  as  a  resource,  the 
US  Army  Corps  of  Engineers  (Corps)  could  provide  personnel  for  training  and 
subsequent  deployment  as  damage  inspectors  upon  request  by  local  and  state 
governments.  In  addition,  the  Corps  could  consider  the  adaptation/adoption  of 
ATC-20  for  use  on  military  installations. 


Introduction 

In  the  immediate  aftermath  of  an  earthquake 
disaster  that  could  occur  in  a  heavily  popu¬ 
lated  region,  there  would  be  a  need  for  damage 
inspectors  to  perform  safety  evaluations  of 
the  standing  buildings.  Safe  buildings  need 
to  be  identified  for  their  use  as  shelters  or  for 
the  continuation  of  their  normal  functions. 
Unsafe  buildings  need  to  be  identified  to  pre¬ 
vent  their  use  and  the  resultant  injuries  or  loss 
of  life  that  might  occur  due  to  hazardous  con¬ 
ditions  created  by  the  earthquake.  The  primary 
responsibility  to  perform  these  safety  evalua¬ 
tions  lies  with  the  local  building  departments. 
Experience  from  recent  earthquakes  has  shown 
that  local  building  departments  become  almost 
immediately  overloaded  with  the  volume  of 


building  safety  evaluations  required  and  must 
seek  additional  damage  inspectors  to  alleviate 
the  backlog.  An  undesirable  alternative  would 
be  to  extend  the  time  it  would  take  to  perform 
all  the  needed  building  safety  evaluations,  but 
this  would  risk  incurring  injuries  or  loss  of  life 
from  the  use  of  any  unsafe  buildings. 

Background 

In  the  aftermath  of  an  earthquake  disaster 
that  has  occurred  within  their  jurisdiction,  local 
building  departments  would  normally  notify 
their  respective  state  governments  of  the  need 
for  additional  damage  inspectors.  In  turn,  the 
state  government  would  then  coordinate  and 
consolidate  these  needs  and  issue  a  public 
request  for  individuals  to  serve  as  damage 


1  Engineering  Division,  US  Army  Engineer  Division,  South  Pacific;  Portland,  OR. 

2  Military  Projects  Branch,  US  A; my  Engineer  District,  Sacramento;  Sacramento,  CA. 


CESEC  91 


Tanouye  &  Couey 


1019 


inspectors.  Individuals  would  respond  from  a 
variety  of  sources  within  the  region  the  earth¬ 
quake  disaster  occurred;  namely,  employees 
of  local,  state,  and  Federal  governmental 
agencies,  such  as  the  Corps  of  Engineers 
(Corps),  as  well  as  numerous  private  agencies, 
including  construction  firms,  design  firms,  and 
professional  affiliations,  such  as  the  American 
Society  of  Civil  Engineers.  Many  individuals 
from  similar  sources  outside  the  region  of  the 
earthquake  disaster  would  respond  as  well. 

Although  many  of  the  individuals  who  vol¬ 
unteer  for  service  as  damage  inspectors  or  who 
i:e  pressed  into  service  as  damage  inspectors 
are  associated  with  the  various  building  de¬ 
sign  and  construction  trades,  many  of  them  are 
not  structural  engineers  by  practice  or  training. 
In  addition,  many  of  the  governmental  and 
private  agencies  from  which  these  individuals 
originated  have  their  own  unique  procedures 
and  guidelines  for  determining  whether  or  not 
a  particular  building  is  safe,  as  well  as  their 
own  unique  categories  for  posting  (i.e.,  safe, 
limited  entry,  emergency  use  only,  unsafe)  a 
building  as  a  result  of  the  safety  evaluation. 
The  lack  of  a  structural  engineering  background 
in  conjunction  with  the  origination  of  the  indi¬ 
vidual  has  led  to  two  observations  regarding 
the  use  of  these  individuals  as  damage  inspec¬ 
tors:  the  lack  of  uniform  procedures  for  dam¬ 
age  inspectors  to  assist  them  in  determining 
whether  or  not  a  building  is  safe;  and  the  lack 
of  consistency  by  different  damage  inspectors 
in  concluding  whether  or  not  a  particular 
building  is  safe  and  in  what  category  to  post 
that  building. 

As  a  result  of  these  two  observations,  the 
Disaster  Emergency  Services  Committee  of 
the  Structural  Engineers  Association  of  North¬ 
ern  California  initially  proposed  a  project  to: 
develop  and  document  qualitative  procedures 
and  guidelines  for  the  safety  evaluation  of 
standing  buildings  damaged  by  an  earthquake; 
and  to  develop  and  document  appropriate 
training  materials  describing  these  procedures 
and  guidelines.  The  California  Governor’s 
Office  of  Emergency  Services,  California  Of¬ 
fice  of  Statewide  Health  Planning  and  Devel¬ 
opment,  and  Federal  Emergency  Management 


Agency  jointly  awarded  a  contract  to  the  Ap¬ 
plied  Technology  Council  (ATC)  in  July  1987 
to  develop  procedures  for  the  postearthquake 
safety  evaluation  of  buildings.  The  Applied 
Technology  Council  in  turn  developed  and 
subsequently  published  ATC-20,  Procedures 
for  Postearthquake  Safety  Evaluation  of 
Buildings  (ATC  1989a)  and  ATC-20-1,  Field 
Manual:  Postearthquake  Safety  Evaluation  of 
Buildings  (ATC  1989b).  The  purpose  of 
ATC-20  and  ATC-20-1  is  to  provide  local 
building  departments  the  procedures  and 
guidelines  by  which  to  perform  safety  evalua¬ 
tions  of  common  types  of  buildings  encoun¬ 
tered  in  the  United  States.  These  procedures 
and  guidelines  are  intended  to  promote  consis¬ 
tency  in  the  rating  of  damage  of  a  particular 
building  so  that  different  damage 
inspectors  will  arrive  at  the  same  conclusion 
regarding  its  level  of  safety  and  in  what  cate¬ 
gory  to  post  that  building. 

It  should  be  noted  the  ATC  is  a  nonprofit, 
tax  exempt  corporation  established  in  1971  by 
the  Structural  Engineers  of  California  for  the 
purpose  of  assisting  the  practicing  structural 
engineer  in  the  task  of  keeping  abreast  of  and 
utilizing  technological  developments  in  the 
field  of  structural  engineering. 

Evaluation  System 

In  the  development  of  ATC-20  and  ATC- 
20-1,  consideration  was  given  to  the  need  to 
conserve  and  judiciously  use  the  services  of 
the  limited  number  of  structural  engineers 
that  would  be  available  in  the  aftermath  of  an 
earthquake  disaster.  A  three-level  system 
was  developed  to  perform  safety  evaluations 
of  buildings  (Figure  1).  The  first-level  proce¬ 
dure  is  the  Rapid  Evaluation.  The  goal  of  the 
Rapid  Evaluation  is  to  quickly  designate 
through  visual  inspection  the  apparently  safe 
and  obviously  unsafe  buildings.  Those  build¬ 
ings  not  designated  as  safe  or  unsafe,  the  ques¬ 
tionable  buildings,  go  on  to  the  next  level. 

The  second-level  procedure  is  the  Detailed 
Evaluation.  The  goal  of  the  Detailed  Evalua¬ 
tion  is  to  designate  through  visual  inspection 
the  questionable  buildings  from  the  Rapid 
Evaluation  as  safe  or  unsafe.  Those  buildings 
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APPARENTLY  SAFE 


QUESTIONABLE  OBVIOUSLY  SAFE 


SAFE,  MAY 
NEED  REPAIRS 


QUESTIONABLE 


UNSAFE,  MUST  BE 
REPAIRED  OR  REMOVED 

I 


SAFE, 

NEEDS  REPAIRS 


UNSAFE,  MUST  BE 
REPAIRED  OR  REMOVED 


POST 

INSPECTED 


POST 

UNSAFE 


Figure  1 .  Three-level  system  of  building  safety  evaluations 
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still  questionable  as  to  their  safety  after  a  De¬ 
tailed  Evaluation  go  on  to  the  next  level.  The 
third-level  procedure  is  the  Engineering  Eval¬ 
uation.  The  goat  of  the  Engineering  Evaluation 
is  as  its  title  implies;  to  perform  an  in-depth 
engineering  evaluation  of  the  questionable 
buildings  from  the  Detailed  Evaluation  where 
safety  can  not  be  determined  by  visual  inspec¬ 
tion  alone. 


Rapid  Evaluation  consists  of  the  following 
procedures: 

•  Examine  the  entire  outside  of  the  build¬ 
ing. 

•  Examine  the  ground  in  the  general  area 
of  the  building  for  ti  .sures.  bulges,  or 
slope  movement. 


Posting 

The  posting  categories  developed  by 
ATC-20  and  ATC-20-1  correspond  to  the 
safety  evaluation  of  the  buildings.  An  appar¬ 
ently  safe  building  is  posted  INSPECTED,  a 
questionable  building  is  posted  LIMITED 
ENTRY,  and  an  unsafe  building  is  posted 
UNSAFE  (Table  I). 


pTabie  1 

]  Posting  Categories 

'  '  "  1 

. 

Posting 

~ . . . 

Classification 

Color 

Description 

INSPECTED 

Green 

No  apparent  hazardous 
condition  present.  No 
restriction  on  use  or 
occupancy. 

LIMITED 

Yellow 

Hazardous  condition 

ENTRY 

believed  to  be  present.  Use 
for  emergency  purposes  i 

only;  no  occupancy  on 
continuous  basis.  Possible  j 
aftershock  hazard. 

UNSAFE 

Red 

jj 

Hazardous  condition 
present.  No  use  or 
occupancy  allowed. 

Imminent  collapse  from 

aftershock.  j 

Rapid  Evaluation 

The  goal  of  Rapid  Evaluation  is  to  quickly, 
and  with  a  minimum  staff,  visually  inspect 
and  evaluate  buildings  within  the  damaged 
area.  Rapid  Evaluation  was  developed  to  uti¬ 
lize  the  services  of  individuals  with  at  least  5 
years  of  general  experience  in  the  building  de¬ 
sign  and  construction  trades,  thus  conserving 
the  services  of  structural  engineers  for  perfor¬ 
mance  of  Detailed  Evaluations.  Rapid  Evalu¬ 
ation  was  developed  to  be  performed  within  a 
time  span  of  10  to  20  minutes  per  building. 


•  When  the  building  can  not  be  viewed  suf¬ 
ficiently  from  the  outside,  enter  the  build¬ 
ing  for  a  cursory  view  of  the  inside.  Do 
not  enter  obviously  unsafe  buildings. 

•  Complete  the  Rapid  Evaluation  form 
using  the  six  Rapid  Evaluation  criteria 
(Appendix  A  and  Table  2,  respectively  ). 

•  Post  the  building  according  to  the  results 
of  the  evaluation. 

•  Explain  the  significance  of  the  LIMITED 
ENTRY  or  UNSAFE  postings  to  the 
building  occupants,  and  advise  them  to 
leave  the  building  immediately. 


j  Table  2  j 

|  Rapid  Evaluation  Criteria  ) 

I  Condition 

i  Posting  • 

-  - - - - - - - - - - - - 

i  Building  has  collapsed,  partially  collapsed, 

|  or  moved  off  its  foundation. 

! UNSAFE  ! 

| 

Building  or  any  story  is  significantly  out  of 
plumb. 

i UNSAFE  | 

1  £ 

j  fl 

Obvious  severe  damage  to  primary- 
structural  members,  severe  racking  of 
walls,  or  other  signs  of  severe  distress 
present. 

I  UNSAFE  j 

j  j 

i 

i  s 

Obvious  parapet,  chimney,  or  other  falling 
hazard  present. 

1  UNSAFE  f 

1 

Large  fissures  in  ground,  massive  ground 
movement,  or  slope  displacement  present. 

UNSAFE 

l  . ] 

I 

j  Other  hazards  present  (i.e..  toxic  spill, 
j  fallen  power  line,  asbestos  contamination 
j  broken  gas  line). 

: UNSAFE  j 

Detailed  Evaluation 

The  goal  of  Detailed  Evaluation  is  to  v  isu¬ 
ally  inspect  and  evaluate  the  buildings  posted 
LIMITED  ENTRY  by  Rapid  Evaluation. 
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Detailed  Evaluation  was  developed  to  utilize  the 
services  of  structural  engineers  with  at  least  5 
years  of  building  design.  Detailed  Evaluation 
was  developed  to  be  performed  within  a  time 
span  of  1  to  4  hours  per  building. 

Detailed  Evaluation  consists  of  the  follow¬ 
ing  procedures: 

•  Survey  the  building  from  the  outside. 

•  Examine  the  building  site  for  geotech¬ 
nical  hazards. 

•  Inspect  the  structural  system  from  inside 
the  building. 

•  Inspect  for  nonstrvctur al  hazards. 

•  Inspect  for  other  hazards. 

•  Complete  the  Detailed  Evaluation  form 
using  the  eight  Detailed  Evaluation  cri¬ 
teria  and  post  the  building  (Appendix  B 
and  Table  3,  respectively). 

As  part  of  the  Detailed  Evaluation,  there 
are  sections  of  ATC-20  and  ATC-20-1  that  de¬ 
scribe  in  detail  special  areas  of  concern  for 
common  types  of  buildings  encountered  in 
the  United  States.  The  types  of  buildings  de¬ 
scribed  are  summarized  as  follows: 

•  Wood  Frame: 

*  Residential. 

*  Commercial,  institutional,  and  industrial. 

•  Masonry: 

*  Unreinforced. 

*  Reinforced. 

•  Tilt-up  Concrete. 

•  Concrete: 

*  Moment-resisting  frame. 

*  Shear  wall. 

*  Infill  masonry  frame. 


•  Steel  Frame: 

*  Braced  frame . 

*  Moment-resisting  frame. 

*  Prefabricated  metal  buildings. 

*  Frame  with  unreinforced  masonry  infill. 

*  Frame  with  concrete  cast-in-place  or 
reinforced  masonry  walls. 


Table  3 

Detailed  Evaluation  Criteria 

Condition 

Posting 

Overall  Damage: 

|  Collapse  or  partial  collapse 

UNSAFE 

I  Building  or  indiv.  lual  story  noticeably 

UNSAFE 

!  leaning. 

|  Fractured  foundations. 

UNSAFE 

Vertical  Load  System: 

Columns  noticeably  out  of  plumb 

UNSAFE 

Buckled  or  failed  columns. 

UNSAFE 

Roof  or  floor  framing  separation  frem  walls 

UNSAFE 

or  other  vertical  supports. 

Bearing  wall,  pilaster,  or  corbel  cracking 

UNSAFE 

which  jeopardizes  vertical  support. 

Other  failure  or  incipient  failure  of  sigmfi 

UNSAFE 

cant  vertical  load  carrying  element  or 

|  connection.  |  j 

Lateral  Load: 

I  Broken,  leaning,  or  seriously  degraded 

UNSAFE 

3  moment  frames. 

|  Severely  cracked  shear  walls. 

UNSAFE 

1  Broken  or  buckled  vertical  braces. 

UNSAFE  | 

|  Other  failure  or  incipient  failure  of  significant 

UNSAFE  | 

|  lateral  load  carrying  element  or  connection. 

P  Delta  Effects: 

i 

j  Multistory  frame  building  with  residual 

UNSAFE 

drift. 

Degradation  of  the  Structural  System: 

1 

Seriously  degraded  structural  system. 

UNSAFE  j 

Falling  Hazards: 

| 

Falling  hazards  present 

UNSAFE 

.  ..  - 

Slope  or  Foundation  Distress: 

|  Base  of  building  pulled  apart  or  differentially 

UNSAFE 

I  settled,  with  fractured  foundations,  walls, 

|  floors,  or  roof 

j  Building  in  zone  of  faulting  or  suspected 

UNSAFE 

1  major  slope  movement. 

I  Building  in  danger  of  being  impacted  by 

UNSAFE 

|  sliding  or  falling  landslide  debris  from 

j  upslope. 

1  Other  Hazards: 

1  Spill  of  unknown  or  suspected  dangerous 

UNSAFE 

!  material 

j  Other  hazards  fro.,  downed  power  line) 

UNSAFE  ? 

Tanoiiyo  &  Oouey 
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There  are  also  sections  that  describe  in  de¬ 
tail  special  areas  of  concern  for  geotechnical 
hazards,  nonstructural  hazards,  and  essential 
facilities. 

Engineering  Evaluation 

The  goal  of  Engineering  Evaluation  is  to 
inspect  and  evaluate  the  buildings  posted 
LIMITED  ENTRY  by  Detailed  Evaluation. 
Whether  or  not  to  conduct  an  Engineering 
Evaluation  will  be  the  decision  of  the  owner 
of  the  building  as  this  level  of  evaluation  re¬ 
quires  the  services  of  a  structural  engineering 
consultant.  Specific  procedures  for  evalua¬ 
tion  were  not  detailed  in  ATC-20  and  ATC- 
20-1  since  these  procedures  will  be  selected 
based  upon  the  engineering  judgement  of  the 
consultant. 

Corps  of  Engineers — Source 
of  Evaluation  Personnel 

As  one  of  the  largest  governmental  agencies 
in  terms  of  engineering  resources,  the  Corps 
could  provide  personnel  for  deployment  as  dam¬ 
age  inspectors  to  local  and  state  governments  in 
the  case  of  an  emergency.  The  majority  of  engi¬ 
neering  personnel  provided  by  the  Corps  would 
be  used  for  Rapid  Evaluation,  and  those  with  a 
structural  engineering  background  could  also 
be  used  for  Detailed  Evaluation.  This  would 


entail  having  Corps  personnel  trained  in  the 
use  of  ATC-20  and  ATC-20- 1 ,  with  a 
database  developed  to  track  those  individuals 
with  the  appropriate  training  for  call  should 
the  need  arise. 

The  training  basically  consists  of  a  1-day 
course  sponsored  by  the  Applied  Technology 
Council  which  outlines  the  contents  of  ATC-20 
and  ATC-20- 1  in  the  morning  and  evaluates 
an  example  building  in  the  afternoon.  So  far, 
training  has  been  conducted  in  the  states  of 
California  and  Utah.  Other  states  where  the 
potential  for  an  earthquake  disaster  exists 
have  shown  interest  in  the  adoption  of  ATC-20 
and  ATC-20- 1. 

Perhaps  the  Corps  should  consider  the 
adoption  of  ATC-20  and  ATC-20- 1  as  a 
means  to  quickly  evaluate  and  post  standing 
buildings  on  military  installations  in  the  after- 
math  of  a  earthquake  disaster. 

References 
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Appendix  A 


Block _ Parcel  No.. 


ATC-20  Sapid  Evaluation  Safety  Assessment  Form 


BUILDING  DESCRIPTION: 

Name: 

OVERALL  RATING:  (Check  One ) 

INSPECTED  (Green)  □ 

_ Exterior  only 

Exterior  and  Interior 
LIMITED  ENTRY  (Yellow)  □ 
UNSAFE  (Red)  □ 

Address: 

No.  of  stories: 

Basement  Yes  □  No  □  Unknown  □ 

Primary  Occupancy:  Dwelling  □ 

Other  Residential  □  Commercial  □  Office  □ 
Industrial  □  Public  Assembly  □  School  □ 
Government  □  Emer.  Serv.  □  Historic  □ 

Other 

INSPECTOR* 

Insoector  ID 

Affiliation 

INSPECTION  DATE: 

Mo/dav/vear 

Time  am  pm 

Instructions:  Review  structure  for  the  conditions  listed  below.  A  “yes"  answer  to  1, 2, 3,  or  5  is 
grounds  for  posting  entire  structure  UNSAFE.  If  more  review  is  needed,  post  LIMITED  ENTRY. 
A  "yes’  answer  to  4  requires  posting  AREA  UNSAFE  and/or  barricading  around  the  hazard. 


Hazards  such  as  a  toxic  spill  or  an  asbestos  release  are  covered  by  6  and  are  to  be  posted  and/or 


barricaded  to  indicate  AREA  UNSAFE. 

Condition 

Yes 

No 

Mon 

Review 

Needed 

1.  Collapse,  partial  collapse,  or  building  off  foundation 

□ 

□ 

□ 

2.  Building  or  story  noticeably  leaning 

□ 

□ 

□ 

3.  Severe  racking  of  walls,  obvious  severe  damage  and  distress 

o 

□ 

□ 

4.  Chimney,  parapet  or  other  falling  hazard 

□ 

□ 

□ 

5.  Severe  ground  or  slope  movement  present 

□ 

□ 

□ 

6.  Other  hazard  present 

□ 

□ 

□ 

Recommendations: 

□  No  further  action  required 

□  Detailed  Evaluation  required  (circle  one)  Structural  Geotechnical  Other 

□  Barricades  needed  in  the  following  areas: _ 

□  Other _ 

Posted  at  this  Assessment  □  Yes  □  No 

Comments: _ 
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Block _ Parcel  No.. 


ATC-20  Detailed  Evaluation  Safety  Assessment  Form 


BUILDING  DESCRIPTION: 

Name: 

OVERALL  RATING:  (Check  One) 
INSPECTED  (Green)  □ 

LIMITED  ENTRY  (Yellow)  □ 

UNSAFE  (Red)  □ 

Address: 

No.  of  Stories: 

Basement  Yes  □  NoQ  Unknown  □ 

Anoroximate  Aire:  Years 

Approximate  Area:  Square  feet 

Structural  System: 

Wood  Frame  □  Unreinforced  Masonry  □ 

Reinforced  Masonry  □  Tilt-up  □ 

Concrete  Frame  □  Concrete  Shear  Wall  D 

Steel  Frame  f~|  Other 

INSPECTOR: 

InsDector  ID 

Affiliation 

INSPECTION  DATE: 

Mo/dav/vear 

Time  am  Dm 

Primary  Occupancy: 

Dwelling  □  Other  Residential  □  Commercial  □ 
Office  Q  Industrial  □  Public  Assembly  □ 

School  □  Government  □  Emer.  Serv.  Q 

Historic  □  Other 

Instructions:  Complete  building  evaluation  and  checklist  on  next  page  and  then  summarize 
results  below. 


Posting: 

Existing 

Recommended 

None 

□ 

Posted  at  this  Assessment 

Inspected  (Green) 

□ 

□ 

□  Yes  □  No 

limited  Entry  (Yellow) 

□ 

□ 

Existing  posting  by: 

Unsafe  (Red) 

□ 

□ 

Recommendations: 

□  No  further  action  required 

□  Engineering  Evaluation  required  (circle  one)  Structural  Geotechnical  Other. 

□  Barricades  needed  in  the  following  areas: _ 


□  Other  (falling  hazard  removal,  shoring/bracing  required,  etc.): 
Comments  (Why  posted  Unsafe,  etc.): _ 
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ATC-20  Detailed  Evaluation  Safety  Assessment  Form  (Continued) 


Instructions:  Examine  the  building  to  determine  if  any  hazardous  conditions  exist.  A  “yes" 
answer  b  categories  1, 2,  or  4  is  grounds  for  posting  buildbg  UNSAFE.  If  condition  is  suspected 
to  be  unsafe  and  more  review  is  needed,  check  appropriate  Unknown  box(es)  and  post  1IMITED 
ENTRY.  A  “yes”  answer  b  category  3  requires  posting  and/or  barricading  to  bdicate  AREA 
UNSAFE.  Explab  “Yes",  “Unknown”  findbgs  and  extent  of  damage  under  “Comments." 

_ Hazardous  Condition  Exists _ 

Condition _  Yes  No  Unknown  Comments 

1.  Structure  Hazardous  Overall 
Collapse/partial  collapse 
Buildbg  or  story  leanbg 
Other _ 


2.  Hazardous  Structural  Elements 
Foundations 

Roof/floors  (vertical  loads) 
Columns/pilasters/corbels 
Diaphragms/horizontal  bracing 
Walls/vertical  braring 
Moment  frames 
Precast  connections 
Other _ 


3.  Nonstructural  Hazards 
Parapets/ornamentation 
Cladding/glazbg 
Ceilings/light  fixtures 
bterior  wafis/partitions 
Elevators 
Stairs/exits 
Electric/gas 
Other _ 


4.  Geotechnical  Hazards 
Slope  failure/debris 
Ground  movement,  fissures 
Other _ 


SKETCH: 


Sheet _ of _ 
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CESEC  91  — Challenge  Workshop 

Quality  Facility  Data:  Cradle  to  Grave  -  Ronald  L.  Hollrah,  Black  &  Veatch 
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CHALLENGE  WORKSHOP 


The  goals  of  the  Challenge  Workshop  were  to  test  the  structural 
engineers  with  in  the  Corps  on  their  emergency  response  techniques,  to 
test  their  awareness  of  fatigue  and  fracture  concepts,  to  emphasize  steel 
inspection,  and  to  emphasize  the  bridge  safety  program  (page  2).  Two 
actual  problems  were  used  -  one  was  a  Gate  problem  (page  G-2)  and  the 
other  was  a  Bridge  problem  (page  B-2).  Each  problem  had  4  independent 
teams  working  on  a  solution  (4  gate  teams  and  4  bridge  teams) .  Each  team 
had  a  facilitator  to  guide  the  team  members  during  their  problem  solving 
session.  Two  university  professors  were  used  as  consultants  because  of 
their  involvement  on  the  actual  problems  in  real  time.  A  workshop 
coordinator  was  used  to  plan,  organize  and  execute  the  challenge  workshop 
(see  organization  chart  on  page  3). 

During  the  problem  solving  session  each  team  was  required  to  select 
a  team  leader  and  recorder.  The  facilitators  acted  as  the  chief  of  the 
structural  section,  the  consultants  acted  as  field  personnel  to  supply 
information  or  as  an  outside  structural  consultants  if  a  team  so 
requested  and  HQUSACE  acted  as  the  district  engineer  if  called  upon  for 
a  district  decision  (see  team  operation  chart  on  page  4). 

The  information  given  to  each  team  for  solving  the  problem  and  the 
results  of  each  team  solution  is  included  in  the  following  information: 


a . 

teams  and  facilitator 

page 

Gate 

G-l 

Bridee 
B- 1 

b. 

problem  scenario 

page 

G-2 

B-2 

c . 

facilitator  guide 

page 

G-3 

B-3 

d. 

reference  material  available 

page 

G-  3 

B-4 

e . 

team  report  form 

page 

G-6 

B-5 

f . 

solution 

page 

G-10 

B-12 

g- 

facilitator  report  form 

page 

G-13 

B-14 

h. 

Lead  Facilitator  Summary  Report 

page 

G-17 

B-18 

The  two  lead  facilitators  reported  the  results  of  the  challenge 
workshop  to  the  conference  attendees  on  Friday.  That  information  is 
summarized  on  page  G-17  for  the  Gate  problem  and  on  page  B-18  for  the 
Bridge  problem. 
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EMPHASIZE  BRIDGE  SAFETY  PROGRAM 


CHALLENGE  WORKSHOP 
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GATE  TEAM  1 

Henry  Stewart  -  Facilitator 

Robert  E.  Taylor 

CEORH-ED-DS 

Eric  G.  Sampson 

CENCC-ED-DS 

Brad  Atkins 

CENAO-EN-DS 

Darryl  C.  Bonura 

CELMN-ED-DD 

William  F.  Strobach 

CEMRK-ED-DT 

GATE  TEAM  2 

Tom  Ruf  -  Facilitator 

Byron  K.  McClellan 

CEORL-ED-D 

Frerd  Joers 

CENCR-ED-DS 

Paul  Stroup 

CESAJ-EN-DS 

Jerome  Maurseth 

CENPP-PE-DS 

Mark  McVay 

CESWT-EC-DT 

GATE  TEAM  3 

Joe  Hartman  -  Facilitator 

Paul  C.  Noye3 

CENPS-EN-DB-SD 

Leslie  E.  Lockett 

CEORN-ED-D 

Oscar  Alcoreza 

CENCB-BE-SD 

Christy  Hannan 

CESAW-EN-DS 

Young  Hsu 

CELMN-ED-DT 

GATE  TEAM  4 

Rob  Kelsey  -  Facilitator 

Haskell  Wright 

DESWL-ED-DS 

David  W.  Spencer 

CELMS-ED-DA 

Dana  Knudtson 

CENPW-EN-DB-SD 

Joann  McCowan 

CESPL-SPL-ED-DG 

Joe  Kubinski 

CENCE-ED-D 
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GATE  SCENARIO 


Can  the  lock  be  opened  to  traffic  in  three  weeks? 

Status  of  Gate  and  Description 

During  a  field  trip  by  Corps  engineers  to  Locks  27  on  1  Mar 
89,  damage  to  the  bracing  and  girders  on  the  downstream  side 
of  the  upstream  leaf  of  the  lift  gate  for  the  main  lock  was 
discovered  (i.e.,  see  gate  model,  drawings  and  inspection 
summary) .  The  gate  was  out  of  the  water  due  to  repairs  being 
made  to  the  wall  and  corner  protection  of  the  partially 
unwatered  lock.  A  more  indepth  inspection  of  the  lift  gate  on 
9  Mar  89  revealed  that  the  damage  to  the  gate  was  serious,  and 
that  immediate  repairs  might  be  necessary.  Engineering 
assessment  on  the  gate  conditions  was  recommended. 

The  repairs  will  have  to  consider  the  time  restrictions 
primarily  due  to  the  economic  impact  caused  by  the  closing  of 
the  locks.  A  maximum  of  three  weeks  period  is  considered 
acceptable  under  the  current  circumstances,  however,  permanent 
structural  repairs  usually  require  several  months  to  complete. 
Temporary  repairs  of  the  critical  structural  members  are 
recommended  in  order  to  reopen  the  locks  in  three  weeks. 

Engineering  decisions  are  sought  to  assess  the  structural 
integrity  of  the  life  gate  containing  cracks  in  the  bracing 
members  and  girder  flanges.  Critical  structural  members  need 
to  be  identified  and  a  temporary  repair  procedure  needs  to  be 
developed.  In  addition  to  the  temporary  solution  to  the 
damaged  gate,  approaches  to  a  long-term  solution  on  permanent 
repairs  and  post-repair  maintenance  schedules  are  also  sought. 
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FACILITATOR  GUIDE 


GATE 

1.  Formlate  and  engineering  approach  to  both  a  temporary  and  a  permanent 
solution  to  the  gate  problem.  The  method  of  investigation  should  cover 
the  following  areas: 

a.  Inspection  methods  to  determine  the  extent  of  cracking. 

b.  Cause  of  problems  {e.g.,  design  deficiency  and/or  operational 
deficiency) , 

c.  Type  of  field  investigations  appropriate. 

d.  Type  of  analysis  appropriate. 

e.  Repair  procedures  or  repair  alternatives. 

f.  Basis  for  recommendations. 

2.  Present  final  recommendations  with  a  soun'  basis  (i.e.,  engineering 
assumptions)  repairs  and  the  permanent  solutions  to  the  gate  problems, 
respectively. 

Temporary  Repairs 

a.  Is  the  immediate  repair  to  the  current  gate  conditions  required? 
If  not,  explain  your  reasons. 

b.  Can  the  lock  be  opened  to  traffic  in  three  (3)  weeks  if  temporary 
repairs  are  necessary? 

c.  Develop  a  repair  plan,  recommended  repair  schedule,  resources 
requirement  and  quality  assurance  program. 

d.  What  are  your  recommended  repair  alternatives?  Any  Codes  or 
Specifications  you  would  like  to  use  to  develop  the  repair  procedures? 

e.  Are  temporary  repairs  sufficient  to  maintain  the  gate  integrity  for 
the  next  two  years?  Do  you  recommend  any  scheduled  inspections  and 
assessments?  If  yes,  what  is  the  basis  for  that  schedule? 

Permanent  Solution 

a.  What  would  be  your  recommended  long-tern  solution  to  the  gate 
problem?  (e.g.,  permanent  structural  repairs  must  be  completed  within  a 
two-year  period) . 
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b.  Do  you  recommend  any  design  revisions  to  weld  connections?  What  is 
the  basis  of  your  recommendations? 

c.  Do  you  recommend  material  tests?  If  yes,  explain  the  significance 
of  these  material  properties. 

d.  Do  you  recommend  any  further  investigation/analysis  to  assess  the 
current  gate  design  and  operation  conditions?  If  ye3,  what  should  be 
done? 


e.  Any  alternatives  that  you  would  like  to  recommend? 

3.  Attach  calculations  (if  any). 

4.  Additional  Material  Available  if  Requested: 

a.  FEM  analysis  and  strain  gage  test  summary. 

b.  Materials  te3t  data  summary. 

c.  Crack  growth  predictions  (4  cases). 

d.  "Fracture  and  Fatigue  Control",  Textbook  by  Barsoin  &  Rolfe. 

e.  "Structural  Inspection  and  Evaluation  of  Existing  Look-Gates", 
Draft  ETL,  U.S.  Army  Corps  of  Engineers. 

f.  Inspection  results  of  the  auxiliary  lock. 


1040 


Challenge  Workshop 


CESEC  91 


REFERENCE  MATERIALS 
GATE 

The  following  is  a  list  of  materials  available  for  your  review  and  may  be 
used  for  the  structural  assessment: 

a.  Gate  model. 

b.  Actual  photographs  of  gates  and  damage. 

c.  Design  Drawings. 

d.  Specifications . 

e.  Perspective  showing  loading  conditions  (3-D  sketch) . 

f.  Inspection  reports. 

g.  Miscellaneous  data. 

h.  AWS  Dl.l  Structural  Welding  Code-Steel. 

i.  AISC  Construction  Manual. 

j.  U.S.  Army  Corps  of  Engineers  EM  1110-1-2101. 

k.  Instructions  for  Operation  and  Maintenance  of  Locks  No.  27. 

l.  Accident  Summary,  Locks  No.  27. 

m.  Others  may  be  available  upon  request. 
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CHALLENGE  WORKSHOP  REPORT 
GATE  PROBLEM,  TEAM  j 


la.  What  must  be  done,  if  anything,  to  open  the  lock  in  3  weeks 
as  scheduled?  fggfogA,  yijvJl  DYE  f  a  a  e -jta /j  t  //>sr£c  t/okj. 

^PeMT/F'l  TAAA&Ep  /lessees  Ex've^T  OF  P<rpA /£ ^ 

M&jHopS  T*  Ret-ie/e.  Lojp  -p>  e-TB^/T  foS-r/pLe,  Pgtot-  AT 

pt/tJj  °F  T°  Ptueve-  ff^A  Faji^A  °f=  cM^Kf  Wring*  Apr1! 'cAEt-E, 

IpcfeAJC  Htsrpet.  J)Z;£  of  y^rif/oF  pe/ircuj  to  Pewc.er  J77P&/7.  ep&tif} 


T  op  J  p/FFei?*r'T  1  YPeS  d^HecT/o/-  fcT-f / P  MGTHvpf,  /FJT**~ 

pt'Ajes  7T>  GiCP<f£  F<-Ari£<?l  A^goSS  Cg^cpap  Sem  o,J  ffovipE  uiEy? 

i/ee  -fo  OcV^-ope  Fw«-  S'rferi&TH  °P  71 HE  Mts/pen  usriO  &ofiuiF/%p  kjonjx 

AT(?  .  ^^ZpItpCr-  FfoCCPo  l/JS  y?i‘/4tt‘Tt4Tl&A  f  STC^tr)  GA<SEJ  , 

lb.  Whht  is  the  basis  for  this  decision?tw^?n^^^  TofeoV,Pe1 

t-A  TER 


VMS  c*r'jT(Zt\\F TJ  LUfir  AriA  L.y n f  &P  £jt  TSXf  fVB^BSs  oF  %£(>*<(:/ 

'TXege  fog<r/  coriY^UoML.  Pi^TH^P  ofF  fZ€TP4,£  fJ  p^j<s-Tr  f fa  Tej- 

^|W-  Vuitti Sure  Jrrerr  ca>h  ce-tnpAT/aflj  ttya-t  appev>  to  Trie 

op  CPA^XS ,  to  f=o&n  at  ~r#e  ooaacct/^a  co»« 

J-fP  eFGDferi  ^iF-pfiE-  /-/  e-T ?Fef 


2a.  Are  additional  investigations  and  repairs  needed,  within  2 
years,  to  ensure  long  term  adequacy  of  the  gate?  i*e  peco**,  c-/jj/  jriAr  A 
/P'P^wH  w/ejntATi'J'ptr  coA/toc-ntF  of  Tffe  exisdac  structure,  tHu 
/PcFope  >  irtpLCsfenyATiop  op  th*?  /ritTRwtVTATiow  /m/7*  (.ce*?  At  7 Her  ~7)/ie:  <■ 


PefAiP-j  A  3-P  rtoOELr  op-np  R-/1 cEj  Act/ AG  op  TtfE  S Tpoz-pd^ .  7HFF 
/^YeJTiPATioP  Sf-kutp  7xy  t°  TCEf  7!  ?Y  fi?°rceA,j  ,p  r>rir  cy/^/v^c 
Q(£j/6ri  ppo  THE  Aj*pe?  oF  Ta/lvkb  .  TT;,S  f<r  use) 

jo  &£  VO-opF  A  p&i-J  6aTB  PE-T/(?n.  £'  /W«iwp/W#  uL7p^-  Soak  TCJttG  oC 

oyivn  Hpy  A £!&>■&. 


2b.  What  is  the  basis  for  this  decision?  PAJE?  °tJ  cp^r k/PG  f^7rs^^j 

ATP  Ta  top  Ac  /Hope  oFtHf  fxiTtiFG-  <FAT£  y  '~r  U  OppioOj' 

"ppP  ftffJ&r’T  PFT/prJ  / j  //■>/)  PE  QOAfE  .  c-o  A  r / P^EATl*  A  S  pe:  Gfv<=>^ 

ft  Tf/e  PeAf /eiony  op  c-ihg-  tH£  Ppip'vfP  Pate  ^ nH  x\ 

GA'TZ'  AT?  peH/)£it/7*T/t46  THE  Ex'StaC-  CATg-  to  g<>  us&>  /)s 
ArJ?A?e  Pate,  the  ZeSvoij  of  rHe  srvpy  /rj  2^.  Aie^^-jo 

fo  P&Trzr/rte  T>p  r  frz/irisiLny. 

2c,  IP  r»*AMt Yy  teo/YwtATfoP  i  Per/SA  A  ^  <Sa~t&  f+cca-w  aatf  „xst. , 
IT  2-  '1e**s.  iT-JhtfttJir/1  Juoaj  exET/PP  Cj-pr  70  s&  sas^oy  so»*jf> 
IT  t-oOi.fi  ?e /-\  ^P/F/OPj  lefAtg  ep  {Use  additional  sheets  if  needed.)  J 
firPP  '■'TtSP  AJ  2*  J'PAP^. 
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CHALLENGE  WORKSHOP  REPORT 


GATE  PROBLEM,  TEAM 


7 


la.  What  must  be  done,  if  anything,  to  open  the  lock  in  3  weeks 
as  scheduled? 

0  D ArroD  OrAlE  TO  Sill.  foR: 

1B^/0o^?A«y/  tfEPAIKL  SY  re-Au.,' 

A  (2  LlrvJS^.  fcr/ZS  A,u°  P£-£s-FAgas,4 

(SjApD  -spuce  PLa-tCS.  -t4)  Fou_</  fFPv:Tu/z>rz-r->  no  - 

^loRrC*j^  AmCP  Uif  TH  OvjT  £ov£/?  Pt  0#AC£, 


lb. 


-  -  /VI  &AAgcp  ^ 

52 


P^A J 


Cfac, 

R&Pfi,  \f^ 

1 


(TH OuT  Cc^BR  PlateTs~ 

OP  PtPMdeS  UjITH-  C.DW££  P1AT65  p 
MS^8£(?S  «££>  PLPrtES,  SixCEf*  vL/HpfA 

What  is  the  basis  for  this  decision?  ^cifu  Pt/tL 

Lo5^  CAv$£P  PyCCFF>  f=7r^ 

CLct-^e.  to  7}iE  ‘TIBlO-  C^'T|rAiCr'  * 

FOuuoi^eo  6/  6fi,^CLEL  tr^P^cr' 

Cokttr  (  TO  Vfr/?T<c,4C  loacs  tuH/CH 

PRod^pLf  r'v/Ti*T&c>..rHe  faiu^ae 
W  APPEALS  to  A 

r-AiL. udB  j  &u(L  T&  P£t\o  cat^o 

F~f?c>  »v\  ~rn  ff.  Rai — r-rt  yor'  iu  ,£•  _ 

upluaR  p 


0\/ 
30fa,,Tc 


op  T/f  £  irst  £ 

l\t I  Tl  AT iiyj  G)  CRACbCi 
THE:  Bottom  cnp-  jtfig  FLAPS6E 


2a.  Are  additional  investigations  and  repairs  needed, 
years,  to  ensure  long  term  adequacy  of  the  gate? 

^  - 


within  2 


2b. 


'  ‘r£r2£‘fr§nr^0*aC'<iH  A**e*S*fa*  *P  OA/hA<b£  Ou. 

A£>p;Tioa/^  i.  /WAtysi?-  ^rnw  F/rw  rre 

etc cove . 

♦  co/.pA^  Cost  op  m/AC  V< 

*  EXPERT  Eu^W^ATIoa;  <?F  ma  \n_i 

EXl*=>T  P£tShW, 

-  action  Based  onj  5 tod 

What  is  the  basis  for  this  decision? 

I^AOf  (Jt/^Tg'  T/  Aa  po/?  <^0  An  fit  £  -rfe. 

^  PA  t  R  PLAM  Fo/^  V&R  *r>  a*  w  /a  (\i  t  "Ft/ 


(Use  additional  sheets  if  needed.) 
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CHALLENGE  WORKSHOP  REPORT 
GATE  PROBLEM,  TEAM  J? _ 


la.  What  roust  be  done,  if  anything,  to  open  the  lock  in  3  weeks 

as  scheduled?  'Reaves  rut  FoRnv.  *^>£.usiw c,  ^p  cracks  <SHooCt> 
fce  the  ME%t  3  ujeetS-  >  .  '<  ,  -  coii-v. 

$€  Rtphvfttt.  WVTH  FvjlU  I  I  ■  .11.  'DocJtut  C  Pcfltfi  loicl. 

&E  AttoS't?  TO  OM2.tw.e>£«t>  UOI^H  LARGER:  cracks  "Th&  -EU0L|A»JC^  q .Wcm&te.^ 
ojiwv.  at  ~T5ev>iM ■C-E.e't)  Avit>  mspttTeti  -to<L  cno^e.  ’"Repoiiii 

-To  TJC  c  -OILL  fed  ACC0<*.pC>&«ec>  ftAStr?  ol>  FiNlb'i l-iQis.'iF  Cepfi'FS 

Ace  l>ot  PfAsieue  a  t  n/u  r  ms  t  CHtstnQe&S  ry^a^j  je  Filled  wIpcAm. 

"To  'oc.'.GTe  LEA.v:AG-,e  i kjto  CHA^BtP  -  ""KapA'R-5  t>m.i  (be  /fieco/rptia wep  iu-wouj 
(PpeeAtlOU*  pdJSowue.!.  uiu.1.  at  <\i\lttO  dl  itECTio  M  lyb  ro  t-oCAItOivJ 
..TvPt.^><  Repoiig,,.  /VSTRtuneijf^rRoN  LViLt.  fiC  (MJtAUEk  fod.  ^ <»WtTd>*,wC* 

lb.  'What  is  the  basis  for  this  decision?  -Rtpfiie*  ^  6t  Wco,puSl 

ro  A«Re6T  THG  C.?OuJTa  eMStiN^  CfcfcAKi  Past  udipfcCT  .00  A  Jt> 

t>AlftAC-l?  -f^EpoRl6  (MP'CAtE  E.tCSSSi''e  vlfcEOTiOO  t>C  aWc  Uf-T  G.ATe 
OWOCR  vARtOOt.  HEAt  £L&  VATIOOJ  ~TUlS  VI  8  RfU  I  O  K*  COULb  ACC  IS  Lkr  E  IfiT 

oVe  GnCounw  MKase  c<A«k5 


2a.  Are  additional  investigations  and  repairs  needed,  within  2 
years,  to  ensure  long  term  adequacy  of  the  gate?  PWtooOv.  iMuesT.&fn. 
Suouv-\>  -ro  e>e  peecoev^eo  To  e>~r S«R?  loc/g  TeAm  a  pe  c-y  of  the  G.at& 
Tuess  /fcjveor/GATiooJi  OAoOLto  INaUDt  ‘3^  WOT  UrrwTEk  td  dTtfueruFAt  fin.)' 
■pemcvo  of  cofi^TooCTiOKi  PRoceHoRC  ;  (,'•£  <uo  opcear^fi1 

paocstoiicj.-oilieb  THESE  IM«6STi6,fiT/6Na;  A  ■S>&T6*m.*JAT.©0  WILL  Be 
mntie  OH  THC  A'DE<PU«c.vj  <,«?  +he  c  *IST|  W  G,  &  A  TE  .  IF  £eMet>,pl_  OCT,OM 

-REgu.eeP  TW6  KepwAC  e  meur  of  fk*  &A-re  AhJ>  K*p«r.c  ^MkeGflTe  ^1L, 

6C  C^P"CCb  W,T"  «  «-•*<  <V^«  cost  A^l^o  , 

2b.  What  is  the  basis  for  this  decision^  f -0mtt  /sWCfSTi  & AT/o w 
IS  fcegui  r-CD  ro  £hi5U<?.C  A  CO'npLfcTc  soLur/OM  to  the  pgo&t&r*— 


(Use  additional  sheets  if  needed.) 


G-8 


1044 


Challenge  Workshop 


CESEC91 


w 


CHALLENGE  WORKSHOP  REPORT 
GATE  PROBLEM,  TEAM  A. 


la.  What  must  be  done,  if  anything,  to  open  the  lock  in  3  weeks 
as  scheduled? 

r  V  <L- *--*&-*  ^ 

)  ^  f «  fe-  _V>  -  -r  «  ^  ' 


(  ‘bV.U't  a  <VT5r^.  ^  M  '  tvT  ^  9  ^ 

offco-A.')'0-'1 '  ____».  ■  ,  50^  -1 

0-.->  •  _  <=  v(V4?  =-T-  -wOS-^-  SJ5, 


o> aa-n.  |'« -  ___..*.  .  ?jS  •■*»  — - 

y  0-.-*  •  _  <=  vfl_pOi--l-  -woS-^—  S^^aL’ yj  <£-H>  c^v  *-on 

lb.  What  is  the  basis  for  this  decision?  (Jnc*.  ■vwfe.  t,M;Ato 

i .  tiU|*\,  c_A  -*  o  f  v«.fc.  't> -t; O-n  e  ~  m t-fc.  *i»  •*%  ft  &rt M  •  ’  \  **■  *'  "f 

C-4-t  OHIO'S'  c  ^Smi_vi1_e. 

<C-  Av^  - 

*  — —  ^v^l~'5  y~?;^z?-rzr~zu 


<o  frSt-O  fi~f  tns  ~r'rv'il— 


-?=-  o’'1-|<=''  W  A  L- 


:>  o  cuo  <z*  y 

J  /  £— o  r4~'»  X  1 


2a.  Are  additional  investigations  and  repairs  needed,  within  2 
years,  to  ensure  long  term  adequacy  of  the  gate? 

*S  • 

\)  Tii,,t5  ^  t-?c  M  t\t-*  :>»-=.  ~  t>  *-=*■  '  ‘>1  1  jyC“ 

\S  r^Oi=-iC!  u  >K1  cs  c,  a,  «y tij!xo  rt.,-,-^  fV  0  0  .  1  .  o  >•*•  A  i- 
^  Ofe.v£-aX^'  w  iSi  k  ^  v .^cEjcl. e.  \  c fv.\ 

^nvcs_  <c„ 

^  ~^%Z2  rlX'  TV  ^ ■ ri  ^  r  >,•*  *  *-*.  ~  ^ «-«- s  -  - 

/  c_\a  rw  ■=>  .  v>  o>  _  _  . 

cl  ,  _>  A  '  i“  >  '  i-v<W  o-<:  >yiija.  C_y  /X-f  ■.  *-*  c^s.  s»  v  £»-  *  rr 

os=v*.  <?e.o_L  0,a. 1 

2b.  What  is  the  basis  for  this  decision?  ~ 

\2  ^  tS-fN  <-  kj  C_^  VA,  hyj  ^  O  »■*-  rw\  A"\|  C.  it  a  *■>  r^-*^  A-  >  i—  i-fc  ^ 

^  o  ^  ^5'~  '  v  h,  \~j  -4C-TH  mua.  T t>  \»,  a-?o  T-rd. 

1—  A  C_ti_  Cs,,^-^^. 


N  f.-p-c*  *d(L 

jcLfi^x-O^K 


<V><a T  a-,oo  \  C- rx.i_i — ^ 
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CHALLENGE  WORKSHOP 

EXPERT’S  GATE  SOLUTION 
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facilitator  report 


f ACILITATOR 


TEAM  1 


1- 


2  . 


3  . 

a. 

b . 

c. 

d. 


Did  this  team  have  effective 
leadership?  Yes  y  No _ 


Were  the  leaders: 
v/  Volunteers 

_  Selected  by  vote 

Appointed 


Comments:  ^ 

Ud  ~~*JL  3 *-£.  f'-t 

W«2J6  hus-ci-C*-11-  _ 


Comments :  _ 

:  ir  r~-> 


<Ss- 

<st-. 


,u. 


Did  the  team  members: 
participate  in  problem  solving? 
Understand  gate/bridge  design? 
Understand  inspect ion/ evaluation? 
Understand  fatigue/ fracture  concepts? 

Comments : 


All  Most  Few 
_ 


None 


&- 


y 


Did  the  t 
v/Sir 


team  work  as: 
_ngle  group 
T7~  Subgroups 
Individuals 


Comments : 


Did  the  team  develop  a  vo*-’-.  plan  Comments:  ^  IL*. 

for  attacking  the  problem?  fVe^vt,  h,  *'-&*.  JrU_ 

'/  Yes,  an  effective  plan  ,,  ,  /  r 

_  Yes,  but  less  effective  f,  W,~V‘~ 

_  No  <■ •>*-‘*7 


6.  Did  the  team  develop  adequate 
recommendations?  Yes  S  No 


Comments : 


7.  What  were  the  recommendations?  (Attach  the  team's  report 


8.  Additional  observations  by  facilitator: 
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FACILITATOR 


TEAM 


3  . 

a . 

b. 

c . 

d. 


Did  this  team  have  effective 
leadership?  Yes  X  No _ 


Comments:  Licn(e,r- 
'J  ,  4  1)  of 


J*--'  J * 

*J  ra  . 

Were  the  leaders:  .  .  Comments: 

Volunteers - ^  hr  vo| u 

Selected  by  vote 
Appointed 

PUpj oajL  Co, r\  ftr  Lc-'Jtr 

Did  the  team  members: 

Participate  in  problem  solving? 

Understand  gate/bridge  design? 

Understand  inspect ion/evaluation? 

Understand  fatigue/fracture  concepts? 

Comments: 


J 


cP  ‘ol 
id/ 


7 


All  Most  Few 


None 


yL 


4.  Did  the  team  work  as: 
X  Single  group 

_  Subgroups 

_  Individuals 


5.  Did  the  team  develop  a  work  plan 
for  attacking  the  problem? 

Yes,  an  effective  plan 
K  Yes,  but  less  effective 
_  No 


Comments:  . 

U/t.rko.n( 

p  (?(ec-Viue  lv^  o > 

<-  Vr'>"  i  i)v,  \td 

Comments : 

AJck ^esi  <u(  -\c(pr' 

4~  no  Jot 


6,  Did  the  team  develop  adequate 
recommendations?  Yes  X  No__ 


Comments : 


7 . 


What  were  the  recommendations?  (Attach  the  team's  report.) 
Perform  rtfr- i*rj.  Con-™ei~  •ey/2'Z^-f 

Pa  S<<~ cvJ+  <****.  t yj>\ 

Additional  observations  by  facilitator: 


$  il 

j 


fe  r/n  c'J.  /  *  4  Jr-c’  i  -\<?J 


CK  A 


e  i  pc. 


7 


i  ^ 


(c\  f>'ob  te* 

isjcr  P-S  A  op. 
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FACILITATOR  REPORT 


FACILITATOR 


1.  Did  this  team  have  ef 
leadership?  Yes  V_ 


fective 

No 


Were  the  leaders: 
tX  Volunteers 

_  Selected  by  vote 

_  Appointed 


Did  the  team  members: 

Participate  in  problem  solving? 
Understand  gate/bridge  design? 
Understand  inspection/evaluation? 
Understand  fatigue/ fracture  concepts? 

Comments: 


Comments : 


Comments : 


All  MO£ 


Few  None 


'i/W' 

Zh1^- 


Did  the  team  work  as: 
y  Single  group 

_  Subgroups 

Individuals 


Did  the  team  develop  a  work  plan 
for  attacking  the  problem? 

_  Yes,  an  effective  plan 

_ Yes,  but  less  effective 

V  NO 


Comments : 


comments:  . 

iCZu2<'l<j*  Ur*’#  x 


Did  the  team  develop  adequate  Comments: 

recommendations?  Yes  V  No_ a ■•'lA-.dk  Tjt" 

What  were  tjies  recommendations?  (Attach  the  team's  report^!  - 


a.  Additional  observations  by  facilitator. 


J\t^OAA^y 

c )pnnjZ^  Jy^jf  k -4c/ 
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FACILITATOR  REPORT 


1052 


FACILITATOR 


TEAM 


(rtf  ft  $  4- 


1. 


2. 


3. 

a. 

b. 

c. 

d. 


4  . 


Did  this  team  have  effective 
leadership?  Yes  X  No _ 


Were  the  leaders: 

_  Volunteers 

'P<.  Selected  by  vote 
_  Appointed 


Comments : 

t ’juAev  h°lc 

S;>hCil-eA  i dJa  5  fW\u  tGau. 


Comments: 

hJo  vd/v.i  I  eess .  Jtidiv.  duA  / 

aaY  Si^Y5***  a  uu^ 


Did  the  team  members: 

Participate  in  problem  solving? 
Understand  gate/bridge  design? 
Understand  inspection/evaluation? 
Understand  fatigue/fracture  concepts? 


All 


Most  Few 

a< 

Tk 


None 


-fa  SOMU  dxoeo.  Ha*  h 

iD  .  l/tW  IcOa.  UUfti, 

M<ri  M*C  COACrct-e  Ae$ufr  satUe^ 

Did  the  team  Work  as:  Comments: 

V  Single  group 

_  Subgroups 

_ _ _  Individuals 


WV1IUIIC  1  I  1-0  • 

T^Lul  iOeisiuJC  OjII!  fijcli  i-Ct, 


Did  the  team  develop  a  work  plan 
for  attacking  the  problem? 

7^  Yes,  an  effective  plan 

_  Yes,  but  less  effective 

_  No 


Did  the  team  develop  adequate 
recommendations?  Yes  X.  No 


Comments : 

|  /l’j  f-&U>  llr&JJf  l-£-l \r  00 b 

&>(ubuv\ 

( /f**(  bo  (?g  "j^rOAA&i !‘  ^ 

Comments : 

4-  -file  ms!  loticvue-( 

~bh£  ' 50  lu  blf\\ 


/ 


what  were  the  recommendations?  (Attach  the  team's  report.) 


8  . 


Additional  observations  by  facilitator: 

V*t  k*ue  4 

&ohxhfY\,  Lob  0i  you** uxc  tUAbeol^ 

"4  -flous  -v*.  ^  Lu~i. 


pCa-o.  k 


UA 


hiw 
foo 
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TEAM  RECOMMENDATIONS  FOR  GATE  PROBLEM 


1.  SHORT  TERM  REPAIRS.  (Where  wore  than  one  team  made  a  similar 
_  recommendation,  the  numer  of  teams  is  shown  in  parenthesis  after 
that  recommendation.) 

Find  additional  cracks  using  dye  penetrant  inspection. 

Drill  holes  at  crack  tips  to  halt  crack  growth. 

Relieve  loads  on  the  gate  prior  to  weld  repairs. 

Increase  bracing  sizes  during  repairs. 

Weld  cover  plates  across  most  cracks.  (4) 

Use  qualified  welding  procedures.  (2) 

Install  strain  gages  to  monitor  gate.  (2) 

Repair  bouyancy  chambers  to  relieve  some  loads.  (2) 

Use  full  penetration  welds  to  repair  some  cracks,  (3) 

Check  new  welds  with  ultrasonic  testing. 


2.  BASIS  FOR  SHORT  TERM  REPAIRS. 

Crack  growth  rate  could  accellerate. 

There  is  danger  of  complete  failure  if  no  repairs  are  made. 
Ineffective  bouyancy  chamber  causes  higher  member  stresses. 
There  is  insufficient  time  for  an  adequate  study. 


3.  EVALUATION  OF  SHORT  TERM  REPAIR  RECOMMENDATIONS. 

Most  of  the  team  recommendations  are  very  good.  The  most 
important  of  these  are:  Drill  hoes  at  crack  tips,  weld  cover 
plates  across  cracks,  use  qualified  welding  procedures,  repair 
the  bouyancy  chambers.  However,  there  is  one  poor 
recommendation;  using  full  penetration  welds  to  repair  some 
cracks.  Obtaining  a  good  quality  full  penetration  weld  during 
field  repairs  is  nearly  impossible.  The  cracks  are  irregular, 
and  edge  preparation  would  be  difficult.  This  type  of  weld 
repair  can  also  result  in  very  high  residual  stresses  since  the 
gate  structure  restrains  the  weld  and  resists  shrinkage  during 
post-weld  cooling.  Such  welds  have  been  known  to  crack  even 
before  all  repairs  are  completed. 
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4.  LONG  TERM  RECOMMENDATIONS. 


Perform  non-destructive  testing  to  find  all  crack:..  (2) 
Add  gate  instrumentation  to  check  stresses. 

Perforin  a  finite  element  analysis.  (3) 

Study  the  mode  of  failure  at  the  cracks. 

Review  original  design  calculations. 

Design  a  new  gate  and  use  the  existing  gate  as  a  spare. 
Compare  costs  of  repairs  versus  a  new  gate.  (2) 

Evaluate  quality  of  existing  welds.  (2) 

Review  operations  procedures  for  the  gate. 

Conduct  interim  inspections  after  short  term  repairs. 

Add  corrosion  coatings  during  future  lock  closures. 


5.  BASIS  FOR  LONG  TERM  RECOMMENDATIONS. 

Short  term  repairs  are  not  adequate  as  a  permanent  solution. 

The  short  term  evaluation  was  not  adequate  to  identify  all 
causes  of  the  cracking. 

The  existing  design  is  obviously  inadequate. 


6.  EVALUATION  OF  LONG  TERM  RECOMMENDATIONS. 

Most  team  recommendations  are  appropriate.  Additional  work 
is  necessary  to  ensure  long  term  gate  adequacy  since  short  term 
repairs  did  not  correct  (or  even  identify)  all  of  the  original 
problems.  The  first  step  in  determining  an  adequate  solution  is 
to  understand  causes  of  the  cracking.  Studies  to  determine  the 
causes  should  include:  review  of  the  original  design,  review  of 
operational  history  and  procedures,  finite  element  analysis  to 
better  understand  stresses,  material  testing  (including  tests  for 
toughness  such  a  Charpy  V-notch  tests) ,  fatigue  and  fracture 
analysis . 

These  studies  may  indicate  whether  the  gate  is  repairable  to 
ensure  long  term  performance.  They  may  also  indicate  what  revi- 


sions  in  gate  design  are  necessary  during  rehabilitation  or 
during  design  of  a  new  gate.  The  choice  between  repair  or  re¬ 
placement  of  the  gate  should  be  based  on  a  comparison  of  life¬ 
cycle-costs.  Selection  of  the  repair  option  would  be  subject  to 
a  thorough  condition  survey  of  the  gate,  including  non¬ 
destructive  testing  to  detect  any  additional  cracks. 

For  the  real  gate  the  following  causes  of  cracking  were 
identified:  poor  detailing  of  joints  resulted  in  high  stress 

concentrations,  the  joint  details  were  poor  for  fatigue  life, 
fatigue  was  ignored  during  design,  the  steel  had  low  toughness, 
several  barge  impacts  overloaded  the  gate,  bouyancy  chamber  mal¬ 
functions  overloaded  the  gate,  certain  operating  conditions  were 
not  considered  during  design,  hand  calculations  used  for  original 
design  did  not  identify  all  stresses  predicted  by  finite  element 
analysis.  Due  to  the  age  and  condition  of  the  gate,  and  since 
some  of  the  above  causes  were  difficult  to  eliminate,  the  real 
gate  is  being  replaced  rather  than  repaired. 
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BRIDGE 


BRIDGE  TEAM  1  William  Wigner  -  Facilitator 


James  M.  Ryan 
Raymond  Veselka 
David  R.  Descoteaux 
Nathan  M.  Kathir 
Stacey  C.  Anastos 


CENP5-EN-DB-SD 

CESWD-ED-TS 

CENED-ED-DG 

CENCS-ED-D 

CENAD-EN-TS 


BRIDGE  TEAM  2  Tom  Mudd  -  Facilitator 


Anjana  K.  Chudgar 
Rick  Lambert 
Ted  Solano 
Peter  Rossbach 
Roland  Chong 
IDaviJ  J. 


CEORD-PE-TS 

CESAC-EN-DA 

CESWA-ED-TG 

CENAB-EN-D 

CEPOD-ED-DA 

CEm©-£D-DP 


BRIDGE  TEAM  3  Cameron  Chasten  -  Facilitator 


John  Burnworth 
C.  J.  Patel 
Kirti  S.  Joshi 
Carl  Mertz 
John  White 


CELKK-ED-DN 

CEORP-ED-DS 

CESAS-EN-DS 

CESWG-ED-DS 

CESPK-ED-A-JC 


BRIDGE  TEAM  4  Ray  Dewey  -  Facilitator 


Joe  Schmidt 
William  Wallace 
Jack  Granade 
Don  Bergner 
Terry  Cox 
Ken  Ning  Chin 


CENCD-PE-ED-TT 

CESWF-ED-DT 

CESAM-EN-DG 

CESPD-ED-TJ 

CELMV-ED-TS 

CENAN-EN-DR 
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BRIDGE  SCENARIO 


(1)  -Bridge  system  has  14  sinple-supported  twin  spans  for  eastbound  and 
westbound  traffic 

-Bridge  span:  113'-6"  c.c.  bearing 

-Bach  bridge  has  three  12  ft.  wide  traffic  lanes:  40  ft.  curb  to  curb 
miniiium 

-Each  bridge  has  six  K36  x  230  beams  at  8'-0"  spacing 

-Each  beam  has  two  welded  coverplates  at  the  bottom  flange.  Termination  of 
primary  ocrverplate  at  9'-3' '  from  bearing;  of  secondary  coverplate  at  18'-3" 
from  bearing.  There  is  also  a  coverplate  on  the  top  flange. 

-R.  C.  deck  7-1/4  in  deep  composite  with  steel  girders.  Bituminous  overlay  2 
in.  thick,  about  11-1/2  years  after  opening. 

-Concrete  strength;  4500  psi 
Steel:  A242  with  yield  point  of  42  ksi 

(2)  -About  13  years  after  opening  to  traffic,  a  crack  was  found  in  one  of  the 
spans  in  the  eastbound  bridge.  The  crack  was  discovered  during  inspection  of 
repainting  workmanship. 

-Crack  was  in  girder  No.  4,  at  the  west  end  of  primary  coverplate  through 
the  tension  flange  and  16  in.  into  the  web.  The  crack  originated  at  the  toe  of 
the  transverse  fillet  weld. 

-Girder  No.  5  also  was  found  to  have  fatigue  cracks  at  the  corresponding 
ocrverplate  end. 

-A  longitudinal  crack  was  found  along  the  flange-to-veb  junction  at  a 
diaphragm  connection  plate. 


jffGBTQEB 

NEED  TO  ASSESS  THE  SITUATION 

NEED  TO  DEVELOP  AN  INSPECTION  AND  REPAIR  PROCEDURE 
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CHMLiSCr  VORXSHO? 


3P.I5CE  ?*0Bi»S 


1.  Method  of  investigation  should  cover  Che  following  ere** 

a.  Cause  of  problem  (structural  detail  deficiency,  high  volume  of  traffic) 

b.  Type  of  field  inspection  for  cracks 

c.  Typo  of  analysis  for  fatigue  life  evaluation 

d.  Types  of  rspair  and  procedure 

e.  deals  for  decision  and  recommendations 

2.  Immediate  action  and  recots&andation 

a.  Can  two  lanes  handle  tha  traffic  volume  If  one  lane  Is  doted? 

b.  Posting  for  reduced  load? 

c.  How  long  will  it  take  to  repair  the  fractured  girder  (time  for  design  of 
connection,  fabrication  and  installation)? 

d.  tfhara  to  Inspect  and  how  to  inspect  (all  and*  of  coverplare*  *nd  all 
diaphragm  connection  plates?  Visual,  dye -pane tract,  or  other  procedure?) 

e.  Could  the  adjacent  girder  with  crack  suddenly  fracture  (material  toughness 
and  critical  crack  a  lie)? 

f.  Would  the  longitudinal  crack  cause  fracture  of  girder? 

g.  I*  the  repair  of  fracture  temporary  or  permanent? 

3.  long  term  action  and  recommendations 

a.  What  is  the  estimated  fatigue  life  of  th*  coverplate  ends? 

b.  Vast  procedure  or  method  to  determine  the  stresses  at  the  ends  of 
coverplates? 

c.  What  procedure  or  method  to  repair  relatively  large  cracks  (not  yet 
fractured)?  Small  cracks? 

d.  What  recommendations  for  evaluating  the  longitudinal  crack  at  diaphragm? 

e.  Hov  often  to  inspect?  Whet's  the  basis  for  decision? 

4-.  Attach  any  calculation 
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The  following  is  a  list  of  material  available  for  ycur  review  and  may  be  used 
for  the  structural  assessment: 


a.  Plan  view  of  bridge. 

b.  Section  cuts  of  bridge. 

c.  Photos  of  bridge. 

d.  Photos  of  cracks. 

e.  Inspection  report. 

f.  Design  ccnputations. 

g.  Specif ications . 

h.  Traffic  information. 

i.  AASHTO. 

j.  Others  may  be  available  upon  request. 
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CHALLENGE  WORKSHOP  REPORT 

1 

BRIDGE  PROBLEM,  TEAM  1 


la.  Can  the  bridge  be  open  to  traffic? 

VfS  -  JHtT  ~MO  .0  L!?x:‘  76'?^ 

Ttos  O&'S.  ~'J  e- '  cu  fz  Dave 


lb. 


2a. 


2b. 


2c. 


What  is  the  basis  far  this  decision? 

fknUFlL  -O ACS  iTnCCi.  '.'•>*?  iw  ;<vrc  .■  zOh^if  Op  C>aV- 

£V/Hu/‘  VS.U  it~£ics*?K  //',//.’  rr^T.^S  C-touoUlr  ;  ,,<al 

pH/voaT?-?  SyAv  *■  ; 

_€r*ftycr>  ft-n-Rf,  j  ' , 

what  investigaticn  and  repair  are  needed  iamediately?  r7At>  ty<.^ 

/50<?  Codt*  JS*>K‘c'ZZ?P,J  'TJ 

CHeCK  ft*  GtPCtr*  THAU  n*»<sex  /-'r£*-‘f'z  Jts/C-/. '  *C?1  /, 

SANA'S, 


— ioc  c 

’t'O’-jc -~r 


,  -  -c f  i. 


,P#'M  h oLSZffTPWZ  rvSiZo^.Tn  L~t*c: 
Within  two  (2)  weeks? 


~  t/W 


What  is  the  basis  for  this  decision? 
vi/ir A’Vbvr  fd  ^/ssa, . 


3b.  What  is  the  basis  for  this  decision? 
!t?JC77A£  <AScuQ  .OcVt-t',  ;'$  /-Zo^  J 


~ /ycr:  /jc—Ri-ty 


(Use  additional  sheets  if  needed.) 
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a 


^7  cJjuJL^^  3r n^=>  ^  £y>ei  $ 

j[j .  n  -to  <3JCt2e^*  /A<  oll6~lO'*-@ 


Or 


/]i)p  Crfoa'c  Jj> 

fcdfcr  S+'-t^c0^ 


P  J  $L'6  KS .'  £ 

CHMJ2NGE  WORKSOP  REPORT 


v  <?2/d/>  ^  ^  -4> 


<2/0  p-co  Ash ^  r 

> — 

la.  Can  the  bridge  be  open  to  traffic? 

C/oSe  'r->~>i di) le  la^yif  to  i+.>  A  C-*<xct:e.ci  Ldpo/t^S 

£/>W,V^  jb'rif+L  eg  ern&  Side  $  hrHcL^  e  . 

SeCimJ  C^e^tlA- - <>*«  kdjB-iSS 

lb.  Wiat  is  the  basis  far  this  decision?  -  n  n  s 

75M  J^JT ^a/ 2KTVT— /  ^  o*r««9«V  +> 

d^rt>~^(c  lo£jxsr^.  Qsya-ek  -Ao  oU^O-  ~tb  e.v~e<?<* dlioyu-  fffir 

^'cJt^v-^-  S^'ycm  aJ  Akx>J  ® 

2a.  What  investigation  and  repair  are  needed  immediately? 

ain  -  <xdJ  a/r\J  cod  Sov&p  f>l<n£e^s 

r,  d>i  kxHU  SiJc O  ejelo 

C-roe lc_,_  add* Irene  Q^J^ajp&jHiL^  cne  'H<jl  v-ffi4Si  4^3- *  Cx^ra^c^, 

2b.  within  two  (2)  weeks?  .  .  . 

UJ'fUnn  -puz>  ooe-e^s  cJU  -H^c  Q^rdehS 

l^ruJtJi  €  je/wop^jQ^ -e^A  f  \x>  'Tr^o ke  Suao.  7?o  ^yeo-eQ 


5 

r  /» 

2c.  What  is  the  basis  far  this  decision? 


j^see r  v_-y  c»-c  c  Gj^H- 


_>ci 


5.4- 


toe  cx-: 


4U«. 


o 


a> 


3** 


^b-x/o 


i<ceeule^ 


3a.  What  additional  work  needs  to  be  done  far  long  term  safety  and  maintenance? 

—  ft def  jyUeyje  C^ieSLpUd&O  qJ  C'r^te.H  S^'V^O  . 

—  OQ^va-. - O/Yvyvxj—cJlL  SpCC^'CCn  T^c.lO  CX/vv,^  Ct/V'T'.'-v-^Q. 

g.  y&ATua  - 

it  lis  the  basis  far  this  decision?  “7; 


3b.  What  is  the  basis  ftp:  this 

fe-jCCeeal  gc$  ^t-rG-oS 


£b,w-V  c<Jt  o-oJiiru/7  p(cu?e_/3 


(Use  additional  sheets  if  needed.) 


J 


w  A~  c"^1  ^  Crrtte  |C  —  jt/r\  Cfirr^fvc/zo 

'  ™  ■y^^rcl-Lr.'tr  r 


1  enn  5K<_to  <3^4?  c  / 

\ener.r  _ /  r<-.  (.,<rk: 


-  /2ry  ,cr>>h:  ?c 


Cl  C<  a  p  > 


rc:  • 
.  *Jt. 


?h  ~f£y~.(. 
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CHALLENGE  WORKSHOP  REPORT 

3 


BRIDGE  PROBLEM,  TEAM 


la. 


lb. 


2a. 


2c. 


3a. 

1- 


3b. 


Can  the  bridge  be  open  to  traffic? 

'iti,  vOtT^  UMiT^TlDr/S  fvUo^i- 

(P  ^'Ppub  ItrrJv  "To  ftp 

<P  ft*£rtU  LftAte  To  iA0Ukt>c?/2  Q?  ^  E£>w  <LC'  SfefD  To  ST 

Vto&t  is  the  basis  for  this  decision? 

(P  Rcbw’CU'  L\vtr  LoAd  4  LcADI^i  To  fj IT  TCf\*)SfFt 

Tt>  6\iLt>«:5 

Wiat  investigation  and  repair  are  needed  imsediately? 

(D  AeA'itr  Au  CxS'D^t  C^R\>eris  At  &crrvri  civefi.  jt 

6^2>s  At  00TT0H  ■ 

“TV  jitu:  ■^n; — w^a/J — 3»  -C,tn«i* — rFrofPH^Trs.'v  ■  &££teM  . 

Within  two  (2)  weeks? 

CD  TrtKg  Covfpjvi  . 

X><»Lt  h  trjLfc  TC  Hr*  >7  rzeCfaAT u>A  QVt tkj. 

p  l3t>urei>  SfTttt-  Ar  A-u  AfVrO/A  fuAWAt?  (S^Ccv'/^  UtAT 

g  ffpviPt  Wefc  SJU.cc-  AT.  c^t^fp  W£fts  >  LA* 

What  is  the  basis  for  this  decision?  3 

Tp  fATt^U  t?  /S')  cU  M  lA/ftfi  >v  <V 

ft-pmCrC-  t’FOjJii rM.  C/\ro£,-g  wft$  t>CcfE  PcP  $1  WelJW/v 

^3  llyO  ~v\,  /* 

What  additional  vrork  needs  to  be  done  for  long  term  safety  and  mairjtemnce? 

\<ix-p  jwj-  Ovvr(  Aj^cvi-  pVcpCd't''v^'.  ^vi  ~  Wfw  tj' 

AvvliA^XlCxJ^.  . 


5>~>iUv  ^ 

What  is  the  basis  for  this  decision? 


_jiw' 


IRj- 


-  <Pj>‘ 


To  CAM.  cCf  Jl  i^vvvXL  VOa£<LHvv.  ^--v  Ar.^C^j-  (J^  C  \ 

' 


‘3 


(Use  additiomi  sheets  if  needed.) 
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fa  ) 


. // 

_ ^  a^vrf  erf  _ 

_ derf^- >  sU„^  a  - . J»2_g^fc7L«-4^^  _ _ _ 


/’Z>^Tr,'<'1 


~  rfrfos  6*  £c*7CjC  £>  Jrf&rf 

erf  rfrf^*c#£. <zrf  ex^'i^r  _ 

V%rf£f  rfrfrfrf  rf  s<K.£c-&s^ 


_ —  £<rf_rfrf  rfrfzrfrf 


?  P^lttSs^Jl  oLCycSrf 
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£&}  cbn  Xy/P^Y  *" 


4: , 


&£■&<£■> 


'-4*e?.' 


-  ttufefe  /uh&izf'  /k&?  a?  cca~£Jd  <>*(  a^C-£- 

-  ■£/*  C^ti^c.  fyfe? J  eZ -ftzf 

d'&Z'fc&u  c4  a^€^<.  s4  cx^x^zA^s  s-*r  feAz^-c^ 

fydufijr  £ 

z}<44^je^4  Z^-cA  <2  /ufe, y  ' 

v 

~"  (-Ate  f?a^i4&cs 

~~  s2£-*£^ Z€^<KJZeZ< 

/?d^Zf$£<LS  t*-7? 

^  •*  OfefeL^C  /s,s  sV.  ,  ',  ,  /7?4^  fe  / 


4Z‘66e-m&*3&*t:c/  ^?cU^z/Z~<^S  <Z^r 

r-  q^Alay*  ^  ^4  ' 

t  A^^yfe^yfeK,  C2&-<zfes  /^&z4C4z?  zc/ 
<r-4fes-c<_  /zAAfecs  -■ 


fe?rS 


L-,,-  ■ 


sr^  ^  . 

-t ifer-^Z  SI  >' l.  C-/  fe/l  L  flc  C  S'  >  *2  c'  fee  Zlu  s~/  'fe'Lf  C^-fe S 

/  Ji/ 

Ls 

feLtzAe-wtZ'tce  i/'fei'tu:/  Syfefezc  fezta^ic^  sl<s~a 
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Challenge  Workshop 
Srldgo  Fatigue  Frobleo  Solution 


1.  *  Brldg*  has  six  or  aor*  girders  supporting  a  deck.  Fatigue  cracking  ar.d 

fracturing  of  one  girder  did  not  result  in  collapse  of  the  bridge,  because 
ocher  girder*  shared  the  duty  of  the  fractured  girder:  Redundancy. 

Therefore,  bridge  could  be  kept  open  to  traffic.  Conservatively,  the  lane 
directly  above  the  fractured  girder  vat  doted  so  as  to  reduce  direct  loads 
an  this  girdar  and  on  girder  no.  5,  which  vaa  found  to  have  e  crack. 

2.  •  Immediate  repair  of  cha  fractured  girder  was  necessary.  Repair  by  splicing 

the  bottom  flange  and  cha  vsb,  assuring,  s  field  splice  for  design  of  the 
Joint.  (If  veil  organized,  this  repair  could  ba  done  within  three  days  of 
discovery  of  fracture). 

a  It  vaa  Important  to  Inspect  the  entire  bridge  immediately  for  fractured 
girdar  or  girders  with  large  cracks  at  cha  ends  of  coverplates. 

•  A  more  thorough  inspection  of  these  details  should  bt  done  within  two 
weeks.  The  fracture  of  one  girder  end  crecking  of  the  neighboring  girdar 
auggeated  that  the  fatigue  life  of  ail  coverplate  ends  could  have  been 
exhausted,  or  close  eo  being  exhausted.  (The  fatigue  strength  of  welded, 
coverplates  is  designed  by  Category  £  or  E '  of  AASHTO  design 
specifications) . 

*  After  splicing  the  fractured  girder,  and  there  wee  no  other  fracture,  the 
closed  traffic  lane  could  be  open. 

*  If  desired.  the  fraccured  aurfece  of  the  failed  girder  could  ba  removed  for 
in  dapth  examination  in  laboratory. 

3.  ♦  Depending  on  the  results  of  Inspection  during  the  tvo  weeks  after  discovery 

of  fracture,  large  size  cracks  could  be  deactivated  by  splicing  the  flange. 
Many  cracks  were  detected,  from  very  small  (barely  visible)  to  quite  large 
(more  chan  halfway  across  Che  flange  width) .  Splicing  of  all  cracked 
locations  was  too  costly. 

*  Evaluation  of  fatigue  crack  growth  end  sudden  brittle  fracture  vas  needed. 
Examination  cf  aDTT  revealed  that  about  25  Billion  trucks  crossed  the 
bridge  in  the  thirteen  years.  This  generated  core  th.ar.  25  million  cycles 
of  stresses  and  pretty  much  exhausted  the  fatigue  Ufa  of  some  of  the 
coverplate  ends .  If  track  growth  ware  moderate  or  slow,  and  sudden 
fracture  vould  occur  only  when  a  crack  was  almost  through  the  entire  flange 
width,  Chen  large  cracks  could  be  spliced  as  they  develop. 

•  Continued  inspection  of  the  bridge  was  needed,  Seel -annual  inspection  to 
Eonitor  cracks  and  to  detect  new  cracks  wes  recooser.ded. 

♦  Nondestructive  inspection  for  sculler  cricks  end  trial  repair  by  peering  or 
r avoiding  of  velds  vert  also  recommended. 
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•  The  longitudinal  crack  ec  the  diep hreg=  connection  piece  we*  due  to  out-of- 
plane  di*pleceaent  of  the  web,  ceueed  by  the  diephrtga  eccion  end 
reletively  very  rigid  deck  end  cop  flenge.  Since  the  creek  wee  in  the 
direction  of  the  primary  bending  etree*  of  the  web,  thi*  bending  aerate  had 
little  effect  on  the  creek.  ka.the  creek  gre*  longer,  it  would  relieve  the 
conetreinc  to  cuc-of-pla~e  aoveaent  and  the  out-of- plane  bending  etrestet 
in  the  web  would  be  reduced.  Oheervetlor.  of  the  growth  of  thie  creek  wee 
recoaaended. 
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FACILITATOR  REPORT 


FACILITATOR 


I  O  f 

l/fitJtsfi.  TEAM  fyftrO  ' 


1.  Did  this  team  have  effective 


leadership? 


ave  eff 

VesJL 


Comments : 


2.  Were  the  leaders: 

X  Volunteers 

_  Selected  by  vote 

_  Appointed 


Comments : 


3.  Did  the  team  members: 

a.  Participate  in  problem  solving? 

b.  Understand  gate/bridge  design? 

c.  Understand  inspection/ evaluation? 

d.  Understand  fatigue/fracture  concepts! 


All  Most  Few  None 

-X-_  _ _ 


Comments:  fZgC&rm C/h ’vg' 

£tee.i°Oic 


Did  the  team  work  as: 
-X-  Single  group 

_  Subgroups 

_  Individuals 


Comments ; 


Did  the  team  develop  a  work  plan 
for  attacking  the  problem? 

•  Yes,  an  effective  plan 
X  Yes,  but  less  effective 
No 


6.  Did  the  team  develop  ^dpquate 
recommendations?  Yes  X  No_ 


Comments: 

Co>J(jfr>rp/tfg'  o>J  bzftOTUgf 
Uinc/H*  hyjTttd&S , 


Comments : 


?.  What  were  the  recommendations?  (Attach  the  team's  report.) 
3.  Additional  observations  by  facilitator: 

O^Oe^Srm'OA/Cr-  n(-  OG&Jtl&L'/  /h 

f£o6cgr\  ■ 
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FACILITATOR  REPORT 


FACILITATOR 


hAu  A  l 


Did  this  team  have  effective 
leadership?  Yes  No _ 


Comments: 


fere  the  leaders: 

V  volunteers 

_ _  Selected  by  vote 

_ _  Appointed 


Comments: 


3.  Did  the  team  members: 

a.  Participate  in  problem  solving? 

b.  Understand  gate/bridge  design? 

c.  Understand  inspection/ evaluation? 

d.  Understand  fatigue/fracture  concepts? 

Comments : 


All  Most  Few  None 


d  tl>e  team  work  2 
Single  group 

_  Subgroups 

Individuals 


Comments : 


Did  the  team  develop  a  work  plan 
for  attacking  the  problem? 

,Yes ,  an  effective  plan 
✓Yes,  but  less  effective 
_  No 


Comments: 


6.  Did  the  team  develop  adequate  Comments:  / .  .  ^ 

recommendations?  Yes  No _  C Pr0C~fj  / 

SfZMrfci  SCtxfL  tjfci, « 

7.  What  were  the  recommendations?  (Attach  the  team's  report . 

p(o(azJ>- — - 

6.  Additional  observations  by  facilitator: 

L&a.  {  d t  rj  yXo  ^  /Wt~  JU 

y  e  '-’ly  n.  <2-xJ-  ^ ,  lorw^— e.^. 

(ytj  ik(  p  r#  (<-  r  ■>  <  <rv  j  pn.o4  4-*^ 

J  -  ?.  f^r.1,.  X-  •  r*-v.4  //  /- 
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FACILITATOR  C^antro, 7 


FACILITATOR  REPORT 

Castro*  C-hosftn  _  TEAM  8/WJ??  TE***  5 


1. 


2. 


3. 

a. 

b. 

c. 

d. 


Did  this  team  have  effective 
leadership?  Yes _ Ho _ 

Here  the  leaders: 
v  Volunteers 

selected  by  vote 
_  Appointed 


Comments: 

o-h~r  /e^er(.U;p  , 

Comments: 

t>ttg  per  so?-,  drr,dqr  exP-c^.e 

is  t  ’  .v  7 
voivTc.cred  y  w,? 4  t 

Cfo forties .  JZec^^d.e ~- 
Yf'W  c.lf.0. 


<~‘£  $ 

All  Most  Few 

X _ 


None 


7 


Did  the  team  members: 

Participate  in  problem  solving? 

Understand  gate/bridge  design? 

Understand  inspection/evaluation?  _  _ 

Understand  fatigue/ fracture  concepts?  _ £ _ 

Comments:  /»*v  ret,  tty  t h>/£_  oi*>c< Y'  / 

3s~t<Up  or  7~hcy  <^td 

Did  the  team  work  as: 

Single  group 
Subgroups 
Individuals 


jComments : 

t  &<in  C.dr(e>if-JT  de-hw-rcly  7  a  .n  e 


5. 


6. 


What  were 


per  fro  *-t>s  fi/eyA 

&(it  eguo^ty  . 

Comments : 

7~hf  pU«  t>osic<U^p 
L>  y  ^  utesrf’ic'**tz 

r>\ick  ~t, spar*’  o.t  359 
I  C-y£  2  * 

Comments:  phe  ft*- > 
otedcd  cpot, ls  J'c*  *** -idjzscpQ  •*  ti  r 
pct’f’tfi Hf  ptoi  ItMJ.  <f  oLarfa.l^,  fl, 

Uvieti+ood,  i--irr&eS*-9Zd.  f. 

the  recommendations?  (Attach  the  team's  report.)  ^ue^a.. 


Did  the  team  develop  a  work  plan 
for  attacking  the  problem? 

_ _  Yes,  an  effective  plan 

_ £_  Yes,  but  less  effective 

No 


Did  the  team  develop  adequate 
recommendations?  Yes  K  No 


8. 


Additional  observations  by  facilitator: 
re-en  £*>■££!&&  / ~>s-f « ■  £ioo ^ f  g7  ov/tcs.^C 

p  U>ci>  J.moV5  Oe'OcfC. 
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FACILITATOR  S a 


FACILITATOR  REPORT 


Sr,  c/rt  *  4- 


1.  Did  this  team  have  effective 
leadership?  Yes  v  Ho _ 


Comments:  ,  1  , 

2  f  jy  o  ^  y  t.  T  ^  f*-  ' 

j  |  t  r,t.+-  ojt-  »-CJ 


Were  the  leaders: 
Volunteers 
%  Selected  by  vote 
_  Appointed 


nA,t  ,  U,  ,  k.  u-*~~ca.  . 

n  Comments/  “ 

1/  £  t  ^  ~  . 

' ,f— y«-«l  J  frV  *  ‘W*''e  . 

L  *\.5  jc£il  *f"k  <-***.  +>  „<  a  /  wA*  ^  lit  W  ^ 

o-  lezLtf*.*'. 


3.  Did  the  team  members:  All  Most  Few  None 

a.  Participate  in  problem  solving?  A  _  _ 

b.  Understand  gate/bridge  design? _ £ _ 

c.  Understand  inspection/ evaluation?  _  _  _ 

d.  Understand  fatigue/fracture  concepts?  _ * _ 

Comments:  .<  -A  T*  f  /f  <  ,  «  7  ^  f  V  A  f^)*-**  ■ 

i  y  A  /Ts‘W'T£p  —  i-t'**'  ^  l  be-*  ‘  ^  -A—''  ^  *-•  »•  F  -s  f 

Tb  .t-fykj.  fc  /iAsti  fr*  lAsio*  >•  ty*  ■  K.khlt.  I vcv'<j;t  e* 

4.  Did  the  team  work  as:  Comments 

X  Single  group 

_  Subgroups 

jr  Individuals 


Did  the  team  develop  a  work  plan 
for  attacking  the  problem? 

_ _  Yes,  an  effective  plan 

_  Yes,  but  less  effective 

Y  No 


6,  Did  the  team  develop  adequate 
recommendations?  Yes  K  No _ 


Comments: 
J.  fi-vrF.  v 


Comments : 


7.  What  were  the  recommendations?  (Attach  the  team's  report.) 


3.  Additional  observations  by  facilitator: 


t  ft  t~c  b 


J  f<un, .  r-'V  l*J  C-  5  a-  /Ir'ti'j-, 
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CHALLENGE  WORKSHOP  SUMMARY 
BRIDGE  PROBLEM 


DESCRIPTION  OF  THE  PROBLEM: 

The  problem  presented  to  the  bridge  teams,  as  with  the  gate 
problem,  was  based  on  an  actual  situation  although  names,  location 
and  other  references  were  omitted  in  the  event  anyone  was 
previously  familiar  with  the  problem.  Yellow  Mill  Pond  bridge  is 
part  of  the  Connecticut  Turnpike  and  carries  Interstate  95  over  the 
Yellow  Mill  channel.  It  consists  of  14  consecutive  simple  spans; 
traffic  flows  predominately  east  and  west  with  3  lanes  in  each 
direction  (see  Figures  1  through  3) .  In  order  to  accommodate 
shipping  clearances  in  the  channel  beneath,  cover  plated  W36 
sections  were  used  in  lieu  of  deeper  sections  as  the  primary 
girders  spanning  between  the  piers.  Double  cover  plates  were 
welded  on  the  tension  flanges  and  single  cover  plates  were  welded 
on  the  compression  flanges,  all  partial  length. 

The  bridge  was  opened  to  traffic  in  1958  and  was  repainted 
approximately  10  years  later.  In  1970,  during  inspection  of  the 
repainting,  a  crack  was  discovered  in  one  of  the  primary  girders  in 
the  eastbound  side  of  span  11  (see  Figure  4).  The  crack  began  at 
the  toe  of  the  weld  connecting  the  end  of  the  primary  cover  plate 
to  the  tension  flange  of  the  W36  member.  It  completely  penetrated 
the  tension  flange  and  extended  16  inches  into  the  web  of  the  36 
inch  deep  beam. 

The  bridge  teams  were  asked  to  evaluate  the  severity  of  the 
situation  as  to  whether  or  not  the  bridge  could  remain  open  to 
traffic.  They  were  also  asked  to  provide  recommendations  for 
repairs  and  investigations  that  were  required  immediately  and 
within  two  weeks  (short  term)  and  additional  work  that  would  be 
necessary  for  long  term  safety  and  maintenance  (long  term) .  The 
basis  for  all  of  these  decisions  were  also  requested.  As  an 
additional  item,  a  second  crack  was  included  into  the  scenario 
(this  second  crack  was  not  part  of  the  actual  problems  at  Yellow 
Mill  Pond  bridge  but  was  only  included  as  part  of  the  Challenge 
Workshop) .  The  second  crack  was  discovered  at  the  same  time  as  the 
first  in  a  diaphragm  between  two  girders.  Unlike  the  first  crack, 
this  one  was  a  longitudinal  crack  located  in  the  upper  half 
(compression  zone)  of  the  diaphragm. 


EXPERT  SOLUTION; 

The  welded  cover  plate  detail  used  at  Yellow  Mill  Pond  bridge 
was  a  category  E’  detail,  the  worst  fatigue  detail  as  classified  by 
AISC  and  AASHTO.  As  a  result,  the  allowable  stress  range  was  lower 
than  it  would  have  been  had  any  other  detail  been  used.  This 
coupled  with  a  large  volume  of  traffic  (approximately  30,000 
vehicles  daily,  12,000  of  which  are  trucks)  revealed  that  the 
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fatigue  life  of  the  detail  had  already  been  exceeded.  However, 
because  of  the  redundant  nature  of  the  multi -girder  span,  the  load 
was  able  to  shift  to  other  members.  This  explained  why 
catastrophic  collapse  did  not  occur  even  with  a  significant  loss  of 
the  tension  portion  of  the  girder. 

The  lane  above  the  cracked  girder  was  immediately  closed  to 
traffic.  Short  term  repairs  consisted  of  bolting  splice  plates  on 
the  top  and  bottom  of  the  tension  flange  of  the  cracked  section,  as 
shown  in  Figure  5 .  The  use  of  bolts  provides  a  more  fatigue 
resistant  detail  than  welds. 

The  fatigue  life  of  a  detail  is  determined  by  the  type 
(category)  of  detail  and  the  range  of  stress  that  the  detail 
experiences.  Realizing  that  the  fatigue  life  of  the  cracked  cover 
plate  detail  had  been  exceeded,  other  similar  details  were 
inspected  using  dye  penetrant  and  ultrasonic  testing.  Figure  6 
shows  a  crack  at  the  end  of  a  similar  cover  plate  that  was  detected 
by  dye  penetrant.  As  this  figure  shows,  these  cracks  are  difficult 
to  detect  with  the  naked  eye.  As  a  result,  they  are  often 
overlooked  in  the  early  stages  of  crack  growth.  Figure  7 
illustrates  the  two  stages  of  crack  growth  at  the  ends  of  welded 
cover  plates.  Crack  initiation  through  the  tension  flange  at  the 
end  of  cover  plates  (Stage  1)  consumes  approximately  95%  of  the 
fatigue  life  of  the  detail.  From  there,  the  crack  propagates 
quickly  into  the  web  (Stage  2}  during  the  remaining  5%  of  fatigue 
life.  As  an  illustration,  consider  a  cover  plated  detail  with  a 
fatigue  life  of  50  years.  For  the  first  47.5  years  (approximate), 
the  detail  will  appear  similar  to  the  one  shown  in  Figure  6  with  an 
almost  undetectable  (to  the  naked  eye)  hairline  crack  along  the  toe 
of  the  weld.  During  the  next  2.5  years  the  crack  will  propagate 
rapidly,  to  an  state  similar  to  what  is  shown  in  Figure  4. 

To  ensure  long  term  safety  an  annual  inspection  program  was 
initiated  to  monitor  crack  growth  at  other  cover  plated  sections. 
Repairs  to  cracked  members  using  bolted  cover  plates  were  made  as 
dictated  by  the  inspection  program. 

As  it  turned  out,  the  longitudinal  crack  found  in  the 
diaphragm  was  not  a  critical  problem  since  it  was  located  in  the 
compression  zone  and  the  crack  direction  was  parallel  to  the 
direction  of  stress.  The  structural  integrity  of  the  diaphragm  was 
not  affected  due  to  this  crack;  therefore,  it  did  not  require 
significant  treatment.  Holes  were  drilled  at  the  crack  tips  and 
the  crack  was  monitored  to  ensure  that  further  propagation  did  not 
occur . 

TEAM  ORGANIZATION: 

The  bridge  problem  presented  during  the  Challenge  Workshop 
required  the  participants  to  address  an  unfamiliar  emergency 
situation.  Unlike  the  gate  problem  where  experience  with  steel 
gates  was  prevalent  among  the  team  members,  bridge  design 
experience  among  the  bridge  teams  was  minimal. 

Team  leaders  stepped  forward  as  volunteers.  Leadership  was 
effective,  due  mostly  to  the  professional  attitude  taken  by  all 
members.  Even  though  bridge  experience  was  lacking,  the  team 
members  approached  the  problem  with  enthusiasm  and  worked  as  a 
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single  group. 


PROBLEM  SOLUTION; 

One  common  observation  was  noted  among  all  of-the  teams:  while 
most  of  the  members  understood  bridge  design  and  AASHTO 
specifications,  very  few  understood  inspection/evaluation  or  the 
concepts  behind  fatigue/ fracture.  As  a  result,  all  of  the  groups 
developed  a  plan  of  attack  to  solve  the  problem  that  was  less 
effective  than  it  could  have  been. 


TEAM  RECOMMENDATIONS? 

The  combined  recommendations  of  all  four  teams  provided  a 
solution  which  closely  matched  the  expert  solution.  Their  combined 
recommendations  are  as  follows: 

la.  Can  the  bridge  be  open  to  traffic?  All  of  the  teams  concluded 
that  the  bridge  could  remain  open,  with  some  restrictions.  These 
included  limiting  traffic  to  light  vehicles  only,  closing  the  lane 
above  the  cracked  girder,  or  a  combination  of  both. 

lb.  What  is  the  basis  for  this  decision?  Because  the  condition 
had  existed  for  some  time,  the  bridge  was  in  no  eminent  danger  of 
collapse  and  could  remain  open  to  traffic.  Closing  the  lane  was 
recommended  in  order  to  limit  the  load  on  the  cracked  girder. 

2a.  What  investigations  and  repair  are  needed  immediately?  All  of 
the  teams  recommended  immediate  repair  of  the  cracked  girder. 
Repair  details  varied  between  adding  flange  and  web  cover  plates, 
drilling  holes  to  limit  crack  propagation,  or  a  combination  of 
both.  Two  teams  specified  that  cover  plates  should  be  bolted  on  (a 
better  fatigue  connection  than  welding) . 

One  other  action  that  most  of  the  teams  recommended  was  an 
immediate  inspection  of  all  similar  beams  and  cover  plates.  While 
this  idea  showed  good  judgement,  the  logistics  and  effort  involved 
were  not  practical  in  a  short  time  frame.  This  item  would  be 
better  scheduled  within  the  next  two  weeks,  as  in  the  expert 
solution. 

2b.  Within  two  (2)  weeks?  Most  of  the  groups  suggested  that  a 
more  detailed  evaluation  of  the  integrity  of  the  bridge  be  made 
within  the  first  two  weeks.  Action  items  recommended  were  a  review 
of  the  plans,  specifications,  and  original  design,  consultation 
with  the  bridge  designer,  evaluation  of  the  inspection  results, 
some  non-destructive  testing  of  other  welds,  and  material  testing 
on  coupons  taken  from  the  cracked  girder. 

2c.  What  is  the  basis  for  this  decision?  Immediate  actions  were 
based  on  restoring  the  strength  capacity  to  the  cracked  girder  as 
quickly  as  possible  and  to  prevent  further  crack  propagation  which 
could  lead  to  catastrophic  coliapse.  These  actions  were  based  on 
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conservative  judgement  as  detailed  analyses,  which  would  dictate 
rehabilitative  actions,  could  not  be  performed  immediately. 

Actions  taken  during  the  initial  two  weeks  were  concentrated 
on  determining  the  cause  of  the  crack  through  material  testing  and 
analytical  methods  and  for  arriving  at  a  long  term  solution  based 
on  engineering  analysis. 

3a.  What  additional  work  needs  to  be  done  for  long  term  safety  and 
maintenance?  Based  on  the  results  of  the  detailed  analysis  made 
during  the  first  two  weeks,  the  effectiveness  of  the  emergency 
flange  and  web  splices  were  evaluated  and  long  term  repairs  (e.g. , 
replacement  of  entire  girder,  new  cover  plates,  etc.)  would  be 
made,  if  necessary.  Also,  an  annual  inspection  program  was 
initiated  to  inspect  the  repaired  girder  and  other  girders  with 
similar  details. 

3b.  What  is  the  basis  for  this  decision?  Most  teams  realized  that 
the  welded  cover  plate  was  a  fatigue  prone  detail  and  believed 
fatigue  to  be  the  cause.  If  so,  it  would  only  be  a  matter  of  time 
before  cracking  would  occur  at  other  cover  plates,  cracks,  due  to 
fatigue,  had  already  initiated  but  not  to  the  point  where  they 
could  be  detected  without  the  use  of  non-destructive  testing  (NDT) 
method*.  The  purpose  of  the  periodic  inspection  was  to  repair 
fatigue  prone  sections  before  cracks  propagated  enough  to  cause  an 
appreciable  loss  of  section. 


CONCLUSIONS: 

Consideration  to  the  effects  of  fatigue  are  often  overlooked 
during  the  design  and  detailing  of  connections,  while  the  cover 
plate  detail  used  at  Yellow  Mill  Pond  bridge  was  acceptable, 
another  type  could  have  been  selected  which  would  have  had  a  longer 
associated  fatigue  life. 

The  structural  engineers  which  took  part  in  the  Challenge 
Workshop  represented  a  good  cross  section  of  structural  engineering 
expertise  throughout  the  Corps.  Better  understanding  of  the 
concepts  of  fatigue,  the  principles  of  fracture  mechanics,  and  NDT 
procedures  are  required  by  corps  structural  engineers  in  order  to 
effectively  respond  to  emergency  situations  and  the  rehabilitation 
of  distressed  structures.  The  resourcefulness  and  professional 
approach  of  the  Corp's  structural  engineers  during  a  guick-response 
situation  was  evident  among  all  the  teams  during  the  Challenge 
Workshop.  The  bridge  workshop  was  not  altogether  meaningless  for 
the  Corps  of  Engineers;  the  Corps  owns  and  is  responsible  for  over 
200  bridges.  These  include  public,  project  related,  and  railroad 
bridges. 
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crack  at  weld  toe 


CRACK  GROWTH  AT  COVER  PLATE  WELDED  TO  FLANGE  CRACK  GROWTH  AT  COVER  PLATE  WELDED  TO  FLANGE 
STAGE  1:  PART  THROUGH  CRACK  STAGE  2:  THROUGH  CRACK 
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Quality  Facility  Data:  Cradle  to  Grave 


1  Black  &  Veatch. 


by 

Ronald  L.  Hollrah 1 


(Copy  of  paper  not  available) 
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U.S.  ARMY  CORPS  OF  ENGINEERS 
STRUCTURAL  ENGINEERING  CONFERENCE 

8  JULY  -  12  JULY  1991 

Ponte  Vedre  Beach,  Florida 


EVALUATION  SUMMARY 


EVALUATION 


NOT 

EXCELLENT  GOOD  FAIR  RATED 


How  do  you  rate  this 
conference  overall? 

How  did  you  like  the  format 
for  the  conference  sessions? 

How  do  you  rate  the  quality 
of  the  oral  presentations? 

How  do  you  rate  the  visual 

aids  used  for  these  presentations? 

How  do  you  rate  the  visual 
display/poster  sessions? 

How  do  you  rate  the  challenge 
Workshop? 

How  do  you  rate  the  Friday 
afternoon  training  session? 

How  do  you  rate  the 
conference  evening  activities? 
(Base  opinion  on  interest, 
usefulness,  organization) 

How  do  you  rate  the  spouse  and 
family  activities? 
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TOPICS  WHICH  WERE  THE  MOST  USEFUL 


17  FRACTURE  (STEEL/ CONCRETE) 

15  RETAINING  AND  FLOODWALL  DESIGN 
15  ANALYSIS/DESIGN  OF  STEEL  STRUCTURES 
13  SEISMIC  ANALYSIS  AND  DESIGN 
13  CHALLENGE  WORKSHOP 

10  NONLINEAR  INCREMENTAL  STRUCTURAL  ANALYSIS  (NISA) 
8  DESIGN  RESPONSIBILITY 
8  CW  AND  MP  LEADERSHIP  FORUM 
7  MAINTAINING  DESIGN  QUALITY 
6  ANALYSIS/DESIGN  OF  CONCRETE  STRUCTURES 
6  OPPORTUNITY  TO  SHARE  INFORMATION 
6  NEW  GUIDANCE  FOR  STRUCTURAL  ENGINEERING 
5  ANALYSIS/DESIGN  OF  MASONRY  STRUCTURES 
5  REHABILITATION  PRESENTATIONS 
5  GENERAL  SESSIONS 
4  STATE-OF-THE-ART  PROCEDURES 
3  QUALITY  FACILITY  DATA:  CRADLE  TO  GRAVE 
3  QUALITY  IN  CONSTRUCTED  PROJECT 
2  STRUCTURAL  RELIABILITY 
2  COFFERDAMS  &  CONSTRUCTION 
2  PANEL  SESSION 
2  HARDENED  STRUCTURES  SESSIONS 
1  VISUAL  DISPLAY  PRESENTATIONS 
1  CASE  PROGRAMS 

1  NON-DESTRUCTIVE  TESTING  METHODS 
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Civil  Works  Leadership  Forum 

12  July  1991 

Topics  discussed: 

LCPM/ Project  Managers  —  Concerns 

Fictitious  issues 

Where  the  money  is  to  be  spent 

A/E  problems 

LCPM  frustrations 

Cost  engineering  separated  from  engineering  (fragmentation) 

Create  win/win  positions 

Brokering 

Engineering  involvement  with  A/E 
Upward  reporting  requirements  of  LCPM 

Planning  is  not  pushing  for  approved  plan  prior  to  completing 
feasibility  report. 

Assumptions  and  risks  of  incomplete  design 
Roles  and  responsibilities 
Quality  vs  number  of  changes 
Coordinating  the  technical  side 
Proactive 

Common  goals  —  quality,  costs,  schedules 
ER  on  engineering  functions  and  when 
Scope  of  effort  early  on 
Project  management  for  supervisors 
Central  data  base 

Should  chief  of  project  management  be  a  PE  ? 

Design  team  approach 
Performance  descriptions 
Quality  indicators  for  PRB's 
Position  on  Engineer  of  Record 
Applicable  for  government  agencies 
Organizational  changes  required 
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List  of  Attendees  at  CW  Leadership  Forum 


Lucian  Guthrie 
Tom  Leicht 
Gordon  McClellan 
Brent  Trauger 
Byron  Foster 
Ray  Navidi 
Bill  Barnes 
Larry  Seals 
Dave  Spencer 
Joe  Hartman 
Mark  K.  McVay 
Stacey  C.  Anastos 
Victor  M.  Agostinelli 
Roland  J.  Dubuisson 
Carl  J.  Guggenheimer 
Thomas  J.  Mudd 
Wayne  Jones 
Don  Chambers 
Ed  Daugherty 
George  E.  Diewald 
Oscar  B.  Alcoreza 
Sidney  Kaufman 
Bruce  Riley 
Paul  Breeding 
Gerrett  Johnson 
Bob  Hollenbeck 
Ralph  Strom 
Lucian  J.  Mroczkiewicz 
William  A.  Wallace 
Joe  Schmidt 
Thomas  B.  Sully 
Bob  Kelley 
Tom  Ruf 
Tom  Quigley 
Arvis  Dennis 
Donald  L.  Bergner 
Jack  Granade 
Leo  Cain 
Bruce  Harris 
ErveJl  Staab 

Byron  McClellan 

Cliff  Ford 
John  B.  Woolwine 
Carl  Be* terton 
A.  J.  Papageorge 
Raymond  Veselka 
Paul  Senter 
Tom  Hassenboeler 
Richard  Atkinson 
Tom  Wright 


CECW-ED 

(202)272-8673 

CECW-ED 

(202)272-8677 

CEORN-ED 

(615)736-5023 

CESAJ-EN-DS 

(904)791-2468 

CESAD-EN-TS 

(404)331-6707 

CEORH-ED-D 

(304)529-5202 

CEORH-ED-DS 

(304)529-5217 

CEORD-PE-TS 

(513)684-3034 

CELMS-ED-DA 

(314)331-8220 

CESWD-ED-TS 

(214)767-2397 

CESWT-EC-DT 

(918)581-7225 

CENAD-EN-TS 

(201)264-71 18 

CELMV-ED-TS 

(601)634-5932 

CELMV-ED-T 

(601)634-5919 

CELMN-ED-DD 

(504)862-2643 

CEWES-IM-D 

(601)634-4383 

CEWES-IM-DS 

(601)634-3758 

CENPP-PE-DS 

((503)326-6903 

CENPP-PE-D 

(503)326-6408 

CESWA-ED-TG 

(505)766-1595 

CENCB-PE-SD 

(716)879-4241 

CELMN-ED-DT 

(901)544-3897 

CEORP-ED-DS 

(412)644-4065 

CENPA-EN-DB-ST 

(907)753-5755 

CENPS-EN-DB 

(206)764-3510 

CENPW-EN-PB-SD 

(509)522-6546 

CENPD-PE-TE 

(503)326-7385 

CENPD-PE-HD 

(503)326-3728 

CEWES-ED-DT 

(817)334-2305 

CENCD-PE-ED-TT 

(312)353-7672 

CENCS-ED-D-ES 

(612)220-0573 

CENCR-ED 

(309)788-6361 

CELMS-ED-DA 

(314)331-8228 

CELMS-ED-D 

(314)331-8299 

CELMK-ED-DS 

(601)631-5547 

CESPD-ED-TG 

(415)705-1458 

CESAM-FN-DG 

(205)694-3685 

CESAM-GN-DN 

(205)690-3482 

CEMRO-ED-D 

(402)221-4521 

CEMRD-EP-TS 

(402)221-7322 
FTS  352- 

CEORL-ED-D 

(502)582-5783 

FTS-798- 

CESPL-ED-DB 

(213)894-5530 

CEWAW-EN-DS 

(919)251-4694 

CEORD-PE-T 

(513)684-3021 

CESWL-ED-DS 

(501)324-5664 

CESWD-ED-TS 

(214)767-2357 

CEWES-IM-D 

(601)634-3506 

CELMN-ED-DC 

(504)862-2692 

CENCR-ED-DS 

(309)788-6361 

CEMRK-ED-DT 

(816)426-5172 
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Military  Programs  Structural  Chiefs  Meeting 


9  JULST  1991 
TENTATIVE  AGENDA 


SCHEDDLE 

TOPIC 

2££MEB 

0800 

- 

0815 

Welcome  and  Introductione 

C.  Gutberlet 

CEKP-E 

0815 

— 

0900 

Structural  QA/QCr  Engineer  of 
Record,  Responsibility  fo.r  Design 

P.  LaBoud 

CEHND 

0900 

0920 

Criteria  Document  Update  Program 
Overview  -  TMs,  CEGS,  3078,  CD 

ROM,  Standard  Drawings 

D.  Wilson 

CEHND 

0920 

- 

1020 

Masonry  Criteria  Status 

E.  Staab 

CEMRD 

TM,  CEGS,  QA/QC,  Details 

1020 

- 

1030 

Break 

1030 

1115 

Seismic  Criteria  Status 

TMs,  Codes,  Details 

809-10,  809-10-1,  809-10-2 

R.  Strom 

CENPD 

1115 

4““ 

1200 

Structural  Criteria  Status 

809-1,  809-2,  809-4,  809-5, 

809-6,  809-8 

s .  Wright 

CEHND 

1200 

- 

1300 

Lunch 

1300 

- 

1400 

Standing  Seam  Metal  Roof  and 

Metal  Building  Systems  Criteria 

L.  Seals 

CEORD 

1400 

- 

1415 

Break 

1415 

- 

1600 

Open  Discussion 

Panel 
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Revision  and  Update  of  the  Basic  Design  Manual  (BDM) 
“Seismic  Design  for  Buildings” 


by 

Ralph  W.  Strom,  PE1 


Abstract 

Recent  changes  have  been  made  to  the  seismic  design  provisions  of  the  various 
building  codes.  These  changes  affect  the  computation  of  “equivalent  static  forces" 
and  the  design  of  “lateral  force-resisting  systems."  Equivalent  static  forces  are 
used  in  seismic  design  to  approximate  the  inertial  effects  experienced  by  buildings 
during  an  earthquake.  It  is  uneconomical  to  design  a  building  to  remain  elastic 
during  a  major  earthquake.  Therefore,  the  equivalent  static  forces  are  “ scaled- 
down "  forces,  and  dependence  is  placed  on  the  lateral  force -resisting  systems  to 
dissipate  energy  in  the  inelastic  range.  The  recent  code  changes  are  being  incor¬ 
porated  into  the  Tri  Service  Manual,  TM5-809-I0  (Wiss  1990),  for  the  seismic 
design  of  buildings.  These  changes  are  the  subject  of  this  paper. 


Seismic  Design  Codes 

History 

Modem  seismic  design  codes  are  based  on 
an  “equivalent  static  force  method.”  This 
method  prescribes  a  lateral  force  of  a  given 
magnitude  and  distribution,  so  that  applica¬ 
tion  of  this  force  to  the  structure  approxi¬ 
mates  the  inertial  effects  experienced  by  the 
structure  during  ground  motions  representa¬ 
tive  of  the  design  earthquake.  The  code  de¬ 
sign  earthquake  for  buildings  is  one  that  has  a 
90-percent  probability  of  not  being  exceeded 
during  a  50-year  period.  The  magnitude  of 
the  lateral  force  is  determined  by  a  base  shear 
formula.  The  distribution  of  this  force  to  the 
various  floor  levels  and  roof  is  in  accordance 
with  a  base  shear  distribution  formula  which 
assigns  the  higher  story  forces  to  the  roof  and 
uppermost  floors.  The  base  shear  formula  has 
changed  appreciably  over  the  past  40  years. 


One  of  the  biggest  changes  occurred  in  1 976 
when  the  base  shear  nearly  doubled  for  build¬ 
ings  of  3  to  10  stories.  Although  in  appear¬ 
ance  the  new  base  shear  formula  differs 
remarkably  from  that  of  our  1982  Tri  Service 
Manual,  the  lateral  force  magnitude  and  distri¬ 
bution  is  practically  the  same.  The  lateral 
force  provisions  in  this  manual  for  the  “Seis¬ 
mic  Design  of  Buildings”,  commonly  referred 
to  as  the  Basic  Design  Manual  (BDM),  are 
based  on  the  “Recommended  Lateral  Force 
Requirements”  of  the  Seismology  Committee 
of  the  Structural  Engineers  of  California 
(SEAOC)  (Seismology  Committee  of  the 
Structural  Engineers  of  California  1988).  The 
Uniform  Building  Code  (UBC)  (International 
Conference  of  Building  Officials  1 988)  is 
also  based  on  SEAOC.  The  1982  BDM  and 
the  1979  UBC  were  based  on  the  1975  SEAOC. 

The  new  BDM  and  the  1988  UBC  are  based 
on  the  1988  SEAOC.  Many  of  the  new 
SEAOC  provisions  stem  from  the  Applied 
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Technology  Council’s  ATC  3-06  report,  “Ten¬ 
tative  Provisions  for  the  Development  of  Seis¬ 
mic  Regulations  for  Buildings”  (Applied 
Technology  Council  1978). 

Philosophy 

The  design  approach  for  load  combinations 
involving  earthquake  differs  from  that  for 
load  combinations  with  wind,  snow,  or  other 
live  loads.  The  seismic  code  provisions  allow 
structural  members  to  be  worked  beyond  their 
elastic  limits,  while  the  design  for  other  loads 
requires  that  structural  members  remain  elas¬ 
tic  with  a  prescribed  margin  of  safety  based 
on  either  the  yield  or  ultimate  strength  of  the 
materials  (Freeman  1979).  Although  the  de¬ 
sign  procedure  for  members  subject  to  earth¬ 
quake  load  combinations  is  similar  to  that  for 
members  subject  to  other  load  combinations, 
the  reason  it  is  similar  is  that  the  seismic 
forces  represented  by  the  base  shear  formula 
are  “scaled-down”  forces.  The  magnitude  of 
the  force  reduction  is  dependent  on  the  ability 
of  the  particular  lateral  force-resisting  sys¬ 
tems  to  perform  inelastically,  the  inherent 
toughness  of  the  materials  in  the  system,  and 
the  amount  of  damping  associated  with  inelas¬ 
tic  behavior.  The  scaling  factor  in  the  new 
code  is  the  response  modification  factor  Rw. 
The  subscript  “w”  indicates  the  seismic  force 
is  being  scaled  down  to  a  working  stress 
level,  and  the  design  should  proceed  as  if  this 
were  a  service  load  level  force.  The  scaling 
factor  in  previous  versions  of  the  base  shear 
formula  is  not  readily  apparent,  and  many  de¬ 
signers  failed  to  recognize  that  the  actual 
force  levels  experienced  by  a  structure  during 
a  major  earthquake  could  be  5  to  10  times 
greater  than  those  represented  by  the  base 
shear  formula.  The  seismic  design  philoso¬ 
phy  as  stated  in  the  ATC  3-06  report  (Applied 
Technology  Council  1978)  is  as  follows: 

“Life  safety  in  the  event  of  a  severe 
earthquake  is  the  paramount  consider¬ 
ation  in  the  design  of  buildings.  With 
this  in  mind,  it  is  intended  that  the 
provisions  and  principles  developed 
by  the  ATC-3  project  should  provide 


an  up-to-date  basis  for  development 
of  seismic  design  regulations  which 
should  enable  most  buildings  to: 

1.  Resist  minor  earthquakes  without 
damage. 

2.  Resist  moderate  earthquakes  with¬ 
out  significant  structural  damage, 
but  with  some  nonstructural  dam¬ 
age. 

3.  Resist  major  or  severe  earthquakes 
without  major  failure  of  the  struc¬ 
tural  framework  of  the  building  or 
its  component  members  and  equip¬ 
ment,  and  to  maintain  life  safety.  It 
is  also  recognized  that  for  certain 
critical  facilities,  particularly  those 
essential  to  the  public  safety  and 
well-being  in  case  of  emergency, 
criteria  should  be  available  to  the 
designer  which  will  permit  design 
of  a  facility  which  will  remain  oper¬ 
ational  during  and  after  an  earth¬ 
quake. 

It  is  recognized,  however,  that  be¬ 
cause  of  the  random  and  unpredict¬ 
able  nature  of  earthquake  motions  and 
the  uncertainties  concerning  ultimate 
strength  capacities  and  the  response 
of  buildings  to  earthquake  motions, 
the  seismic  design  requirements  can 
not  fully  ensure  that  there  will  be  no 
injury  or  loss  of  life.” 

Total  design  quality 

During  major  earthquakes,  buildings  can 
undergo  several  cycles  of  inelastic  response. 
Good  seismic  designs  limit  yielding  and  plas¬ 
tic  hinging  to  structural  regions  that  will  not 
trigger  a  collapse  mechanism.  Seismic  design 
is  much  more  than  designing  to  the  force 
level  prescribed  by  code.  Careful  thought  is 
required  to  ensure  attainment  of  total  design 
quality.  This  means  providing: 

•  The  best  possible  system  with  regularity 
in  stiffness  and  mass  distribution  to  avoid 
areas  of  stress  concentration. 
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•  Strong  connections  to  keep  the  lateral 
load  path  system  intact. 

•  Redundancy  to  prevent  collapse  of  the 
structure  due  to  collapse  of  a  single  com¬ 
ponent  of  the  lateral  force  system. 

•  Design  review,  materials  testing,  and  con¬ 
struction  inspection  to  ensure  the  in-place 
structure  can  perform  as  intended  during 
a  major  earthquake. 

Revisions  to  BDM,  general 

As  stated  previously,  code  type  revisions 
to  the  BDM  will  be  in  accordance  with  the 
1988  SEAOC.  Code  type  revisions  not  only 
involve  changes  in  the  lateral  force  provis¬ 
ions,  but  also  involve  changes  in  structural 
system  requirements  (Wiss  1990).  In  addi¬ 
tion,  code  requirements  for  some  structural 
systems  not  previously  covered  by  the  BDM 
are  provided.  These  include  eccentric  braced 
frames  and  seismicaUy  isolated  systems. 

Those  familiar  with  the  BDM  recognize  that 
this  manual  goes  beyond  code  requirements 
and  provides  such  useful  things  as: 

•  Background  information  on  the  develop¬ 
ment  of  the  “equivalent  static  force 
method”  from  the  principles  of  dynamics. 

•  Application  of  the  code  provisions  to 
building  design. 

•  Details,  properties,  and  capacities  of  vari¬ 
ous  diaphragm,  shear  wall,  braced  frame, 
and  moment  frame  systems. 

•  Seismic  protection  for  mechanical  electri¬ 
cal  systems. 

•  Seismic  protection  for  cladding,  partition 
walls,  and  other  architectural  features. 

•  Seismic  design  of  nonbuilding  structures. 

•  Design  examples. 

The  revised  manual  will  also  include  infor¬ 
mation  on  the  design  of  foundations  to  resist 
earthquake  lateral  forces.  Details  with  respect 
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to  BDM  changes  in  lateral  force  require¬ 
ments,  system  requirements,  and  quality  con¬ 
trol  provisions  are  covered  in  the  following 
paragraphs. 

Lateral  force  requirements 

The  lateral  force  applied  to  a  structure  to 
account  for  earthquake  effects  is  defined  by  a 
base  shear  formula.  As  stated  earlier,  this 
base  shear  represents  a  “scaled-down”  ver¬ 
sion  of  the  actual  seismic  inertial  force  ex¬ 
pected  during  the  design  earthquake  event. 
This  scaling  accounts  for  the  ability  of  the 
structure  to  dissipate  energy  in  the  inelastic 
range  (economic  consideration)  and  permits 
an  elastic  analysis  to  be  performed  at  service 
load  levels  compatible  with  that  used  for 
other  nonseismic  type  loads.  A  comparison 
between  the  base  shear  formulas  of  the  new 
BDM  and  the  1932  BDM  is  illustrated  in 
Table  1.  Both  the  new  and  old  base  shear  for¬ 
mulas  include  parameters  which  account  for: 

•  The  severity  of  seismic  ground  motions 
at  the  site  (Z  factor). 

•  The  dynamic  amplification  of  motion 
that  can  occur  within  the  structure  due  to 
the  vibration  characteristics  of  the  struc¬ 
ture  and  due  to  possible  site-structure  res¬ 
onance  (C  and  S  factors). 

•  The  different  life  safety  requirements  for 
various  occupancy  conditions  (I  factor). 

•  The  different  inherent  ductility  and  tough¬ 
ness  of  the  various  lateral  force-resisting 
systems  (K  and  Rw  factors). 

Although  individual  parameters  differ 
markedly  between  the  old  and  new  BDM,  the 
resulting  base  shear  for  each  particular  seis¬ 
mic  zone  has  not  changed  appreciably. 

Seismic  zones  and  Z  factors 

Seismic  zone  boundaries  have  undergone 
marked  changes  in  some  regions  of  the  USA. 
This  can  be  seen  by  comparing  the  old  seismic 
zone  (Figure  1)  with  the  new  map  (Figure  2). 
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Table  1 

Old  and  New  Provisions  Compared 

1982  BOM 

1991  BDM 

Base  Shear  Formula 

V  -  (ZICKS)W 

V  =  (ZIC/R.)W 

Seismic  Zone  Factor  -  Z 

z 

z 

ZoneO 

0.0 

0.0 

Zone  1 

0.188 

0.075 

Zone  2 

0.375 

- 

Zone  2A 

- 

0.150 

Zone  2S 

— 

0.200 

Zone  3 

0.750 

0.300 

Zone  4 

1.000 

0.400 

Importance  factor  - 1 

I 

1 

Essential  facilities 

1.500 

1.250 

High  risk  facilities 

1.250 

- 

Hazardous  facilities 

- 

1.250 

Special  occupancy 

- 

1.000 

Standard  occupancy 

1.000 

1.000 

Building  system  factor 

K 

R. 

Bearing  wall  -  concrete  &  CMU 

1.330 

6 

Building  frame  -  concrete  &  CMU 

1.000 

8 

Building  frame  -  steel  braced  fr. 

1.000 

8 

Special  moment  resisting  fr. 

C.S70 

12 

Ordinary  moment  resisting  fr. 

1.000 

6 

BuUding  period 

T 

T 

General 

0.05hyD’* 

W 

Frame 

0.10N 

- 

Building  period  coefficient 

C 

C 

Formula 

1/1 5T1" 

1.253/1” 

Maximum  value 

0.12 

2.75 

1 

(CSmax  =  0.14) 

Site  coefficient 

S 

S 

Function  of  T/Ts 

1.0  to  1.5 

Rock  or  dense  soil 

- 

1.0 

Over  200  ft  dense  soil 

- 

1.2 

Soft  day 

- 

1.5 

Over  40  ft  soft  day 

- 

2.0 

Maximum  base  shear 

Vmax 

Vmax 

1(1)(1>0.14W 

T  <  0.3  sec,  S  »  1.5 

= 

(0.4  x  1  x  2.75^ 

Building  Frame 

0.1 4W 

[ - 5 - f 

K  -  1.0,  R.  .  8,  1  *  1.0 

•* 

Zone  4,  Z  -  1.0  (z  ■  0,4) 

0.14W 
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Figure  1.  Seismic  zone  map  of  the  USA— 1982  BDM 
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The  old  zone  2  has  been  split  into  zones  2A 
and  2B,  with  zone  2A  occurring  in  the  mid- 
western  and  eastern  USA,  and  zone  2B  occur¬ 
ring  in  the  western  USA.  Some  western 
regions  that  were  zone  1  have  been  changed 
to  zone  2B  (see  Pacific  NW,  for  example).  Z 
values  have  also  changed.  The  new  Z  values 
represent  the  peak  ground  acceleration  (PGA) 
of  the  design  earthquake  for  each  seismic 
zone  represented  by  the  seismic  map. 

Dynamic  amplification  factor 

The  C  value  essentially  represents  a  nor¬ 
malized  acceleration  “design”  response  spec¬ 
tra  or  dynamic  amplification  factor  (DAF). 

C,  therefore,  is  dependent  on  the  fundamental 
period  of  vibration  of  the  structure  which  is  a 
function  of  the  mass  and  stiffness  of  the  struc¬ 
ture.  The  dynamic  amplification  factor  (C)  is 
also  a  function  of  the  site  conditions,  with 
largest  values  assigned  to  structures  founded 
on  soft  soils.  The  formula  for  determining 
the  fundamental  period  of  vibration  (T)  has 
changed.  In  addition,  the  1991  BDM  will 
have  an  additional  site  condition  factor  to  ac¬ 
count  for  sites  such  as  “Mexico  City”  which 
contain  more  than  40  ft  of  soft  clays.  A  com¬ 
parison  between  the  1982  BDM  and  the  1991 
BDM  with  respect  to  the  dynamic  amplifica¬ 
tion  factor  and  the  various  parameters  which 
are  part  of  the  DAF  is  shown  in  Table  1. 

importance  factor 

The  importance  factor  (I)  has  been  in¬ 
cluded  in  base  shear  formulas  to  require  a 
higher  design  force  level  for  structures  which 
house  essential  and  hazardous  facilities.  This 
is  an  indirect  way  of  keeping  these  facilities 
free  from  structural  damage  which  could  imp¬ 
air  their  ability  to  remain  operational  follow¬ 
ing  a  major  earthquake.  The  I  factor  for 
essential  buildings  in  the  1991  BDM  is  1.25 
(reduced  from  the  1.5  value  used  in  the  1982 
BDM).  The  SEAOC  commentary  explains 
the  I  value  changes  as  follows: 

“The  I  factor  for  essential  facilities 

has  been  reduced  from  1.5  to  1.25  and 


new  classifications  of  hazardous  facil¬ 
ities  and  special  occupancy  structures 
have  been  added.  The  reduction  in 
force  level  is  made  recognizing  that 
higher  force  levels  alone  do  not  neces¬ 
sarily  improve  seismic  performance. 
Experience  indicates  that  independent 
design  review,  and  appropriate  pro¬ 
gram  of  testing  and  inspection  and  in¬ 
volvement  of  the  structural  engineer 
in  the  construction  support  process 
will  result  in  a  higher  standard  of  per¬ 
formance.  Therefore,  the  I  factor  re¬ 
duction  to  1.25  coupled  with  these 
new  requirements  are  judged  to 
achieve  this  purpose  more  reliably 
and  economically.” 

Response  modification  factors 

The  base  shear  formula  in  the  BDM  in¬ 
cludes  a  response  modification  factor  (Rw). 
This  factor  appears  in  the  denominator  of  the 
base  shear  formula  and  serves  the  same  pur¬ 
pose  as  the  old  K  factor.  The  Rw  factor  repre¬ 
sents  the  ability  of  a  particular  lateral  force 
resisting  system  to  perform  inelastically  with¬ 
out  failure.  In  other  words,  it  is  a  measure  of 
such  things  as  ductility,  redundancy,  material 
toughness,  and  system  toughness.  The  higher 
Rw  values  are  assigned  to  those  structural  sys¬ 
tems  which  rate  high  in  these  characteristics. 
The  Rw  factor,  in  essence,  is  also  the  scaling 
factor  which  brings  the  seismic  force  ex¬ 
pected  during  the  design  earthquake  event 
down  to  a  service  load  or  “working”  stress 
level  of  design.  The  numerator  of  the  new 
base  shear  formula  represents  the  actual  maxi¬ 
mum  seismic  force  expected  during  the  de¬ 
sign  earthquake  event  assuming  the  structure 
remains  elastic.  The  total  base  shear,  as  calcu¬ 
lated  by  the  base  shear  formula,  represents  a 
“working  stress”  level  force.  Designing  for 
this  force  assumes  the  structure  will  utilize 
the  margin  of  safety  (working  stress  to  yield) 
and  inelastic  performance  (energy  dissipated 
beyond  yield)  to  resist  the  effects  of  the  de¬ 
sign  earthquake  event. 
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Building  system  requirements 

Lateral  force-resisting  systems  designed  by 
the  equivalent  lateral  force  method  must  per¬ 
form  in  the  inelastic  range  during  a  major 
earthquake.  The  code  requirements  for  build¬ 
ing  systems,  to  ensure  ductile  behavior,  de¬ 
pend  on  the  type  of  materials  used  (steel, 
concrete,  masonry,  etc.)  and  on  the  manner  by 
which  the  system  resists  seismic  inertial 
forces  (moment  frame,  braced  frame,  shear 
wall,  etc.).  The  specific  code  requirement  for 
each  building  system  will  not  be  presented 
here.  However,  the  general  ductility  require¬ 
ments  for  some  commonly  used  building  sys¬ 
tems  will  be  discussed  along  with  any  new 
code  provisions  related  to  those  systems.  The 
building  systems  most  commonly  used  for 
military  facilities  construction  are:  masonry 
shear  walls,  concrete  shear  walls,  steel  braced 
frames,  and  moment-resisting  frames. 

Masonry  shear  walls 

In  general,  unreinforced  masonry  has  per¬ 
formed  poorly  when  subject  to  strong  ground- 
motion  shaking.  The  failures  of  unreinforced 
masonry  has  resulted  in  injury  and  loss  of  life 
to  many  people  during  major  earthquakes.  To 
prevent  the  collapse  of  mascnry  structures  dur¬ 
ing  earthquakes  the  code  requires: 

•  Sufficient  reinforcement,  vertically  and 
horizontally,  to  provide  ductility. 

•  Large  factors  of  safety  to  minimize  the 
chance  of  rapid  cyclic  deterioration  and 
premature  brittle  failure. 

•  Diaphragm  flexibility  limits  to  prevent 
brittle  failures  due  to  out-of-plane  dis¬ 
placements. 

•  Strong  connections  to  prevent  the  separa¬ 
tion  of  diaphragms  and  shear  walls. 

Concrete  shear  walls 

The  code  requirements  for  concrete  shear 
walls  follow  the  same  rationale  used  for  masonry 
shear  walls.  In  addition,  the  code  requires  rein¬ 


forced  boundary  elements  whenever  the  com¬ 
pressive  stress  due  to  the  factored  code  force 
exceeds  20  percent  of  the  ultimate  compres¬ 
sive  stress  of  the  concrete.  A  boundary  ele¬ 
ment  is  similar  to  an  integral  column  element 
placed  at  the  edges  and  openings  of  shear 
walls,  with  proper  confinement  reinforcement 
to  prevent  concrete  spalling  during  high-inten- 
sity  load  reversals.  Concrete  spalling  leads  to 
a  loss  of  strength  and  stiffness  in  shear  walls 
which  can  ultimately  lead  to  collapse  of  the 
wall  during  a  major  earthquake. 

Steel  braced  frame  systems 

In  general,  it  is  the  intent  of  seismic  codes 
to  ensure  that  brittle-type  failures  of  systems 
or  components  do  not  occur.  Therefore,  in 
braced  frame  systems  the  code  requires  that 
connections  develop  the  strength  of  the  brac¬ 
ing  members  in  tension  or  develop  a  force 
equal  to  three  times  (actually  3Rw/8  times) 
the  force  determined  by  the  equivalent  static 
force  method.  This  ensures  that  a  brittle-type 
failure  of  a  connection,  which  could  seriously 
impair  the  strength  of  the  lateral  force-resist¬ 
ing  system,  does  not  occur.  Braced  frames 
are  designed  to  carry  both  tension  and  com¬ 
pression  or  to  carry  tension  only.  The  tension- 
only  system  however,  is  a  poor  energy 
dissipater.  In  addition,  large  displacements 
usually  occur  in  tension-only  systems  during 
major  earthquakes  and  this  often  leads  to  dam¬ 
age  of  building  cladding  and  to  damage  of 
other  nonstructural  and  structural  compo¬ 
nents.  The  SEAOC  and  UBC  as  well  as  the 
new  BDM  will  limit  the  slenderness  ratio  for 
braced  frames  in  seismic  zones  3  and  4.  This 
is  to  provide  tension-only  designed  members 
with  some  capabilities  to  carry  compressive 
loads  without  buckling.  There  are  however, 
exclusions  for  one-  and  two-story  buildings. 
These  exclusions  open  the  door  for  the  com¬ 
monly  used  strap-braced  stud  wall  systems 
and  for  rod-braced  systems.  These  particular 
systems  are  probably  all  right  for  buildings 
with  lightweight  cladding.  In  the  new  BDM, 
we  intend  to  provide  additional  restrictions  on 
the  use  of  strap  and  rod  bracing  to  ensure  this 
type  of  bracing  can  be  used  only  with 
light  weight  structures. 
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The  SEAOC,  UBC,  and  new  BDM  include 
design  provisions  for  eccentric  braced  frames. 
These  provisions  did  not  appear  in  previous 
codes.  The  eccentric  braced  frame  combines 
the  desirable  drift  control  features  of  a  concen¬ 
tric  braced  frame  system  with  the  desirable  duc¬ 
tile  behavior  of  a  moment  frame  system.  A 
properly  designed  eccentric  braced  frame  sys¬ 
tem  forces  yielding  to  occur  in  a  ductile  link 
beam  rather  than  by  buckling  of  a  brace.  Ec¬ 
centric  braced  frames  also  have  desirable  ar¬ 
chitectural  advantages,  meaning  the  eccentric 
arrangement  of  bracing  allows  more  space  for 
door  and  window  openings. 

Steel  moment  frame  systems 

There  have  been  many  significant  revi¬ 
sions  in  SEAOC  and  the  UBC  with  respect  to 
the  seismic  design  of  moment  resisting 
frames.  The  new  BDM  will  include  the  new 
provisions  and  information  on  how  these  pro¬ 
visions  are  to  be  applied  to  the  design  of  spe¬ 
cial  moment  resisting  frames  (SMRF)  and 
ordinary  moment  resisting  frames  (OMRF). 
The  intent  of  the  provisions  for  SMRF’s  is  to 
ensure: 

•  That  plastic  hinges  will  form  in  the  beams 
rather  than  the  columns. 

•  The  beam  column  joint  can  develop  the 
moment  capacity  of  the  beam  or  the  mo¬ 
ment  capacity  corresponding  to  the  devel¬ 
opment  of  the  panel  zone  shear  strength. 

The  provisions  for  OMRF’s  are  less  severe. 
However,  an  OMRF  must  be  designed  for  twice 
the  forces  of  the  SMRF’s  (Rw  =  6  rather  than 
12).  The  design  of  OMRF’s  are  similar  to 
AISC  designs  except  that  the  moment  connec¬ 
tions  must  be  capable  of  resisting  the  gravity 
loads  plus  3  Rw/8  times  the  seismic  forces. 

Quality  control  and  quality  assurance 

Many  of  the  structural  failures  that  occur 
during  earthquakes  can  be  blamed  on  poor 
quality  control  during  construction.  Special 
inspection  by  a  qualified  person,  independent 


of  the  contractor,  plays  an  important  role  in 
reducing  the  incidence  of  structural  failures 
during  major  earthquakes.  The  1988  SEAOC 
recognizes  this  and  requires  a  special  design 
and  construction  review  for  essential  facili¬ 
ties,  hazardous  facilities,  and  special  occu¬ 
pancy  facilities  that  are  located  in  seismic 
zones  2,  3,  and  4.  Special  occupancy  facili¬ 
ties  are  facilities  such  as  schools  and  day  care 
centers.  With  respect  to  the  aforementioned 
facilities  SEAOC  requires: 

•  Design  review  by  an  independent,  licensed 
structural  engineer. 

•  Specification  of  an  appropriate  testing 
and  inspection  program  by  the  structural 
engineer  of  record. 

•  Construction  observation  by  the  structural 
engineer  of  record  consisting  of: 

*  Review  of  testing  and  inspection  reports. 

*  Periodic  site  visits  to  observe  general 
compliance  with  the  structural  engi¬ 
neering  plans  and  specifications.  The 
new  BDM  will  include  provisions  on 
QA  and  QC  similar  to  those  of 
SEAOC.  These  provisions  will  be  in 
addition  to  those  now  used  for  the  de¬ 
sign  and  construction  of  military  facili¬ 
ties.  It  is  anticipated  the  new 
provisions  will  be  difficult  to  enforce 
because: 

a  The  facility  may  be  at  a  remote  site 
not  easily  accessible  to  the  Engi¬ 
neer  of  Record. 

a  Many  designs  are  shelved  and  not 
constructed  for  many  years  after 
the  initial  design  completion. 

These  new  QA-QC  provisions,  however, 
are  important,  and  we  intend  to  proceed  with 
the  necessary  guidance  and  contractual  re¬ 
quirements  to  ensure  that  all  seismic  resisting 
systems  and  other  architectural,  mechanical, 
and  electrical  systems  important  to  life  safety 
are  constructed  with  the  seismic  protection 
features  intended  by  the  Engineer  of  Record. 
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LIST  OF  ATTENDEES  -  BY  NAME 

AASEN,  KELLY 

CESPD-CO-EQ 

415/744-2809 

ABRAHAM,  KEVIN 

CEWES-IM-DS 

601/634-2969 

AGOSTINELLI,  VICTOR  M. 

CELMV-ED-TS 

601/634-5932 

ALCOREZA,  OSCAR 

CENCB-PE-SD 

716/879-4241 

ANASTOS,  STACEY  C. 

CENAD-EN-TS 

212-264-7118 

AROCKIASAMY,  M. 

FLORIDA  ATLANTIC  UNIV. 

ATCHLEY,  TAMARA 

CELMS-ED-DA 

314/331-8213 

ATKINS,  ALEXANDER  B. 

CENAO-EN-DS 

804/441-7705 

ATKINSON,  RICHARD  C. 

CENCR-ED-DS 

309/788-6361 

BARBER,  JOE 

CELMM-ED-DT 

901/544-3898 

BARNES,  WILLIAM  D. 

CEORH-ED-DS 

304/529-5217 

BAUMY,  WALTER  0. 

CELMN-ED-DD 

504/862-2656 

BAYERS,  JEFF 

CEORL-ED-D 

502/582-5784 

BERGNER,  DONALD  L. 

CESPD-ED-TG 

415/705-1458 

BETTERTON,  CARL 

CEORD-PE-T 

513/684-3012 

BEVINS,  TOMMY  L. 

CEWES-SS-A 

601/634-3457 

BEYKE,  DANIEL  E. 

CEORL-ED-D 

502/582-5783 

BIRCHER,  BYRON 

CEMRK-ED-D 

816/426-5666 

BOATMAN,  TODD  H. 

CEORN-ED-D 

615/736-5617 

BONURA,  DARRYL  C. 

CELMN-ED-DD 

504/862-2653 

BRADY,  PAMALEE  A. 

CECER-EM 

217/373-7247 

BRAND,  BRUCE 

CENCS-ED-D-EC 

612/220-0578 

BREEDING,  PAUL  D. 

CENPA-EN-DB-ST 

907/753-5755 

BURNWORTH,  JOHN 

CELMK-ED-DN 

601/631-5553 

CAIN,  LEO  J. 

CESAM-EN-DN 

205/690-3482 

CARTER,  DON 

CESAJ-EN-D 

904/791-2471 

CHALEKI,  MARK 

CENAP-EN-DC 

215/597-4424 

CHAMBERS,  DONALD  R. 

CENPF-PE-Ds 

503/326-6903 

CHASTEN,  CAMERON 

CEWES-IM-DS 

601/634-3192 

CHEN,  DANIEL  T. 

CEMP-ET 

202/504-4912 

CHIARITO,  VINCENT  P. 

CEWES-SS-R 

601/634-  2714 

CHIN,  KEN  NING 

CENAN-EN-DR 

212/264-9065 

CHONG,  ROLAND 

CEPOD-ED-DA 

808/438-7039 

CHUDGAR,  ANJANA  K. 

CEORD-PE-TS 

513/684-6261 

CLARKSON,  JOHN  D. 

CEORH-ED-DS 

304/529-5332 

COHEN,  GERALD  L. 

CENCS-ED-D 

612/220-05-67 

CONSTANTS  GUSTAVO  R. 

CENCC-ED-DS 

312/353-8465 

COOK,  DON 

CESAJ-EN-DS 

904/791-2051 
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COUCH,  JEFFERY 

CESAJ-EN-DS 

904/791-2278 

COX,  TERRY 

CELMV-ED-TS 

601/636-6766 

CREMEANS,  RODNEY  G. 

CEORH-ED-DS 

304/529-5494 

DABNY,  LYNN 

INTERGRAPH 

205/730-2000 

DALLRIVA,  FRANK  D. 

CEWES-SS-R 

601/634-2758 

DALTON,  LARRY 

CEORL-ED-G 

502/582-5137 

DAUGHERTY,  WILLIAM  E. 

CENPP-PE-D 

503/326-6408 

DECKER,  RAY  C. 

CEMRD-EP-TS 

402/221-7259 

DEEMIE,  JEFFERY  L. 

CERF 

202/842-0555 

DENNIS,  ARVIS  R. 

CELMK-ED-DS 

601/631-5547 

DESCOTEAUX,  DAVID  R. 

CENED-ED-DG 

617/647-8586 

DEWEY,  RAYMOND  R. 

CENPP-PE-DS 

503/326-6907 

DIEWALD,  GEORGE  E. 

CESWA-ED-TG 

505/766-1595 

DINKLA,  VICKI 

CESAJ-EN 

904/791-2252 

DOLLAR,  DAVID  A. 

USBR 

303/236-4005 

DOVE  RICHARD  C. 

CEWES-SS-E 

601/634-2883 

DRESSLER,  DONALD  R. 

CECW-ED 

202/272-0220 

DUBUISSON,  ROLAND  J. 

CELMV-ED-T 

601/634-5919 

DUNN,  JOHN 

CESPK-ED-A 

916/551-2012 

EBELING,  ROBERT  M. 

CEWES-IM-DI 

601/634-3458 

ETZEL,  F.  JOHN 

CENPP-PE-DS 

503/326-6908 

FARSOUN,  ADIB 

CEHND-ED-CS 

205/955-541 0 

FEHL,  BARRY 

CEI24S-ED-DA 

314/331-8229 

FELDER,  BOBBY  B. 

CESAM-EN-D 

205/690-3481 

FERGUSON,  THOMAS  L. 

CENCE-ED-D 

313/226-6783 

FORD,  CLIFFORD  W. 

CESPL-ED-DB 

213/894-5530 

FOSTER,  BYRON  J. 

CESAD-EN-TS 

404/331-6707 

FOSTER,  JERRY  L. 

FERC-OHL-D2SI 

202/219-2741 

FROSS,  JACK 

CESAJ-EN-DS 

904/791-2408 

FRY,  ERIC  J. 

CEORL-ED-D 

502/582-5784 

GAMBILL,  JAMES  B. 

CEC2R-EME 

217/373-6760 

GANADEN,  MORRIS 

CEMRK-ED-DT 

816/426-5555 

GARLAND,  JAMES 

CESAJ-EN 

904/642-0708 

GAUBE,  WILLIAM 

CEMRO-ED 

402/221-4521 

GEORGE,  DONNA 

CESAJ-EN-DS 

904/791-1189 

GIBSON,  GEORGE  A. 

CECW-ED 

202/272-8670 

GIROIR,  GERRY 

CELMN-ED-DG-G 

504/862-2701 

GITTINGS,  HOLLY 

CEORL-ED-D 

502/582-5783 

GLATT,  CHRIS 

CEMRK-ED-DT 

816/426-3235 

GONZALEZ,  MARTIN 

CESAJ-EN-DS 

907/791-2408 
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GRANADE,  JACKSON  C. 

CESAM-EN-DG 

205/694-3686 

GRAY,  GARY 

INTERGRAPH 

703/264-5710 

GRIBAR,  JOHN  C. 

CEORP-ED-D 

412/644-6821 

GRIGGS,  KENNETH  W. 

CESAD-EN 

404/331-6695 

GRIMES,  KATHRYN 

CEORN-ED-D 

615/736-7231 

GRUNDSTROM,  JOHN  R. 

CENCE-ED-D 

313/226-6786 

GUGGENHEIMER,  CARL  R. 

CELMN-ED-DD 

504/862-2643 

GUNNELS,  JAMES  E. 

CEORN-ED-D 

615/736-5617 

GUTBERLET,  CHARLES  H. 

CEMP-ET 

202/504-4802 

GUTHRIE,  LUCIAN  G. 

CECW-ED 

202/272-8673 

HAGER,  JOHN 

CESAS-EN-DS 

912/944-5570 

HALE,  MATT 

CEWES-IM-DA 

601/634-3509 

HALL,  ROBERT  L. 

CEWES-SS-A 

601/634-2567 

HANNAN,  CHRISTY 

CESAW-EN-DS 

919/251-4612 

HARRIS,  BRUCE  N. 

CEMRO-ED-D 

402/221-4521 

HARTMAN,  JOSEPH  P. 

CESWD-ED-TS 

214/767-2397 

HASSENBOELER,  THOMAS 

CELMN-ED-DG 

504/862-2692 

HAWKINS,  JIM 

CESAJ-EN-DS 

904/791-3298 

HAYES,  JOHN  R. 

CECER-EME 

217/373-7248 

HEARY,  THOMAS  E. 

CENAP-EN-DC 

215/597-4857 

HECKER,  ED 

CESPD-CO-EQ 

415/744-2809 

HILL,  STEVEN  R. 

CEHRO-ED-DE 

402/221-4439 

HOEY,  JEANINE 

CEORP-ED-DS 

412/644-4335 

HOLLENBECK,  BOB 

CENPW-EN-DB-ST 

509/522-6546 

HOLLRAH,  RONALD 

BLACK  &  VEATCH 

HOLMES,  RANDY 

CEWES-SS-E 

601/634-3838 

HORRI,  GINA 

CESAJ-EN-DS 

904/791-3299 

HSU,  YOUNG 

CELMM-ED-DT 

901/544-3897 

IRWIN,  WILLIAM 

USDA/SCS 

215/499-3941 

JAEGER,  JOHN 

CESAJ-EN-DS 

904/791-2206 

JASHINHANI,  GURI 

CENCE-ED-D 

JOERS,  FRED 

CENCR-ED-DS 

309/788-6361 

JOHNSON,  CARL  H. 

CENCR-ED-DS 

309/788-6361 

JOHNSON,  FRANK  N. 

CELMV-ED-TS 

601/634-5935 

JOHNSON,  GERRETT 

CENPS-EN-DB 

206/764-3510 

JOHNSON,  WAYNE  G. 

CEWES-SS-E 

601/634-3507 

JONES,  WAYNE 

CEWES-IM-DS 

601/634-3758 

JOSHI,  KIRTI  S. 

CESAS-EN-DS 

912/944-5568 

KAO,  ANTHONY  M. 

CECER-EM 

217/398-5486 

KATHIR,  NATHAN  M. 

CENCS-ED-D 

612/220-0569 
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KAUFMAN,  SIDNEY  I. 

CELMM-ED-DT 

901/544-3897 

KEATHLEY,  MICHAEL 

CEORH-ED-DS 

304/529-5494 

KEITH,  JOE  M. 

CEORL-ED-D 

502/582-6007 

KELLEY,  ROBERT  W. 

CENCR-ED 

309/788-6361 

KELLY,  AARON 

CESAJ-EN-DS 

904/791-2260 

KELSEY,  ROBERT  D. 

CELMS-ED-DA 

314/331-8232 

KENNON,  HERBERT 

CECW-ZB 

KING,  DONZIA 

CEWES-IM-DS 

601/634-2574 

KNIGHT,  TIMOTHY 

CEMRO-ED-SH 

402/221-3176 

KNOCK,  ALLAN 

CEMP-ET 

202/272-1436 

KNUDSTON,  DANA  M. 

CENPW-EN-DB-ST 

509/522-6560 

KORHONEN,  CHARLES  J. 

CECRL-EC 

603/646-4438 

KUTCH,  WAYNE 

CENPS-EN-DB-SD 

206/764-3791 

LAHOUD,  PAUL 

CEHND-EN-CS 

205/955-5410 

LAMBERT,  GARY 

INTERGRAPH 

205/730-2000 

LAMBERT,  RICHARD  D. 

CESAC-EN-DA 

803/742-4237 

LEGGETT,  MARY  ANN 

CEMS-IM-DS 

601/634-2724 

LEICHT,  THOMAS  J. 

CECW-ED 

202/272-0220 

LENHARDT,  GENE 

CENCB-ED-TC 

716/879-4167 

LOCKETT,  LESLIE  E. 

CEORN-ED-D 

615/736-5024 

LOCKHART,  GEORGE 

CESAJ-EN-D 

904/791-2472 

LOGSDON,  DONALD  L. 

CENCR-ED-D 

309/788-6361 

LUCIANO,  PEDRO  J. 

CEORH-ED-DS 

304/529-5332 

LUNDBERG,  DENNY 

CENCR-ED-DM 

309/788-6361 

MALSON,  BRUCE 

CESAJ-DE 

904/791-2241 

MANGOLD,  JIM 

CESAJ-EN-DS 

904/791-1216 

MARSALONE,  DANIEL 

CELMN-ED-D 

504/862-2760 

MARTIN,  ERIC  C. 

CEMRO-ED-DE 

402/221-4445 

MASKIL,  RICHARD 

CEMRD-EP-TS 

402/221-7320 

MAURSETH,  JEROME 

CENPP-PE-DS 

503/326-6568 

MCCLELLAN,  BYRON  K. 

CEORL-ED-D 

502/582-5783 

MCCLELLAN,  GORDON  J. 

CEORN-ED-D 

615/736-5023 

MCCOWAN,  JOANN 

CESPL-ED-DG 

213/894-0935 

MCCOY,  JAMES 

CEORL-ED-MQ 

502/582-6049 

MCCRACKEN,  BRUCE  H. 

CENPP-PE-DS 

503/326-6904 

MCDONALD,  WILLIE 

CEWES-SC-CE 

601/634-4044 

MCKAY,  DAVID  T. 

CECER-EM 

217/398-5487 

MCMANUS,  CHUCK 

CESAJ-EN-DS 

904/791-2412 

MCPHERSON,  JOHN 

CECW-ED 

202/272-0220 

MCVAY,  MARK  K. 

CESWT-EC-DT 

918/581-7225 

MERRILL,  CHRIS 

CEWES-IM-DI 

601/634-3588 

MERTZ,  CARL 

CESWG-ED-DS 

409/766-6386 

MIDDLETON,  EDWARD 

CESAJ-EN 

904/791-2251 

MILLER,  DONALD  F. 

CEMRD-F.D-DF 

402/221-4440 

MILLS,  JAMES  A. 

CELMS-ED-DA 

314/331-8233 

MITCHELL,  STEPHEN 

KNIGHT  &  ASSOC. 

MITSCHER,  KURT  A. 

CEMRK-ED-DT 

816/426-5609 

MOSHER,  REED 

CEWES-IM-DS 

601/634-3956 

MROCZKIEWICZ,  LUCIEN  J. 

CENPD-PE-HD 

503/326-3428 

MUDD,  THOMAS  J. 

CEWES  IM-D 

601/634-4383 

NAVIDI,  RAY 

CEORH-ED-D 

304/529-5202 

NELSON,  MARK  H. 

CESAC-EN 

803/724-4136 

NICKELL,  JOHN 

CESPK-ED-D 

916/551-2077 

NOYES,  PAUL 

CENPS-EN-DB-SD 

206/764-3791 

NUSS,  LARRY  K. 

USBR 

303/236-4009 

ORTIZ,  LUCIA 

CESWA-ED-TG 

505/766-1594 

PACE,  MICHAEL  E. 

CEWES-IM-DS 

601/634-2528 

PAPAGEORGE,  A.  J. 

CESWL-ED-DS 

501/324-5664 

PAPRITAN,  JAMES 

OHIO  STATE  UNIV. 

PATEL,  C.  J. 

CEORP-ED-DS 

412/644-6820 

PENDRELL,  DOUGLAS  J. 

CENAN-PR-G 

201/656-4132 

PETERSEN,  HELEN 

CEMRK-ED-DT 

816/426-5551 

PLACHTA,  JAN  S. 

CENCD-PE-ED-TT 

312-353-1650 

POEPPELMAN,  RICK  L. 

CESPK-ED-A 

916/551-2084 

PRICE,  WILLIAM  A. 

CEWES-IM-D 

601/634-3645 

QUIGLEY,  THOMAS  J. 

CELMS-ED-D 

314/331-8299 

RAISANEN,  DAVID  C. 

CENPD-PE-HD 

503/326-4916 

RATTERMAN,  DAVID 

GOLDBERG  &  SIMPSON 

RICH,  JAMES 

INTERGRAPH 

205/730-8793 

RIFE,  VERONICA 

CEORL-ED-D 

502/582-5784 

RILEY,  BRUCE  C. 

CEORP-ED-DS 

412/644-4065 

ROBINSON,  STEVEN 

CESAJ-EN-DS 

904/791-2553 

ROBINSON,  WILLIAM 

CESAJ-EN-DS 

904/249-5046 

ROPER,  WILLIAM 

CERD-C 

202/272-0257 

ROSENTHAL,  ROBERTA  P. 

CELMK-ED-DN 

601/631-5574 

ROSS,  ROCHELLE 

CELMS-ED-DA 

314/331-8216 

ROSSBACH,  PETER  J. 

CENAB-EN-D 

301/962-4550 

ROSSMILLER,  DALE  R. 

CENCR-ED-D 

309/788-6361 

RUF,  THOMAS 

CELMS-ED-DA 

314/331-8228 

RUTHERFORD,  THOMAS 

HQUSACE 

703/756-5643 
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SAHAWNEH,  MONTHER  N. 

CESAM-EN-DN 

205/690-2747 

SAMPSON,  ERIC  G. 

CENCC-ED 

312/353-8465 

SANDERS,  WALTER  CLAY 

CESAJ-EN 

904/791-2253 

SANTANA,  TONY 

CESAJ-IM-SG 

904/791-2840 

SAOUMA,  VICTOR 

UNIV  OF  COLORADO 

SARRACINO,  MARIO 

CESWA-ED-TG 

505/766-5912 

SCHMID,  FRANK 

CEHSQ-F 

203/355-3545 

SCHMIDT,  JOE 

CENCD-PE-ED-TT 

312/353-7672 

SCHULZ,  ALAN  D. 

CEI24N-ED-DD 

504/862-2652 

SEALS,  JANES  LARRY 

CEORD-PE-TS 

513/684-3034 

SEDEY,  JEFF 

CENPP-PE-DS 

503/326-6907 

SEGARS,  BEVERLY 

CESAJ-EN- D 

904/791-2473 

SENTER,  PAUL  K. 

CEWES-IM-A 

601/634-3506 

SERENA,  JOSEPH 

CEHND-ED-CS 

205/955-5410 

SHAK,  ARTHUR  T.  S. 

CEPOD-ED-TS 

808/438-9552 

SHANKS,  RICHARD  A. 

CEMRK-ED-DT 

816/426-5551 

SHIVER,  DAVID 

CESAJ-EN-DS 

904/791-2207 

SINGH,  HARI  N. 

CENCD-PE-ED-TT 

312/353-6359 

SMITH,  DAVID  J. 

CEMRO-ED-DF 

402/221-4431 

SMITH,  STEPHEN 

GOLDBERG  &  SIMPSON 

SNOWBERGER.  RALPH  B. 

CEORL-ED-D 

502/582-5783 

SOLANO,  TED 

CESWA-ED-TG 

505/766-1596 

SOVAR,  RICHARD  R. 

CELMS-ED-DA 

314/331-8235 

SPENCER,  DAVID  W. 

CELMS-ED-DA 

314/331-8220 

STAAB,  ERVELL  A. 

CEMRD-EP-TS 

402/221-7322 

STEWART,  HENRY 

CENCD-PE-ED 

STROBACH,  WILLIAM  F. 

CEMRK-ED-DT 

816/426-5555 

STROM,  RALPH 

CENPD-PE-TE 

503/326-7385 

STROUP,  PAUL 

CESAJ-EN-DS 

904/791-3296 

SULLY,  THOMAS  B. 

CENCS-ED-D-ES 

612/220-0573 

TAN,  PAUL 

CECW-ED 

203/355-3545 

TANG,  JOHN 

CESPK-ED-A 

916/551-2011 

TANNER,  JANA 

CESAJ-EN-DS 

904/791-3903 

TANOUYE,  JAMES 

CESPD-ED-TG 

415/705-1459 

TAYLOR,  ROBERT  E. 

CEORH-ED-DS 

304/529-5332 

THOMAS.  HAL 

CESASPEN-DS 

THOMAS,  SCOTT 

CEMRO-ED 

THOMPSON,  MICHAEL  D. 

CESAM-EN-DG 

205/690-2623 

TRAUGER,  BRENT 

CESAJ-EN-DS 

904/791-2468 

TREST,  JONATHAN  W. 

CELMK-ED-DS 

60i/631-7049 
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TRUMAN,  KEVIN 
TSAI,  CHON 
TSAU,  WEN  S. 

VANDEVELDE,  CHARLES  E. 
VESELKA,  RAYMOND 
VIRA,  KHIM  N. 

WALLACE,  WILLIAM  A. 
WALTON,  BRUCE 
WEHRLEY,  DAVID  R. 
WELLS,  JOY 
WEST,  TERRY  W. 
WESTERFIELD,  ROBIN  C. 
WIGNER,  WILLIAM 
|  WILCOSKI,  JAMES 
WILSON,  KEITH  E. 
WOODSON,  STANLEY  C. 
WOOLWINE,  JOHN  B. 
WRIGHT,  HASKELL 
WRIGHT,  ROY  STEVEN 
WRIGHT,  THOMAS  D. 
WYATT,  GENE  A. 

YEN,  BEN 
YORKE,  LARY  W. 

261  ATTENDEES 
131  SPOUSES 
118  CHILDREN 


WASHINGTON  UNIV. 

OHIO  STATE  UNIV. 

CENCR-ED-DS 

CEORH-ED 

CESWD-ED-TS 

CESAM-EN-DT 

CESWF-ED-DT 

CEMRO-ED 

CENCR-ED-DC 

CEWES-IM-A 

FERC-ARO 

CESWF-ED-DT 

CESAJ-EN-DS 

CECER-EME 

CENCR-ED-DS 

CEWES-SS-R 

CESAW-EN-DS 

CESAW-EN-DS 

CEHND-ED-CS 

CEMRK-ED-DT 

CESAM-EN-DT 

LEHIGH  UNIV 

CELMN-ED-DD 


314/889-6304 

614/292-2440 

309/788-6361 

304/529-5254 

214/767-2357 

205/690-3485 

817-334-3947 

309/788-6361 

601/634-3506 

404/347-4138 

817/334-2030 

904/791-2263 

217/373-6763 

309/788-6361 

601/634-2479 

919/251-4694 

501/324-6489 

205/955-5410 

816/426-5172 

205/690-2648 

504/862-2664 
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STRUCTURAL  ENGINEERING  CONFERENCE 

DIRECTORY  OF  CONFERENCE  ATTENDEES  -  BY  ORGANIZATION 

ORGANIZATION/NAME 

COMMERCIAL  TELEPHONE 

HUNTSVILLE  DIVISION  -  CEHND 

Adib  Farsoun 

(205)  955-5410 

Paul  LaHoud 

(205)  955-5410 

Joseph  Serena 

(205)  955-5410 

R.  Stephen  Wright 

(205)  955-5410 

LOWER  MISSISSIPPI  VALLEY  DIVISION 

-  CELMV 

Victor  Agostinelli 

(601)634-5932 

Terry  Cox 

(601)  636-6766 

Roland  Dubuisson 

(601)634-5919 

Frank  Johnson 

(601)634-5935 

MEMPHIS  DISTRICT  -  CELMM 

Joe  Barber 

(901)544-3898 

Young  Hsu 

(901)  544-3897 

Sidney  Kaufman 

(901)544-3897 

NEW  ORLEANS  DISTRICT  -  CELMN 

Walter  Baumy 

(504)  862-2656 

Darryl  Bonura 

(504)  862-2653 

Gerry  Giroir 

(504)  862-2701 

Carl  Guggenheimer 

(504)  862-2643 

Thomas  Hassenboehler 

(504)  862-2692 

Daniel  Marsalone 

(504)  862-2760 

Alan  Schulz 

(504)  862-2652 

Lary  Yorke 

(504)  862-2664 

ST.  LOUIS  DISTRICT  -  CELMS 

Tamara  Atchley 

(314)  331-8213 

Barry  Fehl 

(314)  331-8229 

Robert  Kelsey 

(314)  331-8232 

James  Mills 

(314) 331-8233 

Thomas  Quigley 

(314)  331-8299 

Rochelle  Ross 

(314) 331-8216 
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Thomas  Ruf 
Richard  Sovar 
David  Spencer 

VICKSBURG  DISTRICT  -  CELMK 

John  Bumworth 
Arvis  Dennis 
Roberta  Rosenthal 
Jonathan  Trest 

MISSOURI  RIVER  DIVISION  -  CEMRD 

Ray  Decker 
Richard  Maskil 
Ervell  Staab 

KANSAS  CITY  DISTRICT  -  CEMRK 

Byron  Bircher 
Morris  Ganaden 
Chris  Glatt 
Kurt  Mitscher 
Helen  Petersen 
Richard  Shanks 
William  Strobach 
Thomas  Wright 

OMAHA  DISTRICT  -  CEMRO 

William  Gaube 
Bruce  Harris 
Steven  Hill 
Tim  Knight 
Eric  Martin 
Donald  Miller 
David  Smith 
Scott  Thomas 
Bruce  Walton 

NEW  ENGIAND  DIVISION  -  CENED 

David  Descoteaux 


(314) 331-8228 
(314)  331-8235 
(314)  331-8220 


(601)631-5553 

(601)631-5547 

(601)631-5574 

(601)631-7049 


(402)  221-7259 
(402)  221-7320 
(402)  221-7322 


(816)  426-5666 
(816)  426-5555 
(816)  426-3235 
(816)  426-5609 
(816)  426-5551 
(81b)  426-5551 
(816)  426-5555 
(816)  426-5172 


(402)  221-4521 
(402)  221-4439 
(402)  221-3176 
(402)  221-4445 
(402)  221-4440 
(402)  221-4431 


(617)647-8586 
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NORTH  ATLANTIC  DIVISION  -  CENAD 

Stacey  Anastos 

BALTIMORE  DISTRICT  -  CENAB 

Peter  Rossbach 

NEW  YORK  DISTRICT  -  CENAN 

Ken  Chin 
Douglas  Pendrell 

NORFOLK  DISTRICT  -  CENAO 

Alexander  (Brad)  Atkins 

PHILADELPHIA  DISTRICT  -  CENAP 

Mark  Chalecki 
Thomas  Heary 

NORTH  CENTRAL  DIVISION  -  CENCD 

Jan  Plachta 
Joe  Schmidt 
Hari  Singh 
Henry  Stewart 

BUFFALO  DISTRICT  -  CENCB 

Oscar  Alcoreza 
Gene  Lenhardt 

CHICAGO  DISTRICT  -  CFNCC 

Gustave  Constante 
Eric  Sampson 

DETROIT  DISTRICT  -  CENCE 

Thomas  Ferguson 
John  Gundstrom 
Guri,  Jashinhani 

ROCK  ISLAND  DISTRICT  -  CENCR 

Richard  Atkinson 
Fred  Joers 


(212)  264-7118 

(301)962-4550 

(212)  264-9065 
(201)656-4132 

(804)441-7705 

(215)  597-4424 
(215)  597-4424 


(312)  353-1650 
(312)  353-7672 
(312)  353-6359 


(716)  879-4167 
(716)  879-4241 


(312)  353-8465 
(312)  353-8465 


(313)  226-6783 
(313)  226-6786 


(309)  788-6361 
(309)  788-6361 
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Carl  Johnson 
Robert  Kelley 
Donald  Logsdon 
Denny  Lundberg 
Dale  Rossmiller 
Wen  Tsau 
David  Wehrley 
Keith  Wilson 


ST.  PAUL  DISTRICT  -  CENCS 

Bruce  Brand 
Gerald  Cohen 
Nathan  Kathir 
Thomas  Sully 

NORTH  PACIFIC  DIVISION  -  CENPD 

Lucien  Mroczkiewicz 
David  Raisanen 
Ralph  Strom 

ALASKA  DISTRICT  -  CENPA 

Paul  Breeding 

PORTLAND  DISTRICT  -  CENPP 

Donald  Chambers 
William  Daugherty 
Raymond  Dewey 
F.  John  Etzel 
Jerome  Maurseth 
Bruce  McCracken 
Jeff  Sedey 

SEATTLE  DISTRICT  -  CENPS 

Gerrett  Johnson 
Wayne  Kutch 
Paul  Noyes 

WALLA  WALLA  DISTRICT  -  CENPW 


Bob  Hollenbeck 
Dana  Knudtson 


(309)  788-6361 
(309)  788-6361 
(309)  788-6361 
(309)788-6361 
(309)788-6361 
(309) 788-6361 
(309)  788-6361 
(309)  788-6361 


(612)  220-0578 
(612)  220-0567 
(612)  220-0569 
(612)  220-0573 


(503)  326-3428 
(503)  326-4916 
(503)  326-7385 


(907)  753-5755 


(503)  326-6903 
(503)  326-6408 
(503)  326-6907 
(503)  326-6908 
(503)  326-6568 
(503)  326-6904 
(503)  326-6907 


(206)  764-3510 
(206)  764-3791 
(206)  764-3791 


(509)  522-6546 
(509)  522-6560 
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OHIO  RIVER  DIVISION  -  CEORD 


Carl  Betterton 

(513)684-3012 

Anjana  Chudgar 

(513)  684-6261 

James  Seals 

(513)  684-3034 

HUNTINGTON  DISTRICT  -  CEORH 

William  Barnes 

(304)  529-5217 

John  Clarkson 

(304)  529-5332 

Rodney  C re  means 

(304)  529-5494 

Michael  Keathley 

(304)  529-5494 

Pedro  Luciano 

(304)  529-5332 

Ray  Navidi 

(304)  529-5202 

Robert  Taylor 

(304)  529-5332 

Charles  Vandevelde 

(304)  529-5254 

LOUISVILLE  DISTRICT  -  CEORL 

Jeff  Bayers 

(502)  582-5784 

Daniel  Beyke 

(502)  582-5783 

Larry  Dalton 

(502)  582-5137 

Eric  Fry 

(502)  582-5784 

Holly  Gittings 

(502)  582-5783 

Joe  Keith 

(502)  582-6007 

Byron  McClellan 

(502)  582-5783 

James  McCoy 

(502)  582-6049 

Veronica  Rife 

(502)  582-5784 

Ralph  Snowberger 

(502)  582-5783 

NASHVILLE  DISTRICT  -  CEORN 

Todd  Boatman 

(615)  736-5617 

Kathryn  Grimes 

(615)  736-7231 

James  Gunners 

(615)  736-5617 

Leslie  Lockett 

(615)736-5024 

Gordon  McClellan 

(615)  736-5023 

PITTSBURGH  DISTRICT  -  CEORP 

John  Gribar 

(412)  644-6821 

Jeanine  Hoey 

(412)  644-4335 

C.  J.  Patel 

(412)  644-6820 

Bruce  Riley 

(412)  644-4065 
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PACIFIC  OCEAN  DIVISION  -  CEPOD 

Roland  Chong 

(808)  438-7039 

Arthur  Shak 

(808)  438-9552 

SOUTH  ATLANTIC  DIVISION  -  CESAD 

Byron  Foster 

(404)  331-6707 

Ken  Griggs 

(404)  331-6695 

CHARLESTON  DISTRICT  -  CESAC 

Richard  Lambert 

(803)  724-4237 

Mark  Nelson 

(803)  724-4136 

JACKSONVILLE  DISTRICT  -  CESAJ 

Don  Carter 

(904)  791-2471 

Don  Cook 

(904)  791-2051 

Jeffery  Couch 

(904)  791-2278 

Vicki  Dinkla 

(904)  791-2252 

Jack  Fross 

(904)  791-2408 

James  Garland 

(904)  642-0708 

Donna  George 

(904)  791-1189 

Martin  Gonzalez 

(904)  791-2408 

Jim  Hawkins 

(904)  791-3298 

Gina  Horn 

(904)  791-3299 

John  Jaeger 

(904)  791-2206 

Aaron  Kelly 

(904)  791-2260 

George  Lockhart 

(904)  791-2472 

Col.  Bruce  Malson 

(904)  791-2241 

Jim  Mangold 

(904)  791-1216 

Chuck  McManus 

(904)  791-2412 

Dr.  Edward  Middleton 

(904)  791-2251 

Steve  Robinson 

(904)  791-2553 

William  Robinson 

(904)  249-5046 

Walter  Clay  Sanders 

(904)  791-2253 

Tony  Santana 

(904)  791-2840 

Beverly  Segars 

(904)  791-2473 

David  Shiver 

(904)  791-2207 

Paul  Stroup 

(904)  791-3296 

Jana  Tanner 

(904)  791-3903 
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Brent  Trauger 
William  Wigner 

MOBILE  DISTRICT  -  CESAM 

Leo  Cain 
Bobby  Felder 
C.  Jackson  Granade 
Monther  Sahawneh 
Michael  Thompson 
Khim  Vira 
Gene  Wyatt 

SAVANNAH  DISTRICT  -  CESAS 

John  Hager 
Kirti  Joshi 
Hal  Thomas 

WIIMINGTON  DISTRICT  -  CESAW 

Christy  Hannan 
John  Woolwine 

SOUTH  PACIFIC  DIVISION  -  CESPD 

Donald  Bergner 
James  Tanouye 

LOS  ANGELES  DISTRICT  -  CESPL 

Clifford  Ford 
JoAnn  McCowan 

SACRAMENTO  DISTRICT  -  CESPK 

John  Dunn 
John  Nickell 
Rick  Poeppelman 
John  Tang 

SAN  FRANCISCO  DISTRICT  -  CESPN 

Kelly  Aasen 
Ed  Hecker 


(904)  791-2468 
(904)791-2263 


(205)  690-3482 
(205)  690-3481 
(205)  690-3686 
(205)  690-2747 
(205)  690.2623 
(205)  690-3485 
(205)  690-2648 


(912)  944-5570 
(912)  944-5568 


(919)  251-4612 
(919)  251-4694 


(415)  705-1458 
(415)  705-1459 


(213)  894-5530 
(213)  894-0935 


(916)  551-2012 
(916)  551-2077 
(916)  551-2084 
(916)  551-2011 


(415)  744-2809 
(415)  744-2809 
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SOUTHWESTERN  DIVISION  -  CESWD 


Joe  Hartman 
Raymond  Veselka 

ALBUQUERQUE  DISTRICT  -  CESWA 

George  Diewald 
Lucy  Ortiz 
Mario  Sarracino 
Ted  Solano 

FORT  WORTH  DISTRICT  -  CESWF 

William  Wallace 
Robin  Westerfield 

GALVESTON  DISTRICT  -  CESWG 

Carl  Mertz 

LITTLE  ROCK  DISTRICT  -  CESWL 

A.  J.  (Tommy)  Papageorge 
Haskell  Wright 

TULSA  DISTRICT  -  CESWT 

Mark  MeVay 

HEADQUARTERS  -  HQUSACE 

Daniel  Chen 
Donald  Dressier 
George  Gibson 
Charles  Gutherlet 
Lucian  Guthrie 
Herbert  Kennon 
Allan  Knoch 
Thomas  Leichi 
John  McPherson 
William  Roper 
Thon.as  Rutheriord 
Frank  Schmid 
Paul  Tan 


(214)  767-2397 
(214)  767-2357 


(505)  766-1595 
(505)  766-1594 
(505)  766-5912 
(505)  766-1596 


(817)  334-3947 
(817)  334-2030 


(409)  766-6386 


(501)  324-5664 
(501)  324-6489 


(918) 581-7225 


(202)  504-4912 
(202)  272-0220 
(202)  272-8670 
(202)  504-4802 
(202)  272-8673 

(202)  272-1436 
(202)  272-0220 

(202)  272-025/ 
(703)  756-5643 

(203)  355-3545 
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WATERWAYS  EXPERIMENT  STATION  - 

CEWES 

CEWES-IM 

Kevin  Abraham 

(601)634-2969 

Cameron  Chasten 

(601)634-3192 

Robeit  Ebeling 

(601)634-3458 

Matt  Hale 

(601)634-3509 

Wayne  Jones 

(601)634-3758 

Donzia  King 

(601)634-2574 

Mary  Ann  Leggett 

(601)634-2724 

Chris  Merrill 

(601)634-3588 

Reed  Mosher 

(601)634-3956 

Tom  Mudd 

(601)634-4383 

Michael  Pace 

(601) '34-2528 

William  Price 

(601)634-3645 

Paul  Senter 

(601)634-3506 

Joy  Wells 

(601)634-3506 

CEWES-SC 

Willie  McDonald 

(601)634-4044 

CEWES-SS 

Tommy  Bevins 

(601)634-3457 

Vincent  Chiarito 

(601)634-2714 

Frank  Dallriva 

(601)634-2758 

Richard  Dove 

(601)634-2883 

Robert  Hall 

(601)634-2567 

Randy  Holmes 

(601)  634-3838 

Wayne  Johnson 

(601)634-3507 

Stanley  Woodson 

(601)  634-2479 

CONSTRUCTION  ENGINEERING  RESEARCH  LABORATORY  -  CECER 

Pamalee  Brady 

(217)  373-7247 

James  Gambill 

(217)  373-6760 

John  Hayes 

(217)  373-7248 

Anthony  Kao 

(217)  398-5486 

David  McKay 

(217)  398-5487 

James  Wilcoski 

(217)  373-6763 
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COLD  REGIONS  RESEARCH  LABORATORY  -  CECRL 

Charles  Korhonen  (603)  646-4438 

BUREAU  OF  RECLAMATION 

David  Dollar  (303)  236-4005 

Larry  Nuss  (303)  236-4009 

FEDERAL  ENERGY  REGULATORY  COMMISSION  -  FERC 

Jerry  Foster  (202)  2 1 9-274 1 

Terry  West  (404)  347-4 1 38 

SOIL  CONSERVATION  SERVICE  -  SCS 

William  Irwin  (215)499-3941 

CIVIL  ENGINEERING  RESEARCH  FOUNDATION 

Jeffery  Deemie  (202)  842-0555 

FLORIDA  ATLANTIC  UNIVERSITY 

Dr.  M.  Arockiasamy 

LEHIGH  UNIVERSITY 

Dr.  Ben  Yen 

OHIO  STATE  UNIVERSITY 

Dr.  James  Papritan 
Dr.  Chon  Tsai 

UNIVERSITY  OF  COLORADO 

Prof.  Victor  Saouna 

WASHINGTON  UNIVERSITY 

Dr.  Kevin  Truman  (314)  889-6304 

BLACK  &  VEATCH 

Ronald  Hollrah 

GOLDBERG  &  SIMPSON 

David  Ratterrnan 
Stephen  Smith 
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LESTER  B.  KNIGHT  &  ASSOC. 

Stephen  Mitchell 

INTERGRAPH 

Lynn  Dabny 
Gary  Gray 
James  Rich 
Gary  Lambert 


(205)  730-2000 
(703)  264-5710 
(205)  730-8793 
(205)730-2000 
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JACKSONVILLE  DISTRICT 
WELCOMES 
THE 

CORPS  OF  ENGINEERS 
TO  THE 

1991 
STRUCTURAL 
ENGINEERING 
CONFERENCE 

REGISTRATION 

>►  > 
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Structural  Steel  Connection  Design  on  Federal  Projects 


by 

David  B.  Ratterman 1  and  Stephen  E.  Smith 2 


Remarks  by  Mr.  Ratterman 

There  is  a  broad  difference  of  opinion  in 
the  United  States  on  the  subject  of  delegated 
or  shared  responsibility  for  connection  design 
on  buildings  with  structural  steel  frames.  This 
difference  of  opinion  exists  in  both  the  engi¬ 
neering  community  and  in  the  construction 
industry.  As  is  true  in  many  facets  of  construc¬ 
tion  practice,  economic  considerations  drive 
this  difference  of  opinion. 

Mr.  Smith  and  1  are  attorneys  in  private  prac¬ 
tice  in  Louisville,  Kentucky.  We  represent  own¬ 
ers,  developers,  general  contractors,  specialty 
contractors,  bonding  companies,  and  other  inter¬ 
ests  in  the  construction  industry.  The  construc¬ 
tion  industry  comprises  about  90  percent  of  our 
practice.  The  American  Institute  of  Steel  Con¬ 
struction  (ASCI)  is  one  of  our  clients. 

We  are  going  to  discuss  the  legal  and  prac¬ 
tical  problems  related  to  the  connection  design 
issue  in  the  context  of  current  Corps  of  Engi¬ 
neers  contract  provisions.  We  will  discuss  the 
AISC  policy  on  this  issue,  what  we  understand 
to  be  the  proposed  Corps  of  Engineers  policy 
on  this  issue,  and  why  we  feel  those  policies  to 
be  in  the  best  interest  of  design  professionals, 
contractors,  project  owners,  and  the  public  in 
general. 

The  American  Institute  of  Steel  Construc¬ 
tion  was  founded  in  the  1920’s  as  a  nonpartisan 
organization  of  engineering  and  construction 
professionals  dedicated  to  safety,  uniformity, 
and  economy  in  the  application  of  steel  con¬ 
struction  in  the  United  States.  In  the  ensuing 
60+  years,  AISC  has  sponsored  broad-ranging 
research  and  educational  programs  related  to 


steel  construction  and  has  published  the  defin¬ 
itive  construction  manuals,  specifications,  and 
codes  on  these  subjects.  I  am  sure  all  of  you 
are  very  familiar  with  the  AISC  Manual  of 
Steel  Construction,  which  is  currently  in  its 
9th  edition,  and  its  more  recently  published 
companion  work,  the  LRFD  Manual. 

From  the  first  edition  of  the  Manual  of  Steel 
Construction  through  the  9th  edition,  AISC’s 
position  on  responsibility  for  connection  de¬ 
sign  has  been  very  clear  and  very  consistent. 
Quality  and  safety  of  the  constructed  project 
must  be  ensured.  The  integrity  of  the  con¬ 
structed  project  can  only  be  maintained  by  the 
engineer  who  has  designed  the  primary  struc¬ 
tural  system.  For  the  purposes  of  this  presenta¬ 
tion  we  will  call  that  person  the  “engineer  of 
record.” 

The  engineer  of  record  can  be  aided  in  con¬ 
nection  design  on  complex  projects  by  input 
from  a  steel  fabricator,  but  the  fabricator  will 
never  be  aware  of  all  factors  considered  by 
the  engineer  of  record  in  the  overall  design 
concept.  For  a  construction  project  to  run 
smoothly,  and  for  safety  to  be  ensured,  the 
limits  of  the  respective  authority  and  responsi¬ 
bility  of  all  parties  involved  in  steel  construc¬ 
tion,  together  with  the  applicable  submittal 
review  procedure,  must  be  established  in  very 
clear  contract  language. 

In  1985  the  Boards  of  Directors  of  the 
American  Institute  of  Steel  Construction  and 
the  American  Society  of  Civil  Engineers  is¬ 
sued  a  joint  “white  paper"  entitled  “Final  Re¬ 
port  and  Recommendation  on  Assignment  of 
Authority  and  Responsibility  for  Design  of 
Steel  Structures.”  That  document  remains  the 


1  General  Counsel,  American  Institute  of  Steel  Construction. 

2  Attorney,  Goldberg  &  Simpson,  P.S.C.,  formerly  District  Counsel,  U  S.  Army  Engineer  District. 
Louisville. 
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official  policy  statement  for  both  organiza¬ 
tions.  In  pertinent  part,  it  reads  as  follows: 

“The  contractual  arrangement  for 
design  that  offers  the  best  control  of 
structural  integrity  is  one  under  which 
the  EOR  has  responsibility  and  author¬ 
ity  for  the  entire  structural  design,  in¬ 
cluding  connections.” 

We  understand  that  the  proposed  Corps  of 
Engineers  guide  specification  will  provide 
that  complex  connections  shall  be  fully  de¬ 
signed  on  the  contract  drawings  and  that  any 
connections  not  fully  designed  on  the  contract 
drawings  must  be  capable  of  development  di¬ 
rectly  from  the  AISC  specification. 

In  adopting  this  approach,  the  Corps  of 
Engineers  is  in  good  company.  Not  only  does 
this  approach  comport  with  the  policy  enunci¬ 
ated  above,  but  it  also  comports  with  the  pol¬ 
icy  of  the  Coalition  of  American  Structural 
Engineers,  the  statutory  guidelines  of  the 
states  of  New  York  and  Florida,  the  Structural 
Engineers  Associations  of  Illinois  and  Califor¬ 
nia,  the  Building  Code  of  Northern  Virginia, 
and  many  other  model  engineering  licensing 
codes  and  state  regulations. 

I  would  like  to  talk  briefly  about  why  this 
position  is  correct  from  a  practical  standpoint 
and  why  its  implementation  is  important  to 
contractors,  designers,  owners,  and  the  public 
in  general. 

Robert  Frost  wrote  that  “good  fences  make 
good  neighbors.”  This  principle  is  never  more 
relevant  than  in  the  area  of  construction  con¬ 
tracts.  It  is  essential  that  all  elements  of  the 
agreement  among  the  parties  involved  in  a 
construction  contract  be  unambiguously  set 
out  in  writing. 

Once  a  problem  develops  on  a  construction 
project  it  is  too  late  to  attempt  to  understand 
the  meaning  of  the  contract  provisions.  All 
too  often  one  Finds  after  a  problem  has  devel¬ 
oped  that  contract  terms  thought  to  provide 
“iron  clad”  protection  are  ambiguous  and 
leave  parties  exposed  to  painful  consequences. 


Nowhere  is  the  potential  harm  which  can 
be  caused  by  ambiguities  in  contract  language 
more  severe  than  in  the  area  of  structural  con¬ 
nection  design.  We  believe  that  many  current 
attempts  to  delegate  or  share  the  responsibil¬ 
ity  for  connection  design,  including  contract 
language  found  in  some  Corps  of  Engineers 
contracts,  create  substantial  ambiguity  be¬ 
cause  they  leave  unclear  exactly  which  party 
bears  responsibility  for  this  critical  element  of 
the  primary  structural  system. 

The  arguments  against  formal  shared  re¬ 
sponsibility  for  connection  design  are  many. 
Time  does  not  permit  us  to  delve  into  each  of 
these  arguments  in  detail  but,  briefly,  I  would 
like  to  list  some  of  the  arguments  against  the 
shared  responsibility  concept: 

•  It  places  “two  cooks  in  the  kitchen.” 

•  It  runs  contrary  to  existing  law  and  estab¬ 
lished  practice. 

•  There  is  a  dearth  of  clear  contract  terms 
existing  in  the  industry  specifically  defin¬ 
ing  the  limits  of  responsibility  of  various 
parties  involved — it  may  be  impossible 
to  adequately  define  these  limits  if 
responsibility  is  truly  to  be  shared. 

•  It  creates  potential  conflicts  of  interest  on 
the  construction  project  and  in  the 
engineering  community. 

•  It  is  a  potential  violation  of  public  works 
statutes  prohibiting  selection  of  design 
professionals  by  competitive  bidding.  In 
particular,  on  Federal  projects,  I  believe 
it  violates  the  so-called  Brooks  Act. 

•  It  is  a  potential  inhibition  to  open 
competition,  ultimately  increasing  the 
cost  of  construction  and  the  price  of  the 
finished  product  to  the  consumer. 

Everyone  in  this  room  is  undoubtedly  fa¬ 
miliar  with  the  Kansas  City  Hyatt  Regency  di¬ 
saster  in  which  a  skywalk  collapsed  and  in 
excess  of  100  individuals  lost  their  lives.  The 
Hyatt  disaster  was  caused  by  a  faulty  connec¬ 
tion  which  was  not  discovered  in  advance  at 
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least  in  part  because  of  a  question  in  the 
minds  of  the  project  team  as  to  who  had  re¬ 
sponsibility  for  connection  design. 

The  administrative  hearing  judge  for  the 
Missouri  Professional  Engineers’  Licensing 
Board  and  the  Court  of  Appeals  of  the  State 
of  Missouri  studied  the  causes  of  this  disaster, 
the  contract  documents,  and  the  underlying 
law  of  Missouri  and  other  jurisdiction  in  great 
detail.  The  opinion  which  discusses  the  legal 
and  technical  issues  involved  in  this  disaster 
exceeds  400  pages  in  length.  In  that  opinion, 
commenting  on  Missouri  law,  the  administra¬ 
tive  hearing  judge  concludes  that: 

“While  the  enginee*-  of  record  may 
properly  delegate  the  work  of  per¬ 
forming  engineering  design  functions, 
he  cannot  delegate  his  responsibility 
for  the  structural  engineering  design 
where  it  concerns  professional  engi¬ 
neering  functions.  This  responsibility 
is  non-delegable.” 

Let’s  talk  about  contractual  responsibility 
on  construction  projects  and  the  practical 
problems  involved  in  trying  to  delegate  de¬ 
sign  functions  to  construction  contractors. 

Figure  1  is  a  “wiring  diagram”  of  a  typical 
construction  project.  The  solid  lines  indicate 
formal  contractual  relationships.  This  is  the 
type  of  wiring  diagram  that  would  have  ex¬ 
isted  on  the  Hyatt  Regency  project  and  that 
exists  on  most  Corps  of  Engineers  projects. 


You  will  note  that  this  diagram  consists  of 
two  distinctly  separate  “branches."  The  right- 
hand  branch  involves  the  design  team,  the  left- 
hand  branch  involves  the  construction  team. 

The  Hyatt  Regency  opinion  discusses  these 
two  separate  teams  in  some  detail.  It  very 
clearly  delineates  the  historical  approach  to 
construction  contracting  in  the  United  States 
and  the  rationale  behind  that  approach.  Under 
that  approach  the  design  process  is  kept  sepa¬ 
rate  by  contract  from  the  construction  process. 

It  can  be  argued  that  economic  forces  may 
cause  the  construction  team  to  be  concerned 
with  economy  and  speed  of  construction 
while  the  engineering  team  should  be  con¬ 
cerned  solely  with  the  quality  of  construction 
and  soundness  of  the  end  project.  Therefore, 
to  remove  economic  pressure  from  the  realm 
of  quality  and  soundness  of  construction, 
each  branch  reports  separately,  directly,  and 
independently  to  the  construction  owner.  To 
intermingle  the  functions  of  these  two  teams 
may  court  disaster.  In  the  logic  of  the  Hyatt 
Regency  decision  and  many  other  legal  com¬ 
mentators,  such  intermingling  may  in  and  of 
itself  violate  professional  licensing  statutes. 

Let  me  now  bring  to  your  attention  some 
typical  contract  language  dealing  with  fabrica¬ 
tor  design  responsibility  found  in  current 
Corps  of  Engineers  construction  contracts. 

At  least  one  Corps  District  has  issued  a 
contract  containing  the  following  language: 

“...connections  ...  shall  be  designed  by 
the  fabricator  and  the  calculations  shall 
be  submitted  with  the  shop  drawing.” 

Example  2  comes  from  another  District: 

“...all  connections  shall  be  designed 
by  the  contractor.. .submit. ..all  calcula¬ 
tions. ..signed  [and  sealed]  by  a  profes¬ 
sional  engineer  licensed  in  the  state  of 

_ .  Review  of  shop  drawing... 

will  not  in  any  way  relieve  the  con¬ 
tractor  from  the  responsibility  for  the 
adequacy  of  the  design  of  the  connec¬ 
tions...” 
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Typical  Corps  of  Engineers  contracts  also 
contain  fairly  standard  provisions  substan¬ 
tially  limiting  the  scope  of  shop  drawing  sub¬ 
mittal  review  to  “general  conformance  with 
contract  terms  only”  and  “not  intended  to  be  a 
complete  check.” 

I  submit  to  you  that  these  clauses,  read  in 
conjunction  with  the  preceding  clauses,  tell 
the  contractor  that  it  has  full  authority  over 
connection  design.  Authority  and  respon¬ 
sibility,  as  you  know,  go  hand  in  hand  and 
cannot  be  separated.  I  believe  the  clauses 
cited  above  take  that  authority  and  responsi¬ 
bility  away  from  the  engineer  of  record  and 
give  it  to  the  steel  fabricator.  I  don’t  think 
that  is  what  you  want,  but  l  believe  that  is 
what  you’ve  got  because  of  language  which 
may  have  inadvertently  found  its  way  into 
some  of  your  structural  steel  specifications. 

The  legal  elements  necessary  for  profes¬ 
sional  design  responsibility  include  a  license 
in  the  state  of  the  project  and  complete  con¬ 
trol  over  design  or  complete  review  of  design 
calculations  performed  by  others.  Under  the 
clauses  cited  above,  the  engineer  of  record 
does  not  meet  either  of  these  two  elements; 
but  the  fabricator  does.  I  would  ask,  rhetori¬ 
cally,  whether  the  fabricator’s  professional  en¬ 
gineer  can  bear  the  design  responsibility  for 
connections  without  exercising  an  equal  de¬ 
gree  of  design  authority?  I  think  not.  I  would 
also  ask  whether  the  engineer  of  record  can 
exercise  design  authority  without  bearing  an 
equal  degree  of  responsibility?  Again,  1  think 
not. 

The  technical  elements  necessary  to  perform 
connection  design  include  knowledge  of  the 
applicable  building  codes,  knowledge  of  the 
overall  design  concept  of  the  project,  loading 
data,  and  knowledge  of  current  industry  prac¬ 
tice,  technology,  and  state-of-the-art  design 
theory. 

I  would  say  to  you,  and  I  believe  most  of 
you  would  agree,  that  even  if  you  filled  this 
large  meeting  room  with  contract  documents, 
you  could  never  include  all  the  elements  of 
practice,  technology,  theory,  and  assumptions 


underlying  the  design  of  a  complex  stri  cture. 
Simply  put,  reasonable  engineering  minds  can 
differ  as  to  the  proper  approach  to  a  complex 
design  problem. 

Let  me  ask  you  two  more  rhetorical  ques¬ 
tions.  Who  bears  the  risk  of  an  ambiguous 
contract  term?  You  do,  the  party  who  drafted 
the  contract.  Who  bears  the  economic  risk  of 
a  professional  difference  of  opinion  related  to 
individual  engineering  office  practice?  You 
bear  that  risk  if  you  are  the  party  without  de¬ 
sign  responsibility. 

In  the  case  of  the  current  Corps  of  Engi¬ 
neers  contract  provisions  which  1  quoted 
above,  this  means  that  you,  the  owner,  the 
Corps  of  Engineers,  the  party  who  drafted  the 
contract,  bear  the  responsibility  and  the  ex¬ 
pense  of  a  professional  difference  of  opinion 
between  your  structural  steel  fabricator  and 
the  A/E  who  prepared  the  overall  structural 
design. 

Under  this  current  contract  language,  the 
fabricator  has  a  right  to  rely  on  its  ability  to 
proceed  with  fabrication  of  any  reasonable 
connection  design  which  complies  with  the 
contract  documents  upon  which  it  based  its 
competitive  bid,  regardless  of  whether  the  en¬ 
gineer  of  record  would  have  designed  the  con¬ 
nection  in  the  same  manner.  If  the  engineer  of 
record  or  the  owner  wants  the  design  changed 
(and  please  don’t  misunderstand  me.  you 
have  the  right  to  require  that  the  design  be 
changed),  then  I  believe  the  fabricator  is  fully 
within  its  rights  to  expect  to  be  paid  to  change 
its  design.  All  of  this  is  above  and  beyond 
the  very  crucial  threshold  questions  of  safety. 
Shouldn't  the  party  who  designed  the  entire 
structure  be  responsible  for  all  of  its  ele¬ 
ments?  Isn’t  that  the  cleanest,  safest,  simplest 
approach? 

The  heart  of  the  problem  is  presented  in 
Figure  2,  another  project  wiring  diagram.  As 
this  diagram  indicates,  traditional  contract 
documents  simply  do  not  deal  effectively  w ith 
the  “unnatural”  relationship  between  a  steel 
fabricator  and  an  engineer  of  record  when  the 
fabricator  is  tasked  with  responsibility  of 
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Figure  2. 

designing  a  critical  element  of  the  primary 
structural  system. 

This  problem  is  doubly  significant  on  Fed¬ 
eral  construction  projects  because,  in  my  esti¬ 
mation,  it  violates  the  provisions  of  the  Brooks 
Act,  40  USC  541-44.  The  Brooks  Act  provides 
in  pertinent  part  that  design  professionals  are 
to  be  prequalified  on  Federal  projects;  they 
are  to  be  screened  by  an  evaluation  board  for 
consideration  on  projects  which  have  been 
specifically  advertised.  Design  professionals 
are  ultimately  to  be  selected  on  the  basis  of 
discussions  and  competitive  negotiations  based 
on  qualifications  alone;  by  Federal  regulation 
price  considerations  are  to  be  specifically  ex¬ 
cluded  from  the  evaluation  board  process. 

When  you  have  a  steel  fabricator  profes¬ 
sionally  responsible  for  the  design  of  connec¬ 
tion  -  on  a  complex  construction  project,  how 
has  that  professional  design  responsibility 
been  awarded?  On  the  basis  of  competitive 
negotiations  and  qualifications?  No.  While 
you  may  have  the  most  highly  qualified  fabri¬ 
cator  in  the  United  States  designing  your  con¬ 
nections,  that  design  service  has  not  been 
awarded  in  accordance  with  the  Brooks  Act 
but,  rather,  has  been  awarded  on  the  basis  of 
the  lowest  competitive  bid. 

The  Brooks  Act,  of  course,  is  a  matter 
which  is  peculiar  to  Federal  construction  con¬ 
tracts.  The  overall  problem  is  the  systematic 


problem  addressed  in  Figure  2,  and  this  prob¬ 
lem  pervades  all  construction  projects. 

The  only  logical  approach  to  preventing  the 
potentially  disastrous  effect  of  contract  ambigu¬ 
ities  on  this  issue  is  to  adopt  what  has  been  the 
traditional  approach  of  the  industry  for  at  least 
the  past  65  years,  the  approach  sanctioned  by 
the  overwhelming  majority  of  professional 
societies  and  licensing  boards  in  the  United 
States  and  the  approach  proposed  by  the 
Corps  of  Engineers — to  vest  full  authority 
and  responsibility  for  connection  design  in  a 
single  entity  which  is  not  a  direct  participant 
in  the  construction  chain-of-command — the 
professional  engineer  of  record  who  serves  as 
an  independent  consultant  to  the  construction 
owner. 

Since  I  know  that  many  of  your  questions 
will  concern  matters  which  are  peculiar  to 
Corps  of  Engineers  policy  and  practice,  I  will 
now  turn  the  presentation  over  to  my  col¬ 
league,  Stephen  E.  Smith,  who  recently  left 
Government  service  after  15  years  of  dealing 
with  Corps  construction  contracts.  In  the  last 
6  years  of  his  service,  Mr.  Smith  served  as 
District  Counsel  for  the  Corps’  Louisville 
District. 


Remarks  by  Mr.  Smith 

Very  soon  after  leaving  the  Government, 
the  problem  with  the  shifting  of  design  re¬ 
sponsibility  from  the  engineer  of  record  to  the 
fabricator  became  a  major  issue  with  our  law 
Firm.  When  the  problem  found  its  way  to  a 
case  involving  a  Corps  of  Engineers  contract, 
my  initial  advice  to  Mr.  Ratterman  and  the  cli¬ 
ent  was  that  the  Corps  did  things  differently 
than  the  private  sector  and  that  the  action 
taken  by  the  Corps  may  have  been  a  matter  of 
national  policy.  After  gaining  a  better  under¬ 
standing  of  the  issue  and  the  facts  of  the  par¬ 
ticular  case  we  were  involved  in,  I  was 
convinced  that  the  personnel  of  the  Corps  sim¬ 
ply  did  not  fully  understand  the  implications 
arising  from  the  shifting  of  design 
responsibility  nor  was  the  action  taken  consis¬ 
tent  throughout  the  county. 
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Over  and  above  any  client-driven  needs  to 
address  this  problem,  my  personal  concern 
was  that  the  Corps  was  allowing  actions  to  be 
taken  within  their  contractual  relationships 
with  their  architects  that  were  clearly  not  in 
the  best  interests  of  the  Government.  As  we 
had  seen  in  several  specific  cases,  it  is  often 
very  difficult  to  discover  that  problems  which 
manifested  themselves  in  delays  in  field  con¬ 
struction  can  be  traced  to  shop  drawing  re¬ 
view  problems  back  at  the  architect’s  office. 

This  problem  is  exacerbated  by  the  basic 
Corps  of  Engineers  structure  with  regard  to 
lines  of  responsibility  between  Construction 
and  Engineering  Divisions.  The  fact  that  the  de¬ 
sign  contract  was  the  province  of  the  Engineer¬ 
ing  Division  and  the  work  is  being  performed 
under  the  supervision  of  the  Construction  Divi¬ 
sion  ensures  that  there  is  less  than  perfect  com¬ 
munication  between  the  divisions.  If  design 
responsibility  problems  manifest  themselves  as 
field  erection  problems,  the  solution  to  the  prob¬ 
lem  will  be  more  difficult  to  achieve  without 
close  communication  between  the  two  elements. 

It  is  still  an  open  question  whether  the  new 
alignment  into  a  Project  Management  Divi¬ 
sion  will  serve  to  end  some  of  the  problems 
which  arise  due  to  the  lack  of  communication 
between  Construction  and  Engineering  Divi¬ 
sions  during  construction.  A  longer  track  re¬ 
cord  is  necessary  before  that  question  can  be 
answered. 

This  is  not  to  say  that  there  is  not  a  cooper¬ 
ative,  informational  exchange  between  the  di¬ 
visions  during  the  construction  process;  only 
that  with  the  separation  of  responsibility  be¬ 
tween  the  elements,  subtle  problems  are  not 
as  easily  recognizable.  The  difficulty  arising 
from  different  funding  sources  for  the  design 
phase  versus  the  construction  phase  has  led  to 
problems  in  many  construction  projects.  Close 
communication  among  all  elements  of  the 
Corps’  team  must  take  place  at  the  design 
stage  to  reduce  problems  which  arise  in  situ¬ 
ations  alluded  to  pre’  ously.  This  communi¬ 
cation  must  continue  through  the  life  of  the 
project  between  those  responsible  for  design 
and  those  responsible  for  construction. 


The  message  I  am  conveying  to  the  Corps 
is  rather  simple:  do  not  allow  problems  under 
your  design  and  construction  contracts  to  arise 
by  accident.  Make  sure  that  you,  individually, 
understand  the  contract  language  and  that  the 
contract  is  clear  and  unambiguous.  Go  to  your 
lawyers  and  ask  for  clarification  if  something 
written  by  an  architect  in  the  specifications  is 
not  clear. 

Mr.  Ratterman  has  conveyed  to  you  the  po¬ 
sition  of  AISC  on  design  responsibility,  and  I 
understand  that  yesterday  you  were  provided 
guidance  by  the  Office  of  the  Chief  of  Engi¬ 
neers  on  this  matter. 

Make  no  mistake  about  it,  the  simplest  and 
best  position  for  the  Corps  to  take  is  that  de¬ 
sign  responsibility  may  not  be  shifted  to  the 
fabricator  by  the  design  engineer.  But  if  by 
some  mechanism,  design  responsibility  has 
been  shifted  to  the  construction  contractor,  in¬ 
telligent  administration  of  the  construction 
contract  will  help  to  reduce  the  Government’s 
exposure. 

Mr.  Ratterman  addressed  the  fact  that 
shifting  design  responsibility  to  the  construc¬ 
tion  contractor  may  be  a  violation  of  the 
Brooks  Act.  When  this  aspect  of  the  problem 
was  first  raised  in  our  office  and  later  at  the 
Chief  of  Engineers’  Office,  I  had  some  reser¬ 
vations  about  that  position.  However,  as  1 
have  evaluated  the  issue  in  more  detail,  1  find 
that  there  may  be  validity  to  the  assertions  bv 
Mr.  Ratterman. 

I  know  that  some  Corps  representatives 
take  the  position  that  there  is  a  certain  amount 
of  design  responsibility  in  every  const- uction 
contract — metal  building  contracts,  for  exam¬ 
ple.  The  question  is  at  what  point  do  you 
cross  the  line  from  an  allowable  degree  of 
contractor  design  to  a  violation  of  the  Brooks 
Act.  The  Brooks  Act  was  ostensibly  passed  in 
an  effort  to  remove  economic  considerations 
from  design  criteria  which  would  in  turn  lead 
to  the  design  of  safer  buildings.  Placing  de¬ 
sign  responsibility  on  the  fabricator  who  is  se¬ 
lected  on  strictly  economic  terms  is  the  very 
scenario  which  the  Brooks  Act  was  meant  to 
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prevent.  I  have  come  to  the  point  in  my  think¬ 
ing  that  I  believe  that  placing  design  respon¬ 
sibility  on  the  fabricator  is  a  violation  of  the 
Brooks  Act. 

In  conclusion,  I  believe  that  the  Corps  is 
wise  in  addressing  the  issue  of  design  respon¬ 


sibility  on  a  national  basis.  I  believe  that  the 
position  enumerated  to  you  yesterday  is  sound, 
and  will  result  in  more  economical  projects  in 
the  future.  We  would  like  now  to  answer  any 
questions  which  you  may  have  on  anything 
which  Mr.  Ratterman  and  I  have  discussed 
this  morning. 
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